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Alan  William  Bowey  1996 To  Gillian. ABSTRACT 
Measured  data  from  five  geotechnical  structures  have  been  back  analysed  to 
determine,  in  each  case,  the  set  of  material  parameters  that  will  permit  a  reasonable 
match  to  the  observed  pre-failure  foundation  response.  Back  analyses  have  been 
performed  using  simple  constitutive  soil  models  (Tresca,  Mohr-Coulomb  and 
modified  Cam  clay)  as  implemented  in  the  finite  element  analysis  package  CRISP90. 
Trial  loading  data  are  available  from: 
1.  The  rapid  loading  to  failure  of  a  soft  clay  soft  foundation  through  a  rigid 
reinforced  concrete  slab. 
2.  The  loading  to  failure  of  a  soft  clay  foundation  via  the  rapid  construction  of 
a  trial  embankment. 
3.  The  long-term  behaviour  of  a  soft  clay  foundation  loaded  via  a  stable  trial 
embankment. 
4.  The  behaviour  of  two  long  span,  flexible  culverts  under  (granular)  backfill 
and  imposed  loads. 
From  comparison  of  the  computed  and  observed  responses  conclusions  have  been 
drawn  which  have  implications  for  the  general  application  of  finite  element  analysis  to 
geotechnical  problems;  parameter  selection  for  numerical  analyses;  and  the  essential 
requirements  of  the  soil  model  for  predicting  soil  behaviour. 
In  chapters  3,4  and  5  the  main  concern  of  analyses  was  to  reproduce  the  observed 
settlements,  lateral  displacements  and  excess  pore  water  pressures  induced  within  the 
soft  clay  foundations.  Analyses  primarily  concentrated  on  the  use  of  the  modified 
Cam  clay  soil  model.  Particularly  in  chapter  3,  the  ability  of  modified  Cam  clay  to 
predict  the  essential  elements  of  the  foundation  behaviour  was  reasonable.  However, 
iii in  chapters  4  and  5  predictions  of  lateral  displacements  and  excess  pore  water 
pressures  were  poor.  More  accurate  estimates  of  the  observed  lateral  displacements 
and  excess  pore  water  pressures  were  obtained  using  empirical  methods  (hand 
calculations).  The  reason  for  the  different  quality  of  lateral  displacements  and  excess 
pore  water  pressure  predictions  is  thought,  mainly,  to  be  due  to  incomplete  saturation 
of  the  soft  clay  at  the  trial  embankment  test  site.  The  influence  of  incomplete 
saturation  is  thought  to  initially  force  a  drained  foundation  response,  which  in  the 
short  term  will  give  rise  to  smaller  lateral  displacements  and  excess  pore  water 
pressures  than  those  predicted  from  fully  undrained  analyses.  In  the  long  term,  ftirther 
improvement  of  embankment  lateral  displacements  and  excess  pore  water  pressures 
may  be  achieved  through  consideration  of  viscosity. 
Accurate  predictions  of  the  observed  surface  settlement  profiles  were  obtained  using 
the  modified  Cam  clay  soil  model  for  each  of  the  soft  clay  studies.  In  each  case,  the 
surface  settlement  profiles  were  found  to  be  signiflcantly  influenced  by  the  selected 
elastic  stiffness.  To  achieve  an  accurate  description  of  the  observed  settlement 
response,  values  of  elastic  stiffness  were  selected  from  consideration  of  the 
anticipated  deformations  and  stress  changes  induced  within  the  foundation.  This 
process  of  parameter  selection  was  found  to  be  more  satisfactory  than  picking  off  the 
required  parameters  one  by  one  from  tests  which  have  been  performed  in  a  traditional 
manner  over  ranges  of  deformation  and  stress  change  which  are  quite  different  from 
those  expected.  Despite  the  accurate  prediction  of  surface  settlements  simultaneous 
prediction  of  settlements,  lateral  displacements  and  excess  pore  water  pressures  was 
not  possible.  The  elements  of  soil  behaviour  thought  necessary  to  be  included  within 
a  numerical  framework  to  allow  simultaneous  prediction  of  settlements,  lateral 
displacements  and  excess  pore  water  pressures  are:  anisotropy;  degree  of  saturation; 
non-linear  elasticity;  and  viscosity. 
In  chapters  8  and  9  the  simple  linear  elastic,  perfectly  plastic  Mohr-Coulomb  soil 
model  has  been  used  to  describe  the  behaviour  of  granular  backfill  surrounding  two 
long  span,  flexible  culverts  under  shallow  cover  conditions.  Compaction  and  imposed 
live  loads  were  modelled.  In  view  of  the  soil  parameters  required  to  provide 
reasonable  predictions  of  the  observed  behaviour,  the  simple  Mohr-Coulomb  soil 
iv model  is  considered  to  be  inappropriate  for  describing  the  culvert/backfill  behaviour. 
From  comparison  of  published  flexible  culvert  case  histories,  the  necessary  elements 
of  soil  behaviour  required  within  a  soil  model  to  predict  the  essential  elements  of 
flexible  culvert  behaviour  (thrusts,  bending  moments  and  displacements)  are  thought 
to  be:  non-linear  elasticity;  a  mean  stress  cap  yield  surface;  and  the  inclusion  of 
hysteresis.  Further  improvements  may  be  achieved  through  improved  modelling  of 
the  flexible  culvert  within  the  finite  element  mesh,  e.  g.,  use  of  curved  beam  elements 
or  multi-noded  isoparametric  elements. 
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1.  Introduction 
Geotechnical  predictions  are  arguably  the  most  important  of  civil  engineering 
predictions.  As  a  result  geotechnical  engineers  are  especially  damned  and  blessed  by 
the  importance  of  their  predictions  (Lambe,  1973).  The  need  for  accurate 
geotechnical  predictions,  driven  by  increasingly  demanding  Employees  requirements, 
has  therefore  challenged  geotechnical  engineers  and  researchers  to  progressively 
improve  their  methods  of  prediction.  Recently  the  increasing  availability  of  digital 
computers  has  encouraged  the  development  of  advanced  numerical  techniques  as 
design  tools,  the  most  publicised  of  which  is  finite  element  analysis.  The  reason.  for 
the  attraction  of  finite  element  analysis  to  geotechnical  engineers  is  that  the  method  is 
versatile,  and  it  has  provided  a  platform  for  constitutive  laws  from  which  accurate 
numerical  predictions  of  field  behaviours;  previously  thought  of  as  intractable  (e.  g. 
plasticity,  visco-plasticity,  soil  dynamics)  have  been  made  (Britto  and  Gunn,  1987). 
Published  literature  contains  a  great  number  of  studies  describing  the  successful 
application  of  finite  element  analysis  to  geotechnical  problems,  a  few  of  which  are 
contained  within  the  references  of  this  thesis. 
As  mentioned  previously,  finite  element  analysis  only  provides  a  platform  from 
which  numerical  predictions  of  soil  behaviour  can  be  made.  The  relationship  between 
the  physical  soil  behaviour  and  predictions  of  this  behaviour  is  bridged  by  the 
constitutive  law  (or  soil  model)  implemented  within  a  finite  element  fiamework.  Over 
the  past  two  decades  the  understanding  of  real  soil  behaviour  has  advanced 
considerably;  consequently  the  race  to  research  and  develop  increasingly  complex  soil 
models  incorporating  higher-levels  of  soil  behaviour,  has  similarly  increased  apace. 
To  date,  many  soil  models  are  extremely  complex  requiring  many  soil  parameters. 
The  demands  of  these  soil  models  typically  go  beyond  the  resources  available  for 
commercial  site  investigations;  as  a  result,  many  of  the  high-level  constitutive  laws 
are  very  rarely  used  outside  research  institutions.  Due  to  resource  constraints 
constitutive  laws  commonly  used  in  geotechnical  engineering  to  describe  monotonic 
I loadings,  are  simple  linear  elastic,  perfectly  plastic  or  elasto-plastic  relationships 
employing  an  associated  flow  rule.  Examples  of  soil  models  frequently  used  in 
practice  which  employ  these  simple  constitutive  laws  are  the  classical  soil  models, 
Tresca  and  Mohr-Coulomb,  and  the  critical  state  soil  models,  Cam  clay  and  modified 
Cam  clay  (Roscoe  and  Schofield,  1963  and  Roscoe  and  Burland,  1968).  These  soil 
models  are  well  documented  in  published  literature  and  are  quite  capable  of  predicting 
well  some  important  aspects  of  soil  behaviour,  e.  g.,  Indraratna,  et  al.  (1992)  and 
Schnaid  et  al.  (1993). 
Irrespective  of  the  level  of  complexity  of  the  constitutive  law  used,  accurate 
predictions  of  soil  behaviour  require  effective  selection  and  use  of  the  adopted  soil 
model.  Essential  features  of  a  soil  model  required  to  provide  accurate  predictions; 
therefore  need  to  be  clearly  understood.  Deficiencies  of  simple  models  and 
consequently  recommendations  to  use  an  alternative,  more  complex  soil  model  are 
also  widely  documented  in  published  literature.  However,  what  is  not  clear,  and  is 
especially  lacking  within  a  commercial  environment,  is information  describing  which 
features  of  soil  behaviour  should  be  present  within  a  soil  model  to  provide.  accurate 
predictions.  Such  a  data  base  should  be  useful  to  practising  geotechnical  engineers 
requiring  an  accurate  but  quick  solution  to  a  particular  problem. 
Further  enhancement  of  the  effectiveness  of  the  chosen  soil  model  can  be  achieved 
through  careful  selection  of  model  parameters.  This  aspect  of  numerical  modelling  is 
fundamental  to  the  accuracy  of  predictions  (Lambe,  1973  and  Gens,  1994).  Despite 
the  recognised  importance  of  parameter  selection,  published  literature  is  deficient  in 
studies  describing  a  framework  of  parameter  selection  for  particular  geotechnical 
problems.  However,  this  weak  link  may  be  a  result  of  limited  soils  data  provided  by 
modem-day  site  investigation  practice. 
In  this  thesis  the  fundamental  themes  associated  with  using  a  constitutive  law  within  a 
finite  element  framework  have  been  ftirther  investigated.  These  themes  (essential 
elements  of  a  soil  model  required  to  provide  accurate  predictions;  and  a  framework  of 
parameter  selection  for  geotechnical  problems)  have  been  investigated  through  back 
analysis  of  trial  loading  data  using  simple  constitutive  laws  incorporated  within  a 
2 finite  element  system  (CRISP90).  Trial  loading  data  were  available  for  four  common 
geotechnical  problems: 
1.  The  loading  to  failure  of  a  soft  clay  foundation  using  a  reinforced  concrete 
slab. 
2.  The  short-term  behaviour  of  a  soft  clay  foundation  loaded  to  failure  under 
embankment  loading. 
3.  The  long-term  (consolidation)  behaviour  of  a  soft  clay  foundation  under 
embankment  loading. 
4.  The  behaviour  of  two  flexible,  long  span  culverts  under  granular  backfill 
and  imposed  loads. 
The  loading  events  are  monotonic  (the  dynamic  effects  associated  with  compaction  of 
the  backfill  around  the  flexible  culverts  were  not  considered).  All  analyses  performed 
are  autopsies  or  type  Cl  predictions  (Lambe,  1973)  of  the  loading  event.  Despite  the 
continuation  of  the  loading  to  failure,  trial  loadings  (1)  and  (2),  the  main  concern  of 
analyses  was  to  reproduce  the  observed  pre-failure  foundation  response.  This  was 
achieved  by  repeatedly  adjusting  the  soil  model  parameters.  Particular  care  was  taken 
to  ensure  the  variation  of  soil  model  parameters  was  justifiable  and  within  the  bounds 
of  available  soil  data.  Using  this  process  of  trial  and  error  optimum  parameter  sets 
were  obtained,  and  hence  a  framework  of  parameter  selection  for  each  loading  event 
suggested.  Conclusions  concerning  the  necessary  features  of  a  soil  model  to  provide 
accurate  predictions  were  obtained  by  comparing  predictions  of  the  loading  event  with 
those  obtained  by  previous  researchers  using  soil  models  (and  finite  element 
programs)  of  differing  complexity  from  those  used  in  this  thesis.  The  finite  element 
program  and  soil  models  (or  tools)  used  in  this  thesis  are  briefly  described  in  chapter 
2. 
3 The  discussion  commences  with  the  trial  loadings  performed  on  soft  clay;  each  is 
considered  in  a  separate  chapter  (chapters  3-5),  the  order  of  which  is  the  same  as  that 
presented  above.  For  each  trial  loading,  simple  constitutive  laws  were  used  to 
describe  the  foundation  response.  The  constitutive  laws  used  were  linear  elastic, 
perfectly  plastic,  Tresca  soil  model,  and  an  elasto-plastic  law,  modified  Cam  clay. 
These  soil  models  were  chosen  because  of  their  frequent  use  in  practice  for  describing 
soft  clay  behaviour.  Conclusions  common  to  each  of  the  soft  clay  studies  are 
summarised  and  briefly  discussed  in  chapter  6. 
The  flexible  culverts  are  introduced  to  the  discussion  in  chapter  7,  which  includes  a 
brief  review  of  flexible  culvert  behaviour  and  methods  of  analysis.  Back  analysis  of 
the  culvert  trial  loading  data  are  described  in  chapters  8  and  9.  Conclusions  arising 
following  back  analysis  of  the  observed  flexible  culvert  behaviour  are  discussed  at  the 
end  of  chapter  9.  The  behaviour  of  the  granular  backfill  was  described  using  a  simple 
linear  elastic,  perfectly  plastic  soil  model  with  the  onset  of  failure  described  by  the 
Mohr-Coulomb  failure  criterion.  A  non-associated  flow  rule  was  employed. 
Conclusions  particular  to  the  themes  investigated  in  this  thesis  are  briefly  discussed 
in  chapter  10.  Additionally,  recommendations  for  future  work  required  to  improve 
numerical  modelling  of  problems  of  soil/structure  interaction,  similar  to  those 
presented  in  this  thesis,  are  also  briefly  discussed  in  chapter  10. 
4 CHAPTER  2 
2.1  Introduction 
In  this  chapter  a  brief  description  of  CRISP  and  the  soil  models  used  in  analyses 
described  in  this  thesis  is  given.  Details  of  CRISP  and  the  constitutive  soil  models 
were  extracted  from  Britto  and  Gunn  (1987),  Chenand  Mizuno,  (1990)  and  Muir 
Wood  (1990).  The  main  elements  of  CRISP  are  described  in  section  2.2.  The 
constitutive  soil  models  used  in  analyses  are  described  in  section  2.3. 
All  analyses  described  within  this  thesis  were  performed  using  the  standard  version  of 
the  finite  element  computer  program  CRISP  (Britto  and  Gunn,  1987).  The  program 
CRISP  (the  acronym  of  which  stands  for  CRItical  State  Program)  was  originally 
developed  at  Cambridge  University  starting  as  far  back  as  1975  (Zytynski,  1976) 
under  the  acronym  of  MZSOL.  Since  then  the  program  has  undergone  many 
modifications  and  improvements  to  arrive  in  its  current  form. 
The  acronym  CRISP  is  a  banner  name  which  represents  a  suite  of  FORTRAN 
programs  which  make  up  the  finite  element  software  package  CRISP.  The  most 
important  of  these  programs  are  the  Geometry  program  and  the  Main  program.  The 
Geometry  program  processes  and  creates  a  store  file  of  all  the  information  describing 
the  finite  element  mesh,  which  is  subsequently  read  by  the  main  program  which 
performs  all  the  numerical  calculations  for  a  given  problem. 
A  number  of  constitutive  relationships  are  available  within  CRISP,  these  include, 
1.  Elastic  (isotropic  and  anisotropic) 
2.  Inhomogenous  elastic  (properties  varying  with  depth) 
3.  Elastic  perfectly  plastic  with  a  yield  criterion  defined  by  either  von  Mises,  Tresca, 
Drucker-Prager  or  Mohr-Coulomb. 
4.  Critical  state  models:  Cam  clay,  modified  Cam  clay  and  the  Schofield  soil  model. 
5 In  this  study  most  use  was  made  of  the  elastic  perfectly  plastic  Tresca  and  Mohr- 
Coulomb  soil  models  and  the  critical  state  modified  Cam  clay  soil  model.  These 
models  are  described  in  further  detail  in  section  2.3. 
Analyses  may  be  undrained,  drained  or  fully  coupled  (Biot)  consolidation  analyses  of 
two  dimensional  plane  strain  or  axisymmetric  (with  axisymmetric  loading)  solid 
bodies.  The  work  described  in  this  thesis  was  simplified  to  two  dimensional  plane 
strain  analyses  using  undrained,  drained  and  consolidation  (coupled 
undrained/drained)  behaviour. 
In  CRISP  there  are  eight  different  element  types,  full  details  of  which  are  not 
presented  here.  For  the  analyses  described  in  this  thesis,  descretisation  of  the 
foundation  soil  was  performed  using  linear  strain  triangular  elements  and  linear  strain 
quadratic  elements.  For  consolidation  analyses  (chapter  5)  the  corresponding 
consolidation  linear  strain  triangular  and  quadratic  elements  (with  displacements  and 
pore  pressure  unknown  at  the  element  comers)  were  used. 
CRISP  allows  elements  to  be  added  or  removed  to  simulate  construction  or 
excavation.  The  implied  loadings  for  both  these  cases  are  automatically  calculated  by 
the  main  program.  This  feature  of  CRISP  was  used  during  the  embankment  and 
flexible  culvert  analyses  (chapters  4,5  and  8)  to  simulate  embankment  construction 
and  backfilling  around  the  culvert. 
2.2  Main  Program 
2.2.1  Effective  stress  approach 
Conventional  finite  element  analyses  of  geotechnical  problems  use  a  total  stress 
approach,  assuming  the  soil  to  be  a  single-phase,  incompressible  material.  This 
approach  significantly  limits  the  scope  of  computational  modelling  of  soils  and  no 
account  can  be  made  of  the  developing  pore  pressures.  CRISP  uses  a  more 
6 fundamental  approach,  assuming  that  the  soil  is  a  two-phase  material  comprising  a 
porous,  compressible  solid  (the  soil  skeleton)  with  the  void  spaces  completely  filled 
with  water.  Taking  separate  account  of  the  soil  skeleton  and  pore  fluid  requires  the 
use  of  effective  stress  methods.  The  effective  stress  law  is  given  in  relation  (2.1). 
a=a  +MU 
where  a  is  the  total  stress;  a'  is  the  total  effective  stress;  u  is  the  pore  water  pressure 
and  m  is  a  vector  indicating  which  stress  terms  participate  in  the  effective  stress 
relation.  For  example,  for  a  two-dimensional  plane  strain  condition; 
(y=[(yx  cry  (jz  rxy  0  O]T  (2.2) 
cy,  =[a,  x  u,  y  Uz  rxy  0  O]T  (2.3) 
and 
m=[l  1100  0]  (2.4) 
The  advantages  of  the  effective  stress  approach  to  modelling  are  that  a  description  of 
the  soil  effective  stress  anywhere  within  the  soil  can  be  obtained,  i.  e.  a  description  of 
stress  states  with  respect  to  the  yield  stress,  and  pore  water  pressure  changes  due  to 
undrained  loading  are  calculated.  Additionally,  this  approach  enables  a  description  of 
the  development  of  deformations  and  pore  pressures  with  time  for  a  consolidation 
analysis.  To  understand  how  CRISP  does  this  first  requires  some  description  of  the 
incremental  effective  stress-strain  relations. 
Suppose  an  element  of  soil  undergoes  an  increment  of  total  stress  change  8a  resulting 
in  a  change  of  pore  pressure  8u  and  incremental  strain  Se.  The  resulting  change  in 
effective  stress  8cy'  can  be  related  to  the  incremental  strains  by  relation  (2.5). 
a'=  We  (2.5) 
7 The  matrix  D'is  (in  three  dimensions)  a  6x6  effective  stress  modulus  matrix  and  may 
describe  either  an  elastic-perfectly  plastic  or  an  elasto-plastic  law. 
Assuming  that  the  volumetric  strain  experienced  by  the  soil  is  due  entirely  to  a  change 
in  volume  of  pore  water,  the  volumetric  strain  experienced  by  the  soil  element,  and 
the  volumetric  strain  experienced  by  the  pore  water  are  given  by  relations  (2.6)  and 
(2.7). 
T88 
Cps=M  ,  (2.6) 
Cpw  =[ 
eo 
m 
T56 
(2.7) 
where  eo  is  the  current  voids  ratio. 
The  change  in  pore  water  pressure,  8u,  is  given  by, 
, 
[(I+e.  )] 
u=K  "L  eo 
j  M'86  (2.8) 
where  Kw  is  the  bulk  modulus  of  the  pore  water,  and  for  undrained  analyses  is 
normally  set  between  50  and  500  times  the  effective  bulk  modulus  Of  the  soil,  R. 
Therefore,  combining  the  incremental  effective  stress-strain  relation  (relation  (2.8) 
and  the  effective  stress  law  (relation  (2.1))  gives 
(I  +  e.  )  T88  D'8s  +  mK,,,, 
[ 
eo 
m,  (2.9) 
Relation  (2.9)  forms  the  basis  of  the  effective  stress  approach  used  by  CRISP.  For 
comparison  the  incremental  constitutive  relation  in  terms  of  total  stress  is  presented  in 
relation  (2.9a). 
a=  We  (2.9a) 
8 where  D  is  (in  three  dimensions)  a  6x6  total  stress  modulus  matrix  and  may  describe 
either  an  elastic  perfectly  plastic  or  an  elasto-plastic  law. 
CRISP  uses  relation  (2.9)  in  the  following  way. 
1.  For  an  undrained  analysis,  material  property  data  required  for  input  into  the  main 
program  must  relate  to  changes  in  effective  stress.  This  leads  to  more  detailed  and 
demanding  testing  procedures  to  obtain  the  appropriate  parameters. 
2.  The  volumetric  stiffness  of  the  pore  water  is  added  separately  to  the  element 
stiffness  matrices  calculated  by  CRISP. 
3.  Following  the  solution  of  the  finite  element  equations  CRISP  calculates  the 
changes  in  effective  stresses  and  pore  water  pressure  separately. 
The  scope  of  computational  modelling  of  soil  using  the  constitutive  soil  models 
implemented  in  CRISP  with  an  effective  stress  approach  is  significantly  widened. 
2.2.1.1  InitiaUln  situ  stress 
The  in  situ  stresses  are  needed  for  non-linear  material  modelling,  e.  g.  modified  Cam 
clay  (or  any  elasto-plastic  soil  model),  since  the  stiffness  matrix  of  a  finite  element 
will  be  dependent  on  the  stress  state  within  the  element.  Clearly,  for  an  effective 
stress  approach  the  in  situ  stress  conditions  must  be  specified  in  terms  of  effective 
stress.  Alternatively,  using  a  total  stress  approach  the  in  situ  stresses  are  specified  in 
terms  of  total  stress  and  no  description  of  pore  pressure  is  given.  The  effective  stress 
approach  also  allows  versatility  in  being  able  to  take  into  account  different  ground 
water  conditions.  In  two  dimensions,  plane  strain,  the  initial  stresses  for  an  effective 
stress  analysis  comprise  the  vertical  effective  stress,  G'Y  the  horizontal 
effective  stress,  a'x  (=C;  'Oý  the  pore  pressure,  u,  and  the  shear  stress  -rxy,  Shear  stress 
, Txy  is  zero. 
9 Many  soils  have  been  deposited  over  areas  of  large  lateral  extent,  and  the 
deformations  that  these  soils  have  experienced  during  and  after  deposition  have  been 
essentially  one-dimensional,  with  little  or  no  possibility  for  a  soil  element  to  have 
moved  or  deformed  laterally.  Hence,  shear  stresses  on  the  vertical  and  horizontal 
planes,  Txy  are  zero.  Principal  stress  directions  are  therefore  vertical  and  horizontal, 
horizontal  stresses  are  equal,  cr'  =U'ý  e  of  page);  x-  X; 
(convention,  y-axis  vertical  (plan 
axis  horizontal  (perpendicular  to  plane  of  page)). 
Determination  of  the  vertical  effective  stress  is  straightforward  and  is  calculated  from 
relation  (2.10). 
CY  I 
Ili  ýCrlli  -Ui  (2.10) 
where  a,  j  is  the  in  situ  total  vertical  stress  and  is  given  by  relation  (2.11). 
cr  =V 
A 
where  y  is  the  bulk  density  of  the  soil  and  y  is  the  depth  within  the  soil  mass  at  which 
the  total  vertical  stress  is  required. 
The  in  situ  pore  water  pressure  is  calculated  using  relation  (2.12),  assuming  a  static 
head  of  water  within  the  soil. 
Ui  ý--  %  (y 
-  yi)  (2.12) 
where  y,,  is  the  unit  weight  of  water;  yj  is  the  depth  to  water  table  from  the  ground 
surface  and  y  is  the  depth  at  which  the  pore  pressure  is  required. 
The  horizontal  in  situ  effective  stresses,  CT'hi  were  calculated  from  the  vertical 
effective  stresses  using  relation  (2.13) 
10 a'hi  =  K.  a',  i 
where  K,,  is  the  coefficient  of  earth  pressure  at  rest. 
Experimental  evidence  does  indicate  that  the  coefficient  of  earth  pressure,  KO,  is 
dependent  on  the  stress  history  or overconsolidation  ratio,  n,  of  the  soil  (Ladd,  1965, 
Schmidt,  1966:  Meyerhof,  1976  and  Muir  Wood,  1990).  Many  methods  have  been 
proposed  to  estimate  KO  (Mayne  and  Kulhawy,  1982;  Muir  Wood,  1990)  researchers 
(Britto  and  Gunn,  1987)  have  found  that  most  of  these  methods  are  not  entirely 
satisfactory,  but  are  dependent  on  the  soil  characteristics. 
The  complexity  of  estimating  an  appropriate  value  of  KO  is  evident  from  Fig  2.1 
which  represents  the  simplified  stress  history  of  a  homogeneous  soil  deposit  with 
horizontal  ground  surface.  Stress  path  OA  represents  virgin  loading  of  the  soil 
(deposition)  and  the  ratio  of  effective  horizontal  to  vertical  effective  stress  is  constant, 
honc 
= 
Konc  (2.14) 
Cr 
vone 
where  K,,,,,  is  the  coefficient  of  earth  pressure  at  rest  and  is  given  by  relation  (2.15) 
Kone 
",  2  1-  siný  (2.15) 
Relation  (2.15)  proposed  by  Jaky  (1948)  is  every  engineer's  favourite.  Mayne  and 
Kulhawy  (1982)  from  examination  of  soil  data  from  over  170  different  sites 
determined  that  relation  (2.15)  was  valid  for  cohesive  soils  but  only  moderately  valid 
for  coliesionless  soils.  This  is  evident  from  Fig  2.2  (Wroth,  1972  and  Ladd,  et  al., 
1977),  which  shows  values  of  Konc  determined  from  triaxial  compression  tests. 
Relation  (2.15)  provides  a  good  approximation  of  the  measured  values  of  K,,,,,  for  the 
clay.  Values  of  Konc  for  the  sand  are  less  well  defined  by  relation  (2.15). 
Consequently,  throughout  , this  study  values  of  K,,  nc 
have  been  estimated  using  relation 
(2.15)  for  the  soft  clay  analyses  reported  in  chapters  3,4  and  5. 
11 Unloading  and  subsequent  reloading  of  the  soil  generally  results  in  a  loop  as  shown  in 
Fig  2.1;  experimental  measurements  during  one-dimensional  unloading  show 
significant  curvature  of  the  effective  stress  path  BC.  Therefore,  the  stress  ratio  a'hIa"v 
is  not  constant,  the  current  value  of  cr'h/cr'v  or  K,,  is  dependent  on  the 
overconsolidation  ratio  or  magnitude  of  unloading.  Wroth  (1975)  suggests  that  if  the 
degree  of  overconsolidation  is  small,  n<2,  then  a  linear  relationship  can  be  assumed 
for  the  unloading  process,  ABC  Fig  2.1,  relation  (2.16). 
Ko  =  nK,,  -(n-1) 
vo  (2.16) 
I+v, 
where  V  is  the  effective  stress  value  of  Poisson's  ratio.  Schmidt  (1966)  determined  a 
simple  expression  from  plotting  Kon,  against  overconsolidation  ratio,  n,  relation 
(2.17). 
Ko  = 
Koncn  a,  (2.17) 
where  a  is  the  rebound  parmneter. 
Schmid  (1966)  proposed  that  parameter  a  was  related  to  the  effective  angle  of  friction, 
ý',  of  the  soil,  (Fig  2.3)  (Schmidt,  1966  and  Mayne  and  Kulhawy,  1982). 
Ko  =  Koncn  (2.18) 
Meyerhof  (1976)  that  the  value  of  a---O.  5,  which  appears  to  be  an  average  of  the  data 
shown  (corresponding  to  ý'=30  degrees)  in  Fig  2.3,  was  reasonable  to  use  for  most 
soils,  giving, 
KO=Koncno-5  (2.19) 
12 As  can  be  seen  from  Fig  2.4(a)  (Muir  Wood  1990)  relation  (2.19)  provides  a  good  fit 
to  the  experimental  observations  of  K,,  obtained  for  Boston  Blue  clay  (Ip=0.15; 
ý'=32.75  degrees)  (Ladd,  1965).  For  comparison  values  of  K,,  are  also  shown 
estimated  using  relation  (2.16)  (Wroth,  1975)  for  values  of  Poissods  ratio,  V=0.2  and 
0.3.  Additionally,  values  of  Ko  determined  using  relation  (2.16)  are  significantly 
influenced  by  the  chosen  value  of  Poisson's  ratio.  It  is  evident  therefore,  that  if  this 
relation  is  going  to  be  used  to  estimate  Y,,,  values  then  values  of  Poisson!  s  ratio  will 
need  to  be  accurately  known.  Very  often  this  is  not  the  case  and  values  of  Poisson!  s 
ratio  are  selected  arbitrarily  or  from  experience.  Values  of  Poisson!  s  ratio  can  be 
determined  from  an  empirical  link  with  plasticity  index,  Ip  (Wroth,  1975)  Fig  2.4(b). 
Values  of  Poisson!  s  ratio  were  estimated  from  one-dimensional  unloading  data  of  a 
number  of  soils.  The  plasticity  index  of  Boston  blue  clay  is  approximately,  Ip=15%, 
from  Fig  2.4(b)  this  gives  a  Poisson's  ratio  of  approximately  0.28.  As  can  be  seen 
from  Fig  2.4(a)  this  significantly  underestimates  the  measured  values  of  K.  using 
relation  (2.16).  A  value  of  Poisson's  ratio,  V=0.22  was  determined  from  experimental 
observations  of  the  Boston  blue  clay,  as  can  be  seen  from  Fig  2.4(a)  using  relation 
(2.16)  and  assuming  a  V=0.22  is  only  accurate  from  an  overconsolidation  range  of 
1:  5  n:  5  4. 
Mayne  and  Kulhawy  (1982)  determined  from  experimental  observations  of  clays  and 
sands  for  overconsolidation  ratios  of  4:  5  n:  5  10  that  variation  of  K,,  with  n  is 
approximately  dependent  on  the  effective  angle  of  friction,  ý',  as  suggested  by 
Schmidt  (1966)  relation  (2.18). 
Therefore,  for  the  soft  clays  studied  here  relation  (2.18)  was  used  to  estimate  K.  as 
far  as  was  possible  given  the  available  data.  In  situations  where  available  data  were 
sparse  (chapter  3)  relation  (2.19)  was  used  in  preference.  Relation  (2.15)  was  used 
throughout  to  determine  K,,,,,. 
Alternatively,  when  using  the  Cam  clay  models  in  situ  stresses  can  be  determined  by 
performing  an  analysis  (using  CRISP)  in  which  a  soil  mass  is  subject  to  the  stress 
history  which  is  believed  to  have  been  applied.  This  approach  is  theoretically 
consistent  with  the  subsequent  analysis  but  suffers  from  the  disadvantage  that 
modified  Cam  clay  is  not  very  successful  in  predicting  values  Of  K,, 
n, 
(Britto  and 
Gunn,  1987).  This  is  also  demonstrated  in  Fig  2.5  (Muir  Wood,  1990)  which  presents 
13 values  of  estimated  using  the  modified  Cam  clay  soil  model  for  various  values  of 
Poisson's  ratio,  V,  and  critical  state  parameter  A  Ic 
;  where  K  and  X  are  the 
slopes  of  the  unload-  reload  and  normal  compression  lines  in  an  oedometer  test.  As 
can  be  seen  from  Fig  2.5  the  modified  Cam  clay  model  tends  to  overestimate  the  value 
of  Kon,  determined  using  relation  (2.15).  Experimental  data  seem  to  support  the 
correctness  of  (2.15). 
2.2.2  Solution  technique 
CRISP  uses  an  incremental  or  tangent  stiffness  approach  when  analysing  non-linear 
problems.  In  CRISP  the  small-displacement,  small  strain  approach  is  used  since  this 
avoids  the  numerical  complexity  of  incorporating  geometric  non-linearity.  For  most 
monotonic  geotechnical  problems  small  displacement  theory  is  usually  satisfactory 
(Carter  et  al.,  1977  and  Britto  and  Gunn,  1987).  The  non-linearity  therefore  arises 
from  material  non-linearity  which  arises  when  the  stress-strain  relation  for  the 
material  is  non-linear,  e.  g.  the  elasto-plastic  models  (section  2.3.3). 
In  order  to  use  the  tangent  stiffness  approach  the  applied  loads  (or  displacements)  are 
divided  into  a  number  of  increments.  For  each  increment  the  stiffness  matrix  of  the 
system  is  based  on  the  stress  state  at  the  beginning  of  the  increment  and  is  assumed  to 
be  constant  throughout  the  increment.  Unlike  more  advanced  finite  element  programs 
e.  g.  ICFEP  (Imperial  College  Finite  Element  Program)  (Potts  and  Gens,  1984)  and 
DIANA  SWANDYNE  II  (Chan,  1988)  no  iteration  is  performed  during  the  increment 
to  ensure  that  the  stress  state  at  the  end  of  the  increment  is  consistent  with  the 
constitutive  model.  As  a  result,  errors  can  accumulate  as  the  CRISP  analysis 
progresses  unless  a  large  number  of  increments  is  used  implying  a  small  load  (or 
displacement)  increase  in  each  increment.  Potts  and  Ganendra  (1991)  have  found  that 
the  tangent  stiffness  approach  is  sensitive  to  increment  size  especially  for  analyses 
involving  normally  consolidated  clay.  Therefore,  throughout  this  study  checks  have 
been  performed  to  ensure  that  the  solution  is  independent  of  increment  size. 
14 2.2.3  Equilibrium  check 
In  the  Main  Program  an  equilibrium  check  has  been  incorporated  to  ensure  that 
equilibrium  is  satisfied  at  the  end  of  each  increment.  In  this  equilibrium  check  the 
stresses  in  the  elements  currently  in  the  mesh  are  integrated  over  the  volume  to 
calculate  the  equivalent  nodal  loads  and  these  are  then  compared  with  external 
loadings  (self-weight  loading  of  the  soil  is  considered  as  part  of  the  external  loading). 
The  difference  is  then  expressed  as  a  percentage  of  the  applied  loading,  relation 
(2.20). 
%error  = 
I(QPL  +  QSW)-  QESI 
(2.20) 
QES 
where  QPL  is  the  sum  of  pressure  loads  applied  along  an  element  boundary;  QSW  is 
the  sum  of  self-weight  or  distributed  loads;  QES  is  the  sum  of  nodal  loads  equivalent 
to  element  stresses  summed  for  all  elements  present  in  the  current  mesh. 
CRISP  attempts  to  correct  any  equilibrium  errors  (or  out-of-balance  loads)  by  adding 
these  to  the  next  load  increment.  Britto  and  Gunn  (1987)  suggest  that  small  load  (or 
displacement)  increments  are  required  in  order  to  ensure  that  the  stresses  calculated  at 
the  end  of  each  increment  are  consistent  with  the  applied  loading. 
For  the  soft  clay  work  equilibrium  error  was  not  typically  a  problem  except  when 
failure  of  the  system  had  occurred  (trial  loadings  to  failure  chapters  3  and  4). 
However,  the  pre-failure  response  of  the  foundation  was  of  most  interest  throughout 
this  study.  Some  large  'blips'  in  the  equilibrium  error  (typically  >20%)  did  occur 
during  the  consolidation  analyses  (chapter  5)  when  the  drainage  conditions  were 
introduced  into  the  analysis,  however,  these  errors  quickly  dissipated  within  a  few 
increments  (usually  less  than  5).  The  equilibrium  error  posed  a  particular  problem  in 
the  culvert  analyses,  particularly  during  the  backfilling  operation.  Therefore,  an 
incremental-iterative  scheme  was  implemented  (Davies  et  al.,  1993)  until  no  residual 
15 nodal  force  was  more  than  a  given  percentage  of  the  maximum  applied  nodal  force. 
In  this  work  the  tolerance  was  set  at  20%. 
2.3  Description  of  soil  models  used 
2.3.1  Introduction 
In  this  section  a  brief  description  of  the  constitutive  soil  models  (tools)  used  in  this 
study  are  described.  Details  of  the  soil  models  have  been  extracted  from  Britto  and 
Gunn  (1987),  Chen  and  Mizuno  (1990)  and  Muir  Wood  (1990). 
The  soil  models  implemented  within  the  standard  version  of  CRISP  are  models  which 
are  commonly  used  for  most  geotechnical  analysis.  Throughout  this  study  most  use 
was  made  of  the  elastic  perfectly  plastic  Tresca  and  Mohr-Coulomb  soil  models  and 
the  elasto-plastic  effective  stress  soil  model,  modified  Cam  clay  (Roscoe  and  Burland, 
1968). 
A  brief  description  of  these  models  and  their  implementation  within  CRISP  is  given 
in  section  2.3.3.  Details  of  the  models  used  have  been  included  within  the  text  to 
provide  the  reader  with  a  reference  of  the  models  (or  tools)  used  from  which  an 
engineering  description  of  the  given  problems  were  obtained.  The  model  text  is  by  no 
means  complete  and  if  a  more  detailed  description  of  these  models  is  required  then 
more  detailed  texts  such  as  Schofield  and  Wroth  (1968),  Chen  and  Mizuno  (1990)  and 
Muir  Wood  (1990)  should  be  sought. 
For  convenience  the  models  have  been  divided  into  two  groups;  elastic  perfectly 
plastic  and  elasto-plastic  (modified  Cam  clay).  The  elastic  perfectly  plastic  models 
are  considered  first. 
Prior  to  the  description  of  the  models  some  discussion  of  flow  rules  is  required  as  the 
soft  clay  and  flexible  culvert  work  employ  differing  concepts. 
16 2.3.2  Postulate  of  normality 
The  models  which  have  been  implemented  within  the  standard  version  of  CRISP 
assume  a  postulate  of  normality.  The  postulate  of  normality  assumes  that  the  plastic 
strain  increment  vector  induced  due  to  an  increment  of  stress,  8cr,  applied  to  a  plastic 
material,  is  normal  to  the  current  yield  locus.  This  implies  that  the  plastic  potential 
function,  g(al,  Cr.  '  a),  for  the  material  is  equal  to  the  yield  function,  f(cy  cy  2'  CY  3)' 
f= 
and  the  plastic  strain  increment  is  given  by  (2.22) 
sp  =8m 
5f 
(2.22)  y  8aii 
where  8m  is  known  as  the  plastic  multiplier  (5m  has  been  used  instead  of  the  more 
commonly  used  8X  to  avoid  confusion  with  the  use  of  X  in  critical  state  soil 
mechanics). 
This  assumption  of  coincident  plastic  potential  and  yield  functions  is  also  known  as 
"associated"  flow.  When  the  plastic  potential  and  yield  function  are  not  equal  the 
flow  rule  is  described  as  "non-associated"  and  the  plastic  strain  increment  is  normal  to 
the  plastic  potential  function,  g(GI2  CT2'  (73)  , 
Fig  2.6(a)  and  (b).  The  plastic  strain 
increment  vector  is  then  given  by  relation  (2.23). 
8g 
c  ijp  =  8m  ý  (2.23) 
8aii 
Investigations  by  Graham,  Noonan  and  Lew  (1983)  on  Winnipeg  clay  have  found 
that  the  plastic  strain  increment  vectors  can  be  assumed  to  be  approximately  normal  to 
the  average  yield  locus.  The  deviation  from  normality  was  found  to  vary  between 
17 ±20  degrees,  but  given  the  uncertainty  from  which  the  average  yield  curve  is  drawn 
these  deviations  were  assumed  to  be  minor. 
For  clays  the  assumption  of  normality  is  reasonable  and  for  most  static  loading 
situations  on  clays  the  postulate  of  normality  will  provide  reasonable  results  (Britto 
and  Gunn,  1987).  However,  the  normality  condition  can  significantly  overestimate 
plastic  strains  when  strain-softening  behaviour  (dilation  or  expansion)  is  occurring 
(Chen  and  Mizuno,  1990)  e.  g.  reloading  of  heavily  overconsolidated  clays. 
For  sands  and  gravels  the  postulate  of  normality  is  not  appropriate  due  to  the  highly 
dilational  nature  of  these  materials.  Poorooshasb  et  al.  (1966)  using  dense  Ottawa 
sand  have  found  that  the  assumption  of  normality,  will  result  in  greater  negative 
plastic  volumetric  strains  (volumetric  expansion  or  dilation)  than  would  actually  be 
observed.  Numerical  predictions  of  the  stress:  strain  response  of  sands  using  elastic- 
plastic  models  (Lade,  1977;  Vermeer,  1984  and  Chen  and  Mizuno,  1990)  are  most 
accurate  assuming  a  non-associate  flow  rule.  Consequently,  analyses  describing 
culvert  behaviour  (chapters  7-9)  required  the  implementation  of  a  non-associated  flow 
rule  (Davies  et  al.,  1993)  to  the  Mohr-Coloumb  soil  model  to  suitably  describe  the 
granular  backfill  behaviour.  Implementation  of  the  non-associated  flow  rule  was  not 
part  of  this  study. 
2.3.3  Elastic  perfectly  plastic  soil  models 
Elastic  perfectly  plastic  soil  models  are  still  successfully  used  in  many  practical 
geotechnical  engineering  problems.  The  concept  of  perfect  plasticity  is  a  much 
simplified  assumption  of  the  complex  plastic  behaviour  of  soils,  and  as  will  be  shown 
in  subsequent  chapters  can  provide  an  accurate  solution  to  some  common  loading 
situations.  The  attraction  of  the  elastic  perfectly  plastic  soil  models,  particularly  in  the 
presence  of  more  rigorous  and  widely  available  elasto-plastic  soil  models,  is  primarily 
simplicity  but  also  due  to  the  fact  that  the  few  material  parameters  that  define  these 
models  can  usually  be  determined  from  standard,  uncomplicated  tests.  The  elastic 
perfectly  plastic  soil  models  used  in  this  study  were  the  Tresca  soil  model  and  the 
Mohr-Coulomb  soil  model,  which  are  fully  defined  by  three  and  four  material 
18 parameters  respectively.  A  comparatively  "simple"  elasto-plastic  model,  e.  g. 
modified  Cam  clay,  requires  five  material  parameters  together  with  a  description  of 
stress  history.  Additionally,  application  of  the  more  simple  elasto-plastic  models  is 
not  necessarily  straightforward. 
Fig  2.7  shows  the  idealisation  known  as  elastic  perfectly  plastic.  The  first  part  of  the 
curve  is  linear  and  isotropic  elastic  until  the  material  yields,  (Y-ayd;  where  ayd  is  the 
yield  stress  of  the  material.  Once  yield  has  occurred  the  material  continues  to  deform 
at  a  constant  yield  stress.  The  material  exhibits  no  strain  hardening.  The  onset  of 
yield  is  defined  by  a  yield  criterion,  classical  descriptions  of  yield  are  given  by  the 
Tresca  and  Mohr-Coulomb  yield  criteria.  Incremental  plastic  strains  8c  are  given  by 
relation  (2.22). 
2.3.3.1  Tresca  yield  criterion 
The  Tresca  model  or  maximum  shear  stress  criterion  dates  back  to  1864  and  was 
originally  proposed  to  describe  a  yield  criterion  for  metals.  The  Tresca  criterion  (or 
maximum  'shear  stress  criterion)  implies  that  metal  yielding  occurs  when  the 
maximum  shear  stress  reaches  a  critical  level.  This  occurs  when  the  principal  stress 
satisfy  relation  (2.24). 
1-cl  =  (2.24) 
or 
cr,  C721 
1(12 
-  a3l 
ý3 
Crl 
I 
m4L2 
2c 
(2.24a) 
cr 
where  -c  is  the  shear  strength  of  the  material  and  c  is  the  yield  stress  of  the  material 
determined  from  the  pure  shear  test  and  a,,,  a2'  a3  may  be  the  major,  minor  or 
19 intermediate  principal  stress.  The  Tresca  model  assumes  that  the  material  is 
frictionless,  ý=O.  O. 
The  three-dimensional  view  of  the  Tresca  yield  criteria  in  principal  stress  space  is 
shown  in  Fig  2.8.  As  can  be  seen  relation  (2.24)  represents  a  prismatic  surface,  the 
cross  section  of  which  is  a  regular  hexagon.  The  prism  is  centred  on  the  hydrostatic 
axis,  the  line  on  which  all  three  principal  stresses  are  equal  (a,  =CT2,  =CT3).  As  already 
noted  the  Tresca  criterion  was  developed  primarily  for  metals,  the  yield  strength  of 
which  is  insensitive  to  the  hydrostatic  pressure.  Hence  the  yield  criterion  involves 
only  differences  of  principal  stresses  and  is  not  dependent  on  the  current  value  of 
mean  stress,  p,  relation  (2.25). 
U2 
p+3+ 
CF3 
(2.25) 
This  limits  the  application  of  the  Tresca  model  to  situations  of  loading  of  fully 
saturated  soil  (clays)  using  a  total  stress  approach.  Typically,  the  Tresca  model  is 
used  in  calculations  of  bearing  capacity  of  soils. 
The  classical  Tresca  model  as  implemented  in  the  standard  version  of  CRISP 
requires  the  specification  of  three,  total  stress  material  parameters,  Young's  modulus, 
Eug  Poisson!  s  ratio,  vul  and  the  undrained  shear  strength,  cu.  The  data  input  format  is 
the  same  for  each  of  the  four  elastic  perfectly  plastic  soil  models  implemented  in 
CRISP  and  therefore  includes  the  parameter  ý,  the  angle  of  internal  friction  of  the 
material,  required  for  the  Drucker-Prager  and  Mohr-Coulomb  soil  models.  The 
Tresca  model  describes  purely  undrained  shearing  and  does  not  include  material 
friction,  therefore  ý  must  be  set  to  zero.  This  also  applies  to  the  von  Mises  soil  model, 
however  this  model  was  not  used  throughout  this  study. 
In  conventional  plane  strain  axes,  t:  s;  where  t=(: 
Fl  _a3 
and  s= 
at  +a3  theTresca 
22 
yield  surface  becomes  a  straight  line  parallel  to  the  mean  total  stress  axis,  s,  located  at 
t=cu2  Fig  2.9.  (Note  that  this  surface  is  both  a  yield  surface  and  failure  surface.  )  For 
20 stress  states,  t<  cuq  the  soil  is  described  as  isotropic  elastic,  the  size  of  this  region  is 
controlled  by  the  undrained  shear  strength,  cu. 
In  undrained  analyses  a  condition  of  constant  volume  is  imposed,  hence  the  total 
stress  undrained  bulk  modulus,  Kuý  must  be  infinite.  This  implies  that  the  soil  is 
incompressible  and  from  relation  (2.26),  the  undrained  Poisson's  ratio,  v,,  =0.5. 
E,, 
K.  =_  (2.26) 
3(1-  2v.  ) 
To  avoid  numerical  problems  caused  by  a  division  by  zero  in  relation  (2.26), 
vU=0.499  is  typically  used  in  analyses.  Elastic  undrained  total  stress  analyses  were 
performed  using  the  Tresca  model  in  chapter  3  to  investigate  the  initial  stiff  elastic 
foundation  response  to  a  trial  loading.  Elastic  behaviour  was  ensured  by  inputting 
very  high  values  of  the  undrained  shear  strength,  cu,  such  that  the  failure  envelope  was 
at  stress  states  far  higher  than  those  produced  by  the  trial  loading.  A  value  of 
cu=50OOkPa  was  found  to  be  appropriate  for  this.  Behaviour  within  the  elastic  region 
is  controlled  through  variation  of  a  single  parameter,  E,  The  model  automatically 
calculates  the  remaining  elastic  parameters  G,,  and  K,,  using  relations  (2.27)  and 
(2.28). 
E. 
(2.27) 
u  2(l  +  vu) 
E,. 
K.  =_  (2.28)(2.26bis) 
3(1-  2v.  ) 
Selection  of  the  elastic  parameter  E,,  is  described  in  detail  in  chapter  3. 
The  implementation  of  the  elastic  perfectly  plastic  models  with  CRISP  allows  a 
linear  variation  with  depth  of  the  Young's  modulus,  E,,,  and  undrained  shear  strength, 
cul  Fig  2.10.  Undrained  parameters  E,,  and  c,.  have  been  used  here  because  it  is  the 
Tresca  model  which  is  being  described,  however  the  drained  parameters  E'  and  c'  can 
also  be  made  to  vary  linearly  with  depth  as  may  be  required  for  the  Mohr-Coulomb  or 
Drucker-Prager  soil  models.  Poisson's  ratio  vu,  is  assumed  to  remain  constant. 
Parameters  me  and  mc,  specified  directly  by  the  user  in  the  input  file,  describe  the  rate 
21 of  increase  of  Young's  modulus  and  undrained  shear  strength  with  depth.  It  is 
recognised  that  Young's  modulus  E,,,  is  dependent  on  the  induced  strain  level  within 
the  soil  and  does  not  exhibit  an  obvious  linear  variation  with  depth  as  does  the 
undrained  shear  strength,  c,,,  (compare  Fig  3.18  and  Fig  3.16).  However,  use  of  this 
method  enables  the  Young's  modulus,  Eu,  to  be  tailored  to  the  assumed  depth  profile 
of  strain  using  a  suitable  relationship.  This  approach  was  most  used  in  chapter  3  to 
describe  the  elastic  stiffness  of  the  clay  foundation. 
2.3.3.2  The  Mohr-Coulomb  yield  criterion 
The  Mohr-Coulomb  criterion  is  the  most  renowned  failure  criterion  in  soil  mechanics. 
This  criterion  was  proposed  solely  for  geotechnical  materials  and  takes  into  account, 
unlike  the  Tresca  or  von  Mises  criteria,  the  effects  of  hydrostatic  pressure  on,  the 
strength.  This  criterion  states  that  if  at  a  point  on  any  plane  within  a  soil  mass  the 
shear  stress  becomes  equal  to  the  shear  strength  of  the  soil  defined  by  relation  (2-29), 
failure  will  occur  at  that  point. 
Tf  =  cr  .f  tan  ýI+c1  (2.29) 
where  -cf  is  the  shear  strength  of  the  soil;  a'f  is  the  effective  stress  at  failure  normal  to 
the  failure  plane  and  c'  and  ý'  are  the  effective  shear  strength  parameters. 
At  failure  the  straight  line  represented  by  relation  (2.27).  For  the  special  case  of 
frictionless  materials  for  which  ý=O,  relation  (2.27)  reduces  to  the  Tresca,  maximum 
shear  stress  criterion,  Tf  =c. 
In  three  dimensional  stress  space  the  Mohr-Colournb  criterion  is  represented  by 
relation  (2.30)  describing  an  irregular  hexagonal  pyramid,  Fig  2.11. 
(a  11  --Cr 
13  )=  siný  I  (Cr  11  +a  13  +2c'cotý  ')  (2.30) 
where  a',  and  a'  3  are  the  major  and  minor  principal  effective  stresses  respectively. 
22 The  Mohr-Coulomb  failure  criterion  can  also  be  represented  in  terms  of  conventional 
plane  strain  axes,  t:  s.  This  plot  represents  any  state  of  stress  as  a  strain  point  and  the 
failure  envelope  is  represented  by  relation  (2.3  1). 
1  1, 
-al,  a'+ 
1  (all  +a13)  tan  cc'  (2.31) 
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where  a'  and  cc'  are  modified  shear  strength  parameters, 
a.  =  tan-I  sin  .)  (2.32) 
and 
a.  =c.  Cos  1  (2.33) 
The  simplicity  of  the  Mohr-Coulomb  criterion  has  led  to  its  wide  use  to  describe 
many  practical  geotechnical  problems.  However,  although  it  is  an  improvement  on 
the  Tresca  yield  criteria  and  enables  an  effective  stress  approach  to  be  adopted  it  is 
still  too  simple  as  an  assumption  of  plasticity,  as  soils  typically  show  evidence  of 
volumetric  yielding  under  isotropic  stress  changes,  where  the  Mohr-Coulomb  soil 
model  suggests  elastic  behaviour. 
Use  of  the  Mohr-Coloumb  model  within  CRISP  requires  the  specification  of  four 
effective  stress  soil  parameters,  Young's  modulus,  E',  Poissons  ratio  V,  and  the 
effective  stress  shear  strength  parameters  c'  and  ý'.  The  Mohr-Coloumb  criterion  is 
best  used  within  CRISP  to  describe,  using  an  effective  stress  approach,  drained  and 
limited  consolidation  analyses.  In  this  study  the  Mohr-Coloumb  criterion  was  most 
used  to  describe  the  behaviour  of  granular  backfill  material  during  the  flexible  culvert 
work,  Chapter  7.  The  criterion  was  also  used  to  describe  the  behaviour  of  granular 
embankments,  chapters  4  and  5,  and  for  comparison  with  the  more  complex  elasto- 
plastic  analyses  using  modified  Cam  clay.  Modified  Cam  clay  was  used  to  describe 
the  long  term  consolidation  behaviour  of  a  soft  clay  foundation  under  embankment 
loading,  chapter  5. 
23 2.3.4  Elasto-plastic  soil  model 
The  elastic  perfectly  plastic  soil  models  described  in  the  previous  section  provide  a 
reasonable  first  approximation  to  soil  behaviour.  It  is  well  known  that  actual  soil 
behaviour  is,  far  more  complex  and  during  the  process  of  increments  of  plastic 
deformation,  the  yield  surface  changes  size,  shape  and  location.  Inclusion  of  these 
aspects  of  soil  plasticity  into  elasto-plastic  soil  models  is  described  using  a  hardening 
rule.  In  their  simplest  form  the  main  difference  between  the  elasto-plastic  and  elastic 
perfectly  plastic  soil  models  is  the  inclusion  of  a  hardening  law. 
There  are  several  types  of  hardening  rules  which  are  used  to'describe  the  growth  of 
subsequent  yield  surfaces  for  strain-hardening  (or  softening)  materials.  The  elasto- 
plastic  model  used,  modified  Cam  clay,  employs  an  isotropic  hardening  rule.  For 
such  a  hardening  rule  the  initial  yield  surface  is  assumed  to  expand  or  contract 
uniformly  without  any  distortion  during  plasticity.  The  isotropic  hardening  rule  is  the 
most  simple  and  is  rarely  used  outwith  simple  monotonic  loading  situations  (Chen  and 
Mizuno,  1990)  such  as  those  described  in  this  thesis.  For  more  complex  models 
hardening  rules  such  as  kinematic  (the  yield  surface  can  translate  as  a  rigid  body  in 
stress  space)  or  mixed  hardening  (a  combination  of  both  isotropic  and  kinematic 
hardening)  are  required. 
The  inclusion  of  a  hardening  rule  requires  some  adjustment  of  the  plastic  strain 
increment  vector,  M.  As  for  the  elastic  perfectly  plastic  materials  the  plastic  strain  U 
increment  is  given  by  relation  (2.34). 
.  af  C?  =8m-  (2.34)(2.22bis) 
u  acry 
where  5m  is  the  plastic  multiplier.  Inclusion  of  a  hardening  rule  forces  8m  to  be  a 
function  of  hardening,  described  as  the  hardening  modulus,  H'. 
5M  Oc 
1 
(2.35) 
H' 
The  hardening  modulus  depends  on  the  stress  and  strain  states  and  loading  history. 
24 Mathematical  formulation  of  the  elasto-Plastic  model  is  more  complex  than  the 
elastic  perfectly  plastic  soils  models,  and  application  of  these  models  to  geotechnical 
engineering  can  also  be  troublesome.  Throughout  this  study  a  single  elasto-plastic 
soil  model  has  been  used,  the  modified  Cam  clay  soil  model.  A  brief  description  of 
this  model  is  given  in  the  next  section. 
2.3.4.1.  Modified  Cam  clay  model 
The  modified  Cam  clay  model  (Roscoe  and  Burland,  1968)  is  an  isotropic,  non-linear 
elastic,  strain-hardening  plastic  model.  This  model  was  developed  at  Cambridge 
University  during  the  1960s  and  the  term  "modified"  was  added  to  distinguish  it  from 
an  earlier  Cam  clay  model  (Roscoe  and  Schofield,  1963),  a  description  of  which  is  not 
given  here. 
The  modified  Cam  clay  yield  locus  and  coincident  plastic  potentials  are  described  by 
ellipses  centred  on  the  effective  mean  stress  axis,  p',  Fig  2.12(a)  relation  (2.36). 
pI  m2 
P'. 
-m2  +11  2  (2.36) 
where  11  is  a  stress  ratio  and  is  equal  to  q/p';  q  is  the  deviator  stress  and  p'  is  the 
current  mean  effective  stress.  Relation  (2.36)  describes  a  set  of  ellipses  all  having  the 
same  shape,  controlled  by  the  shape  parameter  M,  all  passing  through  the  origin,  and 
having  sizes  controlled  by  p',  When  the  soil  is  yielding  the  yield  locus  expands  or 
contracts  isotropically  with  constant  shape. 
Stress  states  within  the  yield  locus  are  described  as  isotropic,  non-linear  elastic,  the 
elastic  stiffness  being  dependent  on  the  mean  effective  stress  p'.  Recoverable  changes 
in  volumetric  strain,  5e  e 
P,  accompany  any  changes  in  mean  effective  stress  p',  relation 
(2.37) 
86  e  =K  -P  (2.37) 
p  VP 
25 Relation  (2.37)  links  changes  in  volumetric  strain,  c',  with  changes  in  the  logarithm 
P 
of  mean  effective  stress  for  elastic  unloading-reloading  of  the  soil  and  implies  a  linear 
relation  in  the  compression  plane,  of  slope  K,  Fig  2.12(c).  In  CRISP  the  elastic 
stiffness  properties  of  stress  states  within  the  yield  locus  are  defined  by  specification 
of  a  single  value  of  r,  for  all  elastic  stress  states. 
Estimates  Of  K  are  typically  obtained  from  one-dimensional  unloading,  oedometer  test 
data.  Unloading  in  an  oedometer  test  is  not  a  constant  stress  ratio  unloading  process 
as  required  by  the  Cam  clay  model.  This  therefore,  leaves  the  selection  of  appropriate 
values  Of  K  open  to  some  interpretation. 
In  the  original  formulation  of  the  Cain  clay  models  it  is  assumed  that  there  are  no 
elastic  shear  strains,  c.  In  terms  of  the  conventional  elastic  parameters  this  means  q 
that  the  shear  modulus  G  is  infinite  which  forces  Poisson's  ratio,  V=-L  It  is  not 
possible  to  implement  this  in  CRISP  or  any  other  displacement  based  finite  element 
program.  Therefore,  to  avoid  numerical  problems,  (division  by  zero),  and  to  achieve 
better  modelling  inside  the  yield  surface,  CRISP  allows  an  extra  elastic  parameter, 
shear  modulus  G  or  Poisson's  ratio  V,  to  be  specified  and  elastic  shear  strains  are 
calculated,  using  relation  (2.3  8),  assuming  a  constant  shear  modulus. 
c  =. 
8q 
q  3G 
(2.38) 
where  5q  is  the  change  in  deviator  stress. 
If  a  constant  value  of  Poisson!  s  ratio  is  assumed  then  the  shear  modulus,  G,  can  be 
deduced  from  the  effective  bulk  modulus,  IC. 
G= 
3K(1-2v') 
(2.39) 
2(l  +  V) 
The  effective  bulk  modulus,  K  is  pressure  dependent  and  is  obtained  by 
differentiating  the  equation  of  the  unload  -  reload  line,  relation  (2.40). 
VP  (2.40) 
K 
26 Then  elastic  shear  strains  are  given  by  (2.4  1). 
Ei  - 
2(1  +  V'ýqr, 
(2.41)  (9(I-2v')vp') 
Use  of  relation  (2.39)  however,  forces  a  link  between  the  shear  modulus  and  mean 
effective  stress  through  (2.40).  It  can  be  shown  that  if  both  G  and  K'  vary  with  mean 
stress,  then  the  soil  is  not  truly  elastic  and  it  is  not  strictly  thermodynamically 
acceptable,  as  there  is  a  possibility  of  work  being  created  or  dissipated  on  supposedly 
elastic  closed  stress  cycles  (Zytynski  et  al.,  1978;  Houlsby,  1985;  Britto  and  Gunn, 
1987).  Theoretically,  it  is  therefore  preferable  to  ensure  a  constant  value  of  shear 
modulus  and  calculate  Poisson's  ratio  using  relation  (2.42). 
3K'-2G 
2G+6K 
(2.42) 
Use  of  a  constant  shear  strength  can  result  in  unrealistically  low  or  negative  values  of 
Poisson's  ratio  occurring  during  the  analysis.  Experimental  evidence  indicates  that  the 
shear  modulus  does  in  fact  vary  with  stress  level.  Typically,  for  static  analyses,  use  of 
a  constant  Poisson's  ratio  and  allowing  the  shear  modulus  to  vary  with  mean  stress 
does  not  introduce  any  significant  error.  Use  of  this  method  is  numerically  more 
convenient  and  Houlsby  (1985)  and  Almeida  et  al.  (1986)  found  that  a  mean  stress 
dependent  shear  modulus  provides  a  better  estimate  of  observed  test  data.  In  view  of 
this,  analyses  described  here  have  been  performed  assuming  a  constant  value  of 
Poisson!  s  ratio  and  a  mean  stress  dependent  shear  modulus. 
When  plastic  deformations  are  occurring  it  is  assumed  that  the  yield  loci  expand  at 
constant  shape,  the  size  being  controlled  by  the  tip  stress  p'o,  and  that  the  expansion  of 
the  yield  loci,  the  hardening  of  the  soil,  is linked  with  the  normal  compression  of  the 
soil,  Fig  2.12(b).  Normal  compression  of  the  soil  assumes  a  linear  relationship,  at 
constant  stress  ratio,  between  specific  volume,  v,  and  the  Logarithm  of  mean  effective 
stress,  relation  (2.43) 
v=v,  -  klnp',,  (2.43) 
27 where  vX  is  a  soil  constant  specifying  the  position  of  the  normal  compression  line  in 
the  compression  plane  p':  v,  Fig  2.12(c).  When  yield  occurs  the  soil  exhibits  a  less 
stiff  response,  the  stiffness  of  which  is  now  controlled  by  X.  The  parameter  X  defines 
the  slope  of  the  normal  compression  line  in  the  compression  plane.  Values  of  X  are 
typically  selected  from  oedometer  normal  compression  data.  One-dimensional  normal 
compression  in  an  oedometer  is  a  constant  stress  ratio  loading  process,  therefore  it  is 
reasonable  to  use  oedometer  data  to  deduce  a  value  of  X  for  use  in  the  Cam  clay 
model. 
The  plastic  compliance  relationships,  describing  plastic  volumetric  and  plastic  shear 
strains,  which  apply  whenever  there  is  a  change  in  the  size  of  the  yield  locus,  are 
given  by; 
P22  ýp'+2ij8q)  (2.44) 
p 
6-(M2 
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2) 
((M 
I 
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ýq 
(2.45) 
Vpo(M2  +Tj  2  112 
The  assumption  of  coincident  yield  loci  and  plastic  potentials,  together  with  the 
assumption  that  the  soil  is  volumetric  hardening,  in  turn  implies  that  the  soil  ends  with 
critical  states  at  the  stress  ratio,  TI=M.  The  critical  state,  point  C  Fig  2.12(a),  is  the 
point  at  which  plastic  shearing  would  continue  indefinitely  without  changes  in  volume 
or  effective  stress. 
cp' 
- 
aq 
-  av 
-0 
(2.46)  &q&q&q 
The  slope  of  the  critical  state  is  defined  in  the  p':  q  plane  by  specification  of  the 
critical  state  parameter  M  (Fig  2.12(a)). 
The  position  of  the  critical  state  line  in  the  compression  plane  v:  Inp'  is  defined  by  the 
parameter,  F(or  e,,  in  terms  of  void  ratio  as  used  in  CRISP)  the  critical  state  void  ratio 
28 at  p'=I,  Fig  2.12(c).  The  critical  state  line  is  parallel  to  the  normal  compression  line 
and  therefore  also  has  slope  X. 
2.3.4.2  Modified  Cam  clay  and  CRISP 
Within  CRISP  the  modified  Cam  clay  model  is  fully  defined  by  the  specification  of 
five  material  parameters,  ic,  X,  V,  ec 
,,, 
M  together  with  a  description  of  stress  history, 
p'O.  Parameters  K  and  X  are  required  to  define  the  slope  of  the  unload  -  reload  and 
normal  compression  lines  in  the  compression  plane  to  relate  changes  of  mean 
effective  stress  to  changes  in  volume.  Parameter  e,,  is  required  to  define  the  position 
of  the  critical  state  line  in  the  compression  plane  but  also  to  calculate  the  current  voids 
ratio,  e,  from  the  known  stress  history  of  the  soil,  relation  (2.47). 
e=  ecs  +  (,  %-  r,  )ln2-,  %Inp'.  +rlý- 
P, 
(2.47) 
1 
-- 
The  position  and  slope  of  the  critical  state  line  in  the  p':  q  plane  is  fully  defined  by 
parameter  M. 
Stress  history  of  the  soil  is  defined  through  specification  of  the  size  of  the  initial  yield 
locus,  p',,.  Stress  history  is  not  a  material  parameter  and  is  specified  with  the  initial 
stress  conditions  which  are  given  in  terms  of  effective  stress. 
Values  of  p',,  are  determined  from  preconsoliclation  stress  data,  using  relation  (2.48) 
2 
p10  -"ý  PIC 
(1 
+  K11  FC2  (2.48) 
11C 
where  p',,  is  the  preconsolidation  mean  effective  stress  and  is  determined  from  relation 
(2.49) 
Pc3  vc  +K.  (Y',,  (2.49) 
29 where  cr've  is  the  vertical  effective  preconsolidation  stress  and  K(,  is  the  coefficient  of 
earth  pressure  (discussed  in  section  2.2). 
Parameter  i1c  is  a  stress  ratio  equal  to', 
TIC  = 
3(l  -  K.  ) 
(2.50) 
1+2KO 
When  using  the  modified  Cam  clay  soil  model  as  currently  implemented  in  CRISP  the 
user  should  exercise  caution,  particularly  if  the  user  is  using  modified  Cam  clay  to 
generate  the  in  situ  stresses  for  problems  of  plane  strain.  Difficulties  arise  because 
CRISP  assumes  that  the  slope  of  the  critical  state  line  in  the  deviator-mean  stress 
(q:  p')  space  is  given  by  the  gradient  M.  This  gradient  is  independent  of  the 
intermediate  stress  (Y'2  and  therefore  the  Lode  angle  0. 
0=  tan` 
Lb  -1  (2.51) 
( 
%f3-- 
1) 
I 
where  b-  (T 
'1 
-(73  (2.52) 
Crl  -  a3 
The  strength  of  a  modified  Cam  clay  soil  changes  according  to  a  three  dimensional 
stress  field  W1.  G'2ý  CF'3).  However,  because  M  is  independent  of  a'2,,  this  forces  the 
angle  of  internal  friction,  ý',  to  be  a  function  of  the  Lode  angle,  0.  Additionally, 
because  the  modified  Cam  clay  soil  model  assumes  associated  plasticity,  0=0  for 
plane  strain  failure  (Potts  and  Gens,  1984)  the  angle  of  internal  friction  is  given  by, 
sin-( 
M) 
(2.53)  ý  v'3-) 
If  ý'=26  degrees  in  triaxial  compression,  modified  Cam  clay  gives  35  degrees  in  plane 
strain  for  an  M=1.0.  Clearly,  this  problem  needs  to  be  understood  by  prospective 
CRISP  users  and  hence  caution  is  require  when  selecting  appropriate  input 
parameters. 
30 Fig  2.1  Typical  path  followed  on  one-dimensional  unloading  and  reloading 
in  (a)  IUI'h:  CT"h  and  (b)  p':  q  effective  stress  planes  (Muir  Wood,  1990). 
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Fig  2.2  Dependence  of  the  coefficient  of  earth  pressure  at  rest  for  normally 
compressed  soil,  Ko,  on  angle  of  shearing  resistance  ý'  (o,  clays;  +  sands) 
(Wroth,  1972;  Ladd,  Foott,  Ishihara,  Schlosser,  Poulos,  1977  and  Muir  Wood,  1990). 
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Fig  2.3  Relationship  between  at-rest  rebound  parameter,  a,  -  and  sin  ý'  for  clays 
and  sands  (Mayne  and  Kulhawy,  1982). 
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31 Fig  2.4(a)  Observations  and  calculations  of  relationship  between  coefficient  of 
earth  pressure  at  rest  K(,  and  overconsolidation  ratio  n  (Ladd,  1965  and  Muir  Wood, 
1990).  5 
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Fig  2.4(b)  Dependence  of  Poisson's  ratio  V  on  plasticity  index  Ip  (Wroth,  1975 
and  Muir  Wood,  1990). 
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Fig  2.5  Dependence  of  the  coefficient  of  earth  pressure  at  rest  for  normally 
compressed  soil,  K,.,,  on  angle  of  shearing  resistance  ý'  according  to  the  Cam 
clay  soil  model  (Muir  Wood,  1990). 
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32 Fig  2.6  (a)  Plastic  strain  increment  vectors  normal  to  family  of  plastic  potential 
curves;  (b)  families  of  plastic  potentials  (--)  and  yield  loci  (-)  (Muir  Wood,  1990). 
qIqI 
8  eqp  I 
sap 
q 
P 
Y46cp 
..,  p,  .16 
pp 
(a)  (b) 
Fig  2.7  Idealisations  of  plastic  behaviour  (Britto  and  Gunn,  1987). 
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-  1' Fig  2.8  Yield  surface  according  to  the  yield  criterion  of  Tresca  (Britto  and  Gunn,  1987). 
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Fig  2.9  Tresca  yield  surface  described  in  the  plane  of  shearing  s:  t. 
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Fig  2.10  Variation  of  Young's  modulus,  E,  and  undrained  shear  strength,  c, 
with  depth  for  non-homogeneous  elastic  soil  model. 
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Fig  2.11  Yield  surface  according  to  the  yield  criterion  of  Mohr-CoulOmb 
(Britto  and  Gunn,  1987). 
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Fig  2.12  (a)  Elliptical  yield  locus  for  Cam  clay  model  in  p':  q  plane;  (b),  (c) 
normal  compression  fine  and  unloading-reloading  fine  in  compression  plane 
(Muir  Wood,  1990). 
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3.  Trial  loading  on  soft  clay 
3.1  Introduction 
This  chapter  is  the  first  of  three  chapters  describing  back  analysis  of  trial  loadings  on 
soft  clay  foundations.  Back  analyses  have  been  performed  using  finite  element 
analysis  and  to  resemble  a  typical  design  procedure  a  simple  numerical  approach  has 
been  adopted  using  established  soil  models  commonly  used  for  geotechnical  analysis. 
In  each  case  the  object  of  the  analyses  was  to  determine  a  set  of  material  parameters 
which  gave  a  reasonable  estimate  of  the  observed  behaviour,,  and  hence  provide  a 
framework  of  parameter  selection  for  similar  loading  situations.  -  Particular  concern 
was  given  to  accurately  reproduce  the  observed  ý  pre-failure  behaviour,  which  is 
important  in  serviceability  limit  state  design. 
This  chapter  is  concerned  with  the  back  analysis  of  observed  data  obtained  from  a  trial 
loading  at  a  soft  clay  site  on  the  Thames  estuary  in  England,  Fig 3.  L  The  loading  was 
performed  in  September  1990  and  was  part  of  a  detailed  investigation  into  the  bearing 
capacity  and  settlement  response  of  the  foundation  for  the  design  of  haulage  routes 
required  to  transverse  the  site.  Design  recommendations  for  the  haulage  routes  were 
made  from  back  analysis  of  the  trial  loading  data.  The  original  back  analysis  study 
(Schnaid,  Wood,  Smith  and  Jubb,  1993)  concentrated  on  the  use  of  a  linear  elastic- 
perfectly  plastic  soil  model  with  a  Tresca  failure  criterion.  Full  details  of  the  trial 
loading  and  ground  conditions  at  the  loading  site  are  described  in  sections  3.2  and  3.3. 
Finite  element  modelling  for  this  present  study  is  described  in  section  3.4. 
In  this  present  study  the  original  design  requirements  have  been  neglected  and  the 
trial  loading  has  been  re-analysed  using  three  simple  soil  models,  isotropic  linear- 
elastic,  linear  elastic-perfectly  plastic  (Tresca)  and  modified  Cam  clay  effective  stress 
soil  model  (Roscoe  and  Burland,  1968).  For  each  soil  model  -a  framework  of 
parameter  selection  has  been  suggested.  Each  is  based  on  available  site  investigation 
and  laboratory  test  data,  however  empirical  and  semi-empirical  methods  are  also 
36 incorporated  within  the  suggested  framework  to  provide  a  check  and/or  a  supplement 
to  spare  or  inaccurate  soil  data. 
The  three  soil  models  mentioned  above  were  used  in  this  study  as  these  are  most 
commonly  used  in  geotechnical  analysis  of  soft  clay  foundations.  The  isotropic  linear 
elastic  and  linear  elastic-perfectly  plastic  soil  models  are  typically  used  in 
serviceability  limit  state  design  where  an  estimation  of  displacements  are  required. 
Pore  water  pressures  are  not  typically  considered  to  be  significant  in  the  working  range 
of  stress.  The  Tresca  soil  model  is  typically  used  to  provide  a  factor  of  safety  on  the 
working  range  of  stresses.  Here  the  Tresca  soil  model  has  been  re-applied  to  the  trial 
loading  to  provide  a  more  systematic  approach  to  parameter  selection  for  use  of  this 
soil  model.  The  trial  loading  has  been  re-analysed  using  the  modified  Cam  clay  soil 
model  to  resemble  a  design  situation  where  a  more  complex  method  of  analysis  is 
required.  Such  a  method  of  analysis  may  be  required  if  the  structure  is  to  be  located  in 
a  sensitive  area,  for  example  a  congested  urban  area,  in  this  case  the  influence  of  the 
structure  on  the  foundation  soil  will  need  to  be  closely  investigated.  Due  to  sparse  site 
investigation  and  laboratory  site  data  parameter  selection  for  this  soil  model  depends 
largely  on  empirical  and  semi-empirical  methods. 
Material  parameters  required  to  describe  the  soil  models  noted  above  are  briefly 
discussed  in  section  3.5.  This  section  is  subdivided  into  three  subsections.  The  results 
of  the  finite  element  analyses  using  these  models  are  presented  and  discussed 
separately  in  section  3.6.  The  main  findings  of  the  analyses  are  compared'and 
discussed  in  section  3.7.  Conclusions  drawn  from  the  analyses  are  presented  in  section 
3.8. 
3.2  Description  of  the  trial  loading 
The  trial  loading  was  performed  on  an  existing  section  of  haulage  road  cut  to  form  an 
isolated  length  of  14m.  The  road  pavement  consisted  of  a  175MM  thick,  5m  wide 
reinforced  concrete  slab  founded  on  a  225mm  thick  compacted  gravel  sub-base.  To 
ensure  no  influence  from  the  adjacent  sections  of  road  a  trench  some  500mm  wide  was 
37 excavated  all  round  the'slab  to  the  base  of  the  gravel  sub-base  and  backfilled  with 
clean  sand. 
The  foundation  response  to  the  loading  was  measured  using  three  piezometers,  seven 
inclinometers,  eight  slip  indicators  and  45  surface  markers.  Vertical  displacements  of 
the  slab,  Fig  3.2(c)  were  measured  using  16  survey  targets  located  around  the 
periphery  of  the  slab.  The  instrumentation  was  placed  predominantly  in  one  transverse 
section  of  the  slab  as  shown  in  Fig  3.2(a)and  (b).  Results  from  the  numerical  analyses 
are  to  be  compared  with  the  measurements  obtained  from  this  instrumented  section. 
Loading  of  the  slab  was  performed  rapidly  by  successively  placing  20kN  concrete 
blocks  in  layers,  Fig  3.3,  until  failure  occurred  at  an  applied  load  of  84kPa,  some  26 
hours  later.  A  total  of  300  concrete  blocks  was  placed  in  four  layers.  Failure  occurred 
by  rotation  of  the  slab  about  the  z-z  axis,  Fig 3.2.  During  failure  some  concrete  blocks 
were  displaced,  destroying  several  surface  markers  and  inclinometers  12,13,14  and  15. 
The  main  results  of  the  load  test  are  presented  in  Figs  3.4-3.9.  The  most  noticeable 
feature  of  the  test  results  is  the  very  stiff  initial  foundation  response  to  the  loading,  Fig 
3.4. 
3.3  Ground  conditions 
The  site  is  located  on  the  post  glacial  marshes  along  the  north  bank  of  the  Thames 
estuary  (Fig  3.1).  Since  the  1950s  the  site  has  been  subject  to  much  industrial 
development.  Site  investigation  work  performed  during  the  initial  development  is 
reported  by  Skempton  and  Henkel  (1953). 
Site  investigations  performed  more  recently  for  the  haulage  routes  and  subsequently 
for  the  trial  loading  determined  that  the  geotechnical  profile  of  the  site,  Fig  3.10,  was 
relatively  uniform  and  consists  of  a  I.  Orn-2.  Orn  thick  surface  desiccated  crust, 
overconsolidated  by  seasonal  variation  of  the  water  table,  underlain  by  soft  normally 
consolidated  clays  with  sand  and  peaty  lenses  to  a  depth  of  about  10m.  These  soft 
soils  are  underlain  by  a  layer  of  Thames  Gravel  (predominantly  flint),  which  in  turn  is 
underlain  by  deposits  of  Thanet  Sand.  The  ground  water  level  was  found  to  vary 
38 across  the  site  between  the  ground  surface  and  the  base  of  the  surface  crust.  The  soil 
properties  are  summarised  in  Fig  3.11-3.19. 
The  site  investigations  performed  for  the  haulage  routes  included  boreholes, 
sampling,  in  situ  vane,  static  cone  penetration,  piezocone  and  seismic  cone  tests. 
Additionally,  oedometer  tests,  undrained  triaxial tests  and  one  drained  triaxial  test  with 
internal  strain  measurement  were  performed  in  the  laboratory  on  undisturbed  samples. 
From  the  site  investigation  and  laboratory  test  data  parameters  required  for  the 
numerical  analyses  have  been  selected.  Over  the  area  in  which  much  of  the  site 
investigation  was  concentrated  the  desiccated  surface  crust  had  been  removed  during 
previous  site  development.  Additionally,  in  areas  where  some  crust  material  still 
remained  the  necessity  to  excavate  inspection  pits  to  search  for  services  prior  to  in  situ 
testing  has  resulted  in  limited  data  for  the  crust  material.  As  a  result  crust  data, 
especially  preconsolidation  and  stiffness  data,  have  been  obtained  from  published 
literature  (Skempton  and  Henkel,  1953;  Marsland  and  Powell,  1977;  Nicholson  and 
Jardine,  1986)  describing  ground  investigations  at  adjacent  sites. 
3.4  Soil  parameters  required  for  analyses 
From  site  investigation  and  laboratory  test  data  material  parameters  required  for  the 
numerical  analyses  have  been  selected.  In  this  section  the  material  parameters  required 
to  describe  the  soil  models  used  in  this  study  and  how  these  parameters  are  selected 
from  available  site  investigation  and  laboratory  test  data  are  discussed. 
This  section  is  divided  into  three  subsections  (3.4.1,3.4.2  and  3.4.3)  within  which 
parameters  required  for  the  isotropic  linear  elastic,  linear  elastic-perfectly  plastic 
(Tresca)  and  elasto-plastic  (modified  Cam  clay)  soil  models  are  discussed. 
3.4.1  Parameters  required  for  the  isotropic  linear  elastic  soil  model 
Isotropic  linear  elastic  analyses  were  performed  using  a  linear  elastic,  perfectly  plastic 
soil  model  with  a  Tresca  failure  criterion.  Elastic  behaviour  was  ensured  in  the  Tresca 
39 model  by  inputting  very  high  values  of  the  undrained  shear  strength,  c,,,  forcing  the 
failure  envelope  to  be  located  at  stress  states  far  higher  than  those  produced  by  the  trial 
loading.  A  value  of  c,,  =50OOkPa  was  found  to  be  appropriate  for  this.  The  Tresca  soil 
model  is  a  frictionless  model  therefore  the  angle  of  internal  friction,  ý,,  is  equal  to  zero. 
Details  of  the  Tresca  soil  model  are  given  in  chapter  2.  Using  this  model  to  perform 
elastic  analyses  requires  the  specification  of  three  material  parameters  (excluding 
undrained  shear  strength  parameters  c,,  and  ý,  ).  These  parameters  are  Young's 
modulus,  Euý  Poisson's  ratio  vu  and  the  unit  weight  of  the  soil,  y,  ,  Undrained,  total 
stress  analyses  were  performed  therefore  parameters  Eu  and  vu  are  in  terms  of  total 
stress. 
Values  of  y,  (unit  weight  of  the  soil)  were  estimated  from  available  laboratory  test 
data,  Fig  3.13.  In  analyses  the  foundation  was  divided  into  layers  (see  section  3.5)  and 
from  available  y,  data  an  average  value  was  assigned  to  each  layer. 
As  previously  noted  in  chapter  2,  in  undrained  total  stress  analyses  Poisson's  ratio  is 
equal  to  0.5  to  produce  a  constant  volume  response.  However,  directly  inputting 
vU=0.5  results  in  numerical  problems  (division  by  zero  in  relation  (2.26).  To  avoid  this 
a  Poisson's  ratio  of  0.499  was  used.  Behaviour  within  the  elastic  region  is  controlled 
through  variation  of  a  single  parameter,  Eu.  The  model  automatically  calculates  the 
remaining  elastic  parameters  bulk  shear  modulus,  G,  and  the  bulk  modulus,  Ku  using 
relations  (2.27)  and  (2.28). 
Estimates  of  the  stiffness  of  the  soft  clay,  presented  in  terms  of  shear  modulus,  G,  Fig 
3.18(a),  have  been  estimated  from  conventional  undrained  unconsolidation  (UU)  tests 
and  a  single  isotropically  overconsolidated  undrained  triaxial  test  (CIU)  with  internal 
strain  measurement,  Fig  3.18(b).  Stiffness  has  been  presented  in  terms  of  shear 
modulus,  G,  because  the  value  of  G  is  not  affected  by  the  drainage  conditions  (either 
drained  or  undrained)  of  the  test.  For  comparison  values  of  shear  modulus  obtained 
using  the  seismic  cone  penetrometer  are  also  shown  in  Fig  3.18(a).  The  value  of 
stiffness  obtained  from  internal  strain  measurement  in  the  laboratory,  at  shear  strains 
of  0.01-0.1%,  is  some  seven  times  greater  than  that  estimated  from  conventional 
triaxial  test  stiffness  measurement  (external  strain  measurement)  at  shear  strains 
cq>0.5%,  Fig  3.18(b).  Internally  measured  strains  provide  a  better  measure  of  soil 
stiffness  by  removing  errors  arising  from  equipment  compliance  and  sample  end 
40 effects  (Clayton  and  Khatrush,  1986).  The  depth  profile  of  the  ratio  of  tangent  shear 
modulus,  obtained  from  conventional  (external  strain  measurement)  triaxial  testing,  to 
the  in  situ  mean  effective  stress,  G/p'j,  is  shown  in  Fig  3.19.  Values  of  p'!  were 
estimated  assuming  a  water  table  depth  of  0.5m  below  the  ground  surface.  An 
alternative  form  of  normalising  the  shear  modulus  is  to  use  the  undrained  shear 
strength,  c,  However  this  form  of  normalisation  is  not  entirely  satisfactory  as  the 
undrained  shear  strength  is  known  to  be  influenced  by  the  type  and  rate  of  testing 
(Jardine  et  al.,  1986  and  Smith  et  al.,  1992).  Additionally,  in  this  study  the  actual 
depth  to  the  water  table  is  not  accurately  known,  -  consequently  normalising  G  with 
respect  to  p'i  may  also  be  ambiguous. 
Internal  strain  measurement  at  0.0  1  %-0.1  %  strain  gives  a  G/p'!  =  145  or  alternatively  a 
G/cu=190.  These  normalised  stiffnesses,  inferred  from  the  single  CIU  test,  are  smaller 
than  values  determined  from  high  quality  triaxial  tests  incorporating  low  strain 
stiffness  measurement  performed  on  Bothkennar  soft  clay,  G/p'i=200-400  and 
G/c 
U  =500-800  (Smith  et  al.,  1992  and  Nash  et  al.,  1992).  This  may  be  attributed  to  the 
greater  care  taken  for  testing  on  the  Bothkennar  tests  rather  than  any  significant 
difference  in  the  geotechnical  properties  of  the  two  sites.  Bothkermar  is  a  soft  clay 
research  site  and  consequently  testing  was  free  of  the  rigorous  commercial  constraints 
which  were  imposed  on  testing  during  the  trial  loading.  The  greater  accuracy  of 
testing  performed  on  the  Bothkennar  soft  clay  is  evident  from  Fig  3.20,  which  shows 
the  secant  shear  modulus  for  the  trial  loading  and  Bothkennar  sites,  obtained  from  low 
strain  measurement  triaxial  testing,  normalised  with  respect  to  the  in  situ  effective 
mean  stress,  G/p'j  and  plotted  against  the  triaxial  axial  strain  (which  is  identical  to 
triaxial  shear  strain  in  undrained  tests).  As  can  be  seen  from  Fig  3.20  there  is  a 
significant  amount  of  scatter  of  G/p'j  ratios  for  the  trial  loading  soft  clay. 
Additionally,  reliable  data  are  only  available  from  internal  strain  measurement  for 
shear  strains  greater  than  about  0.05%  for  the  trial  loading  soft  clay.  Bothkennar 
testing  has  a  lower  strain  resolution  of  approximately  0.005%  and  displays  a  smooth 
distribution  of  G/p',  values,  suggesting  greater  accuracy  of  testing. 
Initial  estimates  of  stiffness,  Eu)  for  the  elastic  analyses  were  obtained  from  the  results 
of  the  conventional  triaxial  tests.  However,  as  shall  be  discussed  in  section  3.5  a  more 
41 accurate  representation  of  the  initial  behaviour  was  obtained  using  E,,  values  of  similar 
magnitude  to  those  inferred  from  the  CIU  test  performed  with  internal  strain 
measurement. 
3.4.2  Parameters  required  for  the  linear  elastic,  perfectly  plastic,  (Tresca)  soil 
model 
Linear  elastic,  perfectly  plastic  (Tresca)  analyses  were  performed  to  resemble  a  design 
which  requires  a  consideration  of  plasticity  (irrecoverable  deformations)  and  an 
estimation  of  the  factor  of  safety  against  failure.  Such  a  check  may  be  incorporated 
into  the  design  of  a  foundati6n  which  may  be  subject  to  occasional  loading  outwith  the 
normal  working  range  of  working  loads.  Use  of  this  model  is  typically  associated  with 
situations  where  the  main  concern  of  analyses  is  vertical  displacements. 
In  CRISP  the  linear  elastic,  perfectly  plastic  Tresca  soil  model  requires  the  selection 
of  four  material  parameters,  E,,,  v,,,  c,,  and  y,  where  symbols  have  the  same  meaning  as 
described  previously  in  section  3.4.1.  As  for  the  elastic  analyses  undrained  total  stress 
analyses  have  been  performed  therefore,  as  described  previously,  vu=0.499.  Values  of 
y,  for  the  foundation  layers  were  selected  as  discussed  previously  in  section  3.4.1.  The 
value  of  y,  was  unchanged  throughout  these  studies.  Analyses  therefore  only  requires 
the  selection  of  two  parameters:  Young's  modulus,  E,,,  is  required  to  describe  the 
stiffness  properties  of  stress  states  within  the  yield  locus  and  the  undrained  shear 
strength,  cuý  is  required  to  define  the  location  of  the  yield/failure  locus.  In  elastic, 
perfectly  plastic  soil  models  the  yield  and  failure  loci  are  coincident. 
Values  of  elastic  stiffness,  Euý  were  selected  from  manipulation  of  available  stiffness 
data  and  reference  to  empirical  methods  (see  section  3.6). 
Values  of  the  undrained  shear  strength,  c,,,  have  been  estimated  from  in  situ  vane, 
static  cone  penetrometer,  piezocone  and  triaxial  tests.  Values  of  undrained  shear 
strength  obtained  from  these  tests  are  shown  in  Fig  3.16.  Also  shown  in  Fig  3.16  are 
the  values  of  undrained  shear  strength  obtained  by  Skempton  and  Henkel  (1953)  using 
the  in  situ  vane  test  and  triaxial  test. 
42 In  situ  vane  undrained  shear  strengths  have  been  adjusted  to  exclude  the  effects  of 
testing  rate  and  anisotropy  and  ageing  effects  using  a  correction  factor  g  empirically 
related  to  the  plasticity  index,  Ip  (Bjerrurn,  1973). 
The  undrained  shear  strength  has  also  been  estimated  from  manipulation  of  static 
cone  penetrometer  and  piezocone  test  data.  Three  static  cone  penetration  tests  were 
performed  at  the  load  test  site  and  a  full  description  of  the  foundation,  including  the 
crust  was  obtained  at  each  test  location.  Three  piezocone  tests  were  performed  at 
locations  distant  from  the  load  test  site. 
Using  static  cone  penetration  test  data  values  of  the  undrained  strength  can  be 
estimated  from  relation  (3.1), 
Cu  --,: 
qc  -  crv 
Nk 
Where  (q.  -aj  is  the  nett  cone  resistance  for  the  cone  penetrometer;  q,  is  the  measured 
cone  tip  resistance,  a,  is  the  total  vertical  stress  (in  situ  overburden  pressure)  and  Nk  is 
the  cone  factor. 
Similarly,  values  of  c,,  can  be  estimated  from  piezocone  data  using  relation  (3.2), 
CU  = 
q,  a,,  (3.2) 
Nkt 
Where  (qt7a,  )  is  the  nett  cone  resistance  for  the  piezocone;  qt  is  the  corrected  cone 
resistance  such  that  qt=q,  -Xu;  u  is  the  water  pressure  that  acts  on  the  shoulder  of  the 
cone  tip  at  its  joint  within  the  sleeve  and  X  is  an  area  correction  factor  equal  to  the  ratio 
of  the  area  of  the  groove  behind  the  cone  head,  Ag.  to  the  projected  base  area  of  the 
cone,  Ac.  Typically,,  %  is  in  the  range  of  0.15-0.25;  Nkt  is  the  piezocone  factor. 
The  cone  factors  Nk  and  Nkt  are  estimated  by  plotting  the  nett  cone  resistance  (q,  -cr,  ) 
and(qt7a,  )  against  the  corrected  in  situ  shear  vane  undrained  shear  strength,  Figs  3.21 
and  3.22. 
The  gradients  of  the  best  fit  lines  passing  through  the  origin,  determined  using  linear 
regression,  give  estimates  of  Nk  and  Nkt  of  15  and  II  respectively.  The  spread  of  nett 
cone  resistance  data,  from  which  Nk  is  estimated,  is  wide  leaving  room  to  interpretate 
an  appropriate  value  of  Nk.  The  spread  of  data  shown  in  Fig  3.21  gives  a  range  of  Nk 
43 of  8-35.  The  large  range  of  Nk  values  may  be  attributed  to  the  wide  range  of  plasticity 
index,  Ip,  Fig  3.12.  Data  presented  by  Lunne  and  Kleven  (1981)  show  that  for 
normally  consolidated  marine  clays  using  corrected  field  vane  strengths  the  cone  factor 
Nk  ranges  between  11  and  19,  with  an  average  of  15.  O'Riordan  et  al  (1982)  report  an 
Nk  range  of  12  to  18  for  three  soft  clay  sites  in  Northern  Ireland.  Robertson  and 
Campanella  (1983)  suggest  the  use  of  Nk  equal  to  15  for  soft  normally  consolidated 
clays.  For  sensitive  clays  the  value  of  Nk  should  be  reduced  to  10  or  less  depending 
on  the  degree  of  sensitivity.  The  soft  clay  at  this  site  has  a  sensitivity,  St,  typically  less 
than  5;  however,  some  thin  layers  of  silty  clay  were  found  at  approximately  9m  depth 
to  have  a  sensitivity  of  5-7  (Skempton  and  Henkel,  1953).  It  was  thought  that  these 
sensitive  layers  were  sufficiently  remote  so  as  not  to  influence  the  foundation 
behaviour.  In  view  of  the  reviewed  data  for  similar  soft  clay  sites,  a  value  of  Nk  equal 
to  15  was  adopted  for  this  study  and  as  can  be  seen  from'Fig  3.21  an  Nk  equal  to  15 
provides  a  reasonable  fit  to  the  qc:  c,,  data. 
Some  check  on  the  estimated  value  of  Nkt  can  be  made  using  relation  (3.3)  (Mayne, 
1992)  assuming  that  the  spherical  cavity  expansion  theory  of  Vesic  (1977)  applies  to 
the  penetration  of  the  cone  tip. 
Nki 
=4  (In  Ir  +  1)  + 
7c 
+1  (3.3) 
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where  Ir  (=G/c,,  )  is  the  rigidity  index  and  G  is  the  shear  modulus  of  the  soil. 
As  described  previously  the  value  of  shear  modulus  is  dependent  on  the  magnitude  of 
strain  induced  during  testing.  This  is  evident  from  Fig  3.18,  as  shear  moduli  estimated 
from  seismic  cone  test,  measured  at  strains  of  approximately  0.001%  (Smith  et  al., 
1992)  are  approximately  2.5  and  8  times  larger  than  those  measured  from  triaxial 
testing  with  internal  and  external  strain  measurement  respectively.  As  a  result,  the 
rigidity  index,  I,  will  also  be  sensitive  to  the  magnitude  of  strain  over  which  the  shear 
modulus  is  measured.  Vesic  (1977)  does  not  give  any  indication  as  to  the  appropriate 
level  of  strain  the  shear  modulus  should  be  measured  for  use  in  relation  (33).  Values 
of  Nkt  determined  from  relation  (3.3)  and  using  values  of  G  obtained  from  triaxial 
44 testing  (with  internal  and  external  strain  measurement)  and  seismic'cone  tests  are 
presented  in  Table  3.1. 
As  can  be  seen  from  Table  3.1  the  value  of  Nkt  is  influenced  by  the  magnitude  of 
strain  at  which  the  shear  modulus  is  measured.  Values  of  Nkt  estimated  using  values  of 
shear  modulus  obtained  from  the  seismic  cone  tests  are  slightly  larger  than  that 
obtained  from  Fig  3.22.  Conversely  values  of  Nkt  estimated  from  values  of  shear 
modulus  estimated  from  triaxial  testing  at  strains  of  0.5-1.0%  (external  strain 
measurement)  are  typically  Jower  than  that  estimated  from  Fig  3.22.  The  value  of  Nkt 
estimated  from  the  single  value  of  shear  modulus  obtained  from  the  triaxial  test  with 
internal  strain  measurement  agrees  with  that  estimated  previously  from  Fig  3.22,  and 
provides  a  reasonable  average  of  Table  3.1  values. 
The  ratio  of  the  nett  piezocone  resistance  and  the  uncorrected  vane  strength,  Nkt, 
measured  at  an  experimental  soft  clay  site  at  Bothkennar  gives  a  range  of  12-14  (Nash 
et  al.,  1992).  Using  corrected  vane  strengths  (Bjerrum,  1973)  this  range  is  increased  to 
14-19.  The  difference  between  "corrected"  Nkt  ratios  for  the  two  sites  can  be 
attributed  to  the  larger  undrained  shear  strength  and  lower  organic  content  of  the 
Bothkennar  clay.  In  view  of  the  available  data  a  value  of  Nkt  equal  to  II  was  adopted 
for  this  study. 
Undrained  shear  strengths  obtained  from  the  undrained  unconsolidated  (UU)  triaxial 
tests  are  generally  lower  than  those  obtained  from  the  vane  tests.  This  is  particularly 
evident  at  7-11  m  depth  and  may  be  due  to  the  higher  sensitivity  of  the  soft  clay  within 
this  depth  range  (Schnaid  et  al.,  1993). 
No  significant  difference  exists  between  the  results  of  the  triaxial  and  vane  tests 
reported  by  Skempton  and  Henkel  (1953)  throughout  the  foundation  depth.  The 
reason  for  this  is  unclear. 
An  initial  estimate  of  the  undrained  shear  strength  profile  for  the  soft  clay  was 
obtained  by  using  the  average  profile  of  available  undrained  shear  strength  data. 
45 3.4.3  Parameters  required  for  the  elasto-plastic  soil  model,  modified  Cam  Clay 
Analyses  using  the  modified  Cam  clay  soil  model  were  performed  to  replicate  a  design 
situation  where  a  more  complex  method  of  analysis  is  required.  Such  a  design  may  be 
required  if  the  structure  were  constructed  in  a  sensitive  area,  i.  e.,  a  typical  urban 
environment  which  is  congested  with  surface  and  buried  structures.  In  this  case,  a 
serviceability  limit  state  design  may  require  more  than  an  estimate  of  displacements, 
both  vertical  and  horizontal,  but  also  an  estimate  of  the  increase  in  excess  pore  water 
pressure  and  effective  stress  states  within  the  foundation. 
A  description  of  the  modified  Cam  clay  effective  stress  soil  model  is  given  in  section 
2.3.4.  In  this  section  a  brief  review  of  the  material  parameters  required  to  describe  the 
modified  Cam  clay  soil  model  and  how  they  are  selected  from  available  site 
investigation  and  laboratory  data  is  discussed.  Parameter  selection  for  the  modified 
Cam  clay  soil  model  was  not  straightforward  but  was  frustrated  by  sparse  and 
inaccurate  data  (see  section  3.6).  Therefore,  for  these  analyses  parameter  selection 
depended  greatly  on  empirical  and  semi-empirical  methods  and  the  results  of  earlier 
analyses  performed  using  the  Tresca  soil  model.  As  noted  previously  in  chapter  2 
(section  2.3.4.2.  ),  the  modified  Cam  clay  effective  stress  soil  model  requires  the 
selection  of  five  material  parameters;  1c,  X,  V,  ecs  and  M  together  with  a  description  of 
stress  history,  p',  Symbols  have  the  same  meaning  as  described  previously  in  chapter 
2. 
Parameters  ic  and  X  are  required  to  define  the  slope  of  the  unload-reload  and  normal 
compression  lines  in  the  compression  plane  v:  lnp'  (where  v  is  the  specific  volume  and 
p'  is  the  effective  mean  stress)  and  are  estimated  from  oedometer  test  data.  Typically, 
the  unload-reload  line  is  assumed  to  be  linear  and  a  value  of  K  estimated  from  the 
average  slope  of  the  entire  unloading  process  (varaition  of  K,,  on  unloading  ignored). 
Rarely  however,  is  the  unloading  process  linear  (Muir  Wood,  1990)  and  as  can  be  seen 
from  Fig  3.23  the  unloading  process  in  this  case  of  the  trial  loading  soft  clay  is  not 
strictly  linear.  This  feature  of  the  unloading  data  does  leave  room  for  interpretation  in 
selecting  a  value  of  1c.  Here,  values  of  K  have  been  estimated  assuming  an  average 
slope  of  the  entire  unloading  process  and  from  the  slope  of  the  unloading  line 
46 immediately  after  a  change  in  the  loading  direction  in  an  oedometer.  However,  due  to 
the  resolution  of  the  oedometer  tests  (which  is  rarely  low  enough  to  measure  low  strain 
elastic  stiffness)  neither  assumptions  provided  values  Of  K  which  gave  elastic 
stiffnesses  high  enough  to  accurately  model  the  initial  stiff  elastic  response  of  the  trial 
loading 
.  As  a  result,  values  Of  K  were  selected  indirectly  from  the  result  of  the  single 
ClU  test  with  internal  strain  measurement  and  reference  to  published  data  and 
empirical  methods  (see  section  3.6). 
Once  a  stress  state  lies  on  the  yield  locus  plastic  strains  will  occur,  the  magnitude  of 
which  are  controlled  by  the  parameter  X.  Values  of  X  are  typically  determined  from 
the  slope  of  the  line  drawn  through  the  oedometer  normal  compression  data,  Fig  3.23. 
As  can  be  seen  from  Fig  3.23,  the  normal  compression  line  is  approximately  linear  and 
is  described  well  by  the  "best  fit"  line.  In  section  3.6  empirical  methods  are  also  used 
to  check  and  supplement  sparse  oedometer  test  data. 
As  described  previously  in  chapter  2,  throughout  this  study  analyses  have  been 
performed  assuming  a  constant  value  of  Poisson's  ratio,  V  and  hence  a  mean  stress 
dependent  shear  modulus,  G.  The  shear  modulus  is  calculated  automatically  within  the 
soil  model  and  only  Poisson's  ratio  is  specified  in  the  input. 
Poisson's  ratio,  which  gives  the  ratio  of  elastic  horizontal  strain  to  vertical  strain,  is 
also  required  to  describe  the  elastic  response  of  the  soil.  Values  of  Poisson's  ratio  are 
typically  arbitrarily  selected  and  often  assumed  equal  to  either  0.3  or  0.2  for  soft  clays 
(Magnan  et  al.,  1983  and  Hird,  1994).  Very  often  in  numerical  analyses  a  value  of 
Poisson's  ratio  is  selected  for  numerical  convenience  rather  from  considerations  of  the 
foundation  soil  properties  (Almeida  et  al.,  1986).  Wroth  (1975)  indicates  some 
dependence  of  Poissorfs  ratio  on  the  Plasticity  Index,  Ip.  Fig  3.24.  Therefore, 
assuming  an  average  plasticity  index  of  45-50%  gives  an  estimate  of  Poissolys  ratio  of 
approximately  0.25-0.3.  Here,  following  the  trend  of  published  data,  a  value  of  0.2 
was  assumed  for  Poisson's  ratio. 
Values  of  the  critical  state  parameter  M,  which  defines  the  slope  of  the  critical  state 
line  in  the  q:  p'  stress  plane  and  also  controls  the  shape  of  the  Cam  clay  yields  locus, 
47 were  primarily  obtained  using  relation  (3.5).  Values  of  M  obtained  using  relation  (3.5) 
are  shown  in  Fig  3.25. 
M  =. 
6siný' 
(3.5) 
3-siný' 
where  ý'  is  the  effective  angle  of  internal  friction. 
Values  of  the  angle  of  internal  friction,  ý',  were  estimated  using  an  empirical  link 
with  plasticity  index,  Fig  3.26  (Mitchell,  1976  and  Muir  Wood,  1990).  Some 
corroboration  of  estimated  ý'  values  was  made  using  published  data  from  an  adjacent 
soft  clay  site  (Nicholson  and  Jardine,  198  6)  Fig  3.15. 
A  single  value  of  M,  equal  to  1.1  (ý'=28  degrees),  has  been  obtained  from  the  results 
of  a  single  isotropically  consolidated  undrained  triaxial  test  (CIU)  performed  on  a 
single  undisturbed  sample  of  soft  clay  obtained  from  a  depth  of  approximately  3.2m 
depth.  No  triaxial  testing  was  performed  on  the  crust  material  and  as  a  result  values  of 
M  selected  for  the  crust  relied  entirely  on  the  use  of  relation  (3.5).  Estimates  of  M 
estimated  from  relation  (3.5)  are  shown  in  Fig  3.25. 
As  described  previously  in  chapter  2  the  critical  state  line  in  the  v:  Inp'  plane  is  defined 
by  specification  of  parameters  e,.,  (void  ratio  at  the  critical  state,  where  e,,  =vc,  -l)  and 
X.  Values  of  ecs  were  obtained  by  re-arranging  terms  for  ec,  in  relation  (3.6)  and 
substituting  p'=p'c,. 
ec.,  =e-  (2,  -  ic)In2  -  2,1n2p', 
,s+r, 
In2  (3.6) 
Relation  (3.6)  is  in  terms  of  void  ratio  e,  to  express  relation  (3.6)  in  terms  of  specific 
volume,  v,  substitute  e=v-1. 
Values  of  the  void  ratio,  e,  of  the  soil  were  obtained  from  moisture  content  tests. 
Estimates  of  the  in  situ  void  ratio  are  shown  in  Fig  3.14. 
Stress  history  of  the  soil  is  defined  through  specification  of  the  size  of  the  initial  yield 
locus,  p',  Values  of  p',,  are  determined  from  preconsolidation  pressure,  cr9vc,  data, 
48 which  were  deduced  from  'oedometer  tests,  manipulation  of  piezocone  test  data  and 
semi-empirical  methods  based  on  the  vane  undrained  shear  strength.  Values  of 
preconsolidation  pressure  are  shown  in  Fig  3.17. 
Five  oedometer  tests  were  performed  on  selected  undisturbed  samples.  The 
preconsolidation  pressure  was  estimated  using  Casagrande's  method  (Casagrande, 
1936).  Preconsolidation  pressures  reported  by  Skempton  and  Henkel  (1953)  also 
estimated  from-  the  oedometer  test  using  Casagrande's  method,  were  used  to 
supplement  the  more  recent  oedometer  data,  particularly  for  the  surface  crust. 
Estimates  of  the  preconsolidation  pressure,  c;  'v,  have  also  been  obtained  from  an 
empirical  correlation  between  overconsolidation  ratio,  n,  and  the  ratio  of  the  vertical 
effective  yield  stress,  cr'yo  determined  from  manipulation  of  piezocone  test  data,  to  the 
preconsolidation  pressure,  (:  r'vcg  obtained  from  conventional  oedometer  tests  (Konrad 
and  Law,  1987)  Fig  3.27.  This  method  assumes  that  the  value  of  preconsolidation 
pressure  obtained  in  conventional  oedometer  tests  is  representative  of  the  actual  in  situ 
preconsolidation  pressure  (Morin  et  at.,  1983;  Crooks  et  al.,  1984;  Leroueil,  1988  and 
Leroueil  et  al.,  1985).  The  relation  shown  in  Fig  3.27  is  therefore  based  on 
conventional  oedometer  test  preconsolidation  pressures. 
The  effective  yield  stress,  a'y,  is  determined  from  manipulation  of  the  piezocone  test 
data  using  relation  (3.7). 
at  YC  - 
q,  -  au  (3.7) 
1+  Fs  tan  ý'cot  0 
Where  a'yc  is  the  yield  stress  of  the  soil  beneath  the  centre  of  the  cone  tip;  qt  is  the 
corrected  cone  resistance;  u  is  the  pore  water  pressure  measured  above  the  base  of  the 
cone;  a  is  a  correction  factor  typically  in  the  range  of  1.0-1.1  so  that  au  is  the  pore 
water  pressure  in  the  failure  zone;  0  is  the  apex  angle  of  the  cone  (60  degrees);  ý'  is  the 
effective  friction  angle  of  the  soil  and  Fs  is  the  friction  factor  for  the  soil  acting  on  the 
cone  surface,  typically  assumed  equal  to  1.0.  (Konrad  and  Law  (1987)  used  the 
symbol  M  to  describe  this  friction  quantity.  The  symbol  Fs  has  been  used  here  to 
avoid  confusion  with  the  Cam  clay  critical  state  parameter  M). 
49 Relation  (3.7)  was  developed  from  interpretation  of  piezocone  penetration  based  on 
cavity  expansion  theory  as  used  by  Gibson  (1950)  for  the  problem  of  bearing  capacity 
of  deep  foundations. 
Konrad  and  Law  (1987)  have  defined  the  "preconsolidation"  stress  as  a'y,  so  as  not  to 
confuse  this  value  with  the  preconsolidation  pressure,  a',,  determined  from  an 
oedometer  test.  The  authors  also  emphasise  that  ayc  and  a',  should  not  be  expected 
to  be  equal  because  these  stresses  have  been  obtained  from  tests  with  different  stress 
paths  as  well  as  different  strain  rates.  However,  the  two  stresses  relate  to  a  yield 
condition  of  the  same  soil  and  consequently  the  features  displayed  by  the  oedometer 
overconsolidation  profile  should  also  be  evident  in  the  piezocone  overconsolidation 
profile. 
To  determine  the  overconsolidation  ratio,  n,  and  consequently  a',  c,  without  prior 
knowledge  of  stress  history,  an  iterative  procedure  may  be  used.  The  ratio  cr'yý(T'-'i 
provides  the  first  value  of  n,  where  a',  i  is  the  initial  in  situ  effective  stress.  Using  Fig 
3.27  the  ratio  a'yýcr'v,  can  be  obtained.  A  new  n  is  obtained  by  dividing  the  original 
u1y,  /a',  j  by  a'yýa',  This  procedure  is  repeated  until  satisfactory  convergence  of  the 
value  of  n  is  obtained.  Values  of  n  and  cr',  obtained  using  this  procedure.  are 
presented  in  Figs  3.29  and  3.30. 
In  soft  soils  the  cone  tip  loads  are  often  about  2-4%  of  the  design  capacity  of  the  cone 
therefore,  considerable  care  is  required  during  the  testing  procedure  to  ensure  suitable 
precision.  The  variation  of  a'yc,  Fig  3.28,  and  Fig  3.30,  may  be  attributed  to  this. 
The  empirical  relation  (3.7)  is  based  on  information  of  preconsolidation  history 
obtained  from  five  eastern  Canadian  soft  clay  deposits  (Gloucester  (Ontario),  Saint- 
Marcel  (Quebec),  Varennes  (Quebec),  Ottawa  Campus  and  Ottawa  Sewage  treatment 
plant  (Ontario)).  Typical  properties  of  the  Canadian  clays  are  very  different  from 
those  at  the  trial  loading  site,  the  most  obvious  being  sensitivity,  St,  which  is  in  the 
range  of  10-500.  Plasticity  index,  Ip.  of  the  Canadian  clays  is  also  lower,  typically  25- 
40%. 
Despite  the  different  clay  properties  from  which  Fig  3.27  was  derived,  the  empirical 
relationship  has  produced  reasonable  results  which  agree  with  the  preconsolidation 
pressures  obtained  from  the  oedometer  tests.  Nevertheless,  this  method  should  be  used 
so with  caution  and  only  if  additional  preconsolidation  data  exist  with  which  to  check  the 
results. 
Use  of  the  piezocone  method  has  the  advantage  that  a  continuous  record  of 
preconsolidation  stress  can  be  deduced  throughout  the  test  depth,  enabling  significant 
variations  of  cr',  to  be  identified  throughout  the  foundation  soil.  Very  often  however, 
piezocones  are  not  used  in  land  site  investigation  practice.  Conventionally,  estimates 
of  preconsolidation  pressures  are  obtained  from  a  few  oedometer  tests  and  some 
interpolation  between  the  test  results  is  required.  Variations  of  cr',,  which  would  be 
easily  identified  from  a  piezocone  test,  can  be  missed.  An  appropriate  check  on  the 
results  in  Fig  3.30  and  a  supplement  to  typically  sparse  oedometer  data  can  be  obtained 
from  a  semi-empirical  correlation  between  the  in  situ  field  vane  undrained  strength  c, 
and  the  preconsolidation  pressure,  a'vc,  relation  (3.7)  (Hansbo,  1957;  Larsson,  1980 
and  Mayne  and  Mitchell,  1988). 
Cr  I 
VC  =  CC,  9CUFV  (3.7) 
where  c,  is  the  undrained  shear  strength  estimated  from  the  field  vane  and  (xFv  is  an 
adjustment  coefficient  which  depends  on  the  overconsolidation  ratio.  The  parameter 
(xFv  has  been  found  to  typically  range  from  approximately  2  to  20  (Mayne  and 
Mitchell,  1988)  and  is  related  to  the  plasticity  index. 
An  expression  which  is  widely  used  in  practice  to  assess  undrained  shear  strength  data 
for  normally  consolidated  clays  is  relation  (3.8)  (Skempton,  1954  and  1957)  which 
links  the  preconsolidation  pressure,  cr',  to  undrained  shear  strength,  cuý  as  a  fimction 
of  the  plasticity  index,  Ip. 
afvc  =1*  c"  (3.8) 
(0.11  +  0.371P) 
Mayne  and  Mitchell  (1988)  from  a  data  base  of  263  individual  data  points  from  96 
clay  sites,  have  plotted  aFV,  estimated  from  relation  (3.8),  against  plasticity  index  Ip 
51 and  found  that  relation  (3.9)  provides  a  reasonable  estimate  to  the  apparent  trend  of  the 
data.  Scatter  of  the  data  is  however  quite  wide. 
CC  FV  =  22(1  p) 
-0.48  (3.9) 
Muir  Wood  (1990)  suggests  an  approximate  link  between  the  strength  ratio  cu/cr',  c,  as 
described  by  relation  (3.10),  for  normally  compressed  clays. 
CU 
=  0.25  (3.10) 
cr,  VC 
Here  the  factor  a=0.25  is  an  average  number  arising  from  a  calculation  made  using 
the  Cam  clay  model  (Muir  Wood,  1990)  linking  plasticity  index,  IP  and  the  angle  of 
friction,  ý',  with  the  parameter  A  Fig  3.31.  The  parameter  A  describes  the  relative 
slopes  of  the  normal  compression  and  unloading-reloading  lines  for  the  soil,  relation 
(3.11). 
X-ic 
(3.11) 
Parameter  A  also  emerges  as  a  link  between  the  undrained  shear  strength  and 
overconsolidation  ratio,  Fig  3.32  (Ladd  et  al.,  1977;  Andresen  et  al.,  1979  and  Muir 
Wood,  1990)  which  is  in  fact  how  relation  (3.10)  emerges. 
In  relation  to  the  choice  of  the  factor  a  in  relation  (3.10)  the  parameter  A  is  not  a 
fundamental  parameter  and  as  can  be  seen  from  Fig  3.31  a  higher  or  lower  value  of  A 
could  have  been  assumed. 
Choice  of  a  suitable  relation  with  which  to  estimate  the  preconsolidation  pressure 
from  the  in  situ  vane  undrained  shear  strength  was  investigated  by  plotting  computed 
and  observed  values  of  cu/cr'vc  as  a  function  of  the  plasticity  index,  Ip.  Fig 3.33.  As  can 
be  seen  from  Fig  3.33  observed  values  of  c,,  /a', 
c  do  not  exhibit  any  obvious  trend. 
Relations  (3.8)  and  (3.9)  compare  reasonably  with  observed  ratios  at  values  of 
Ip>40%.  For  lower  values  of  IP  neither  relation  (3.8)  or  (3.9)  compares  well  with 
52 observations.  This  suggests  that  relations  (3-8)  and  (3.9)  may  provide  more  accurate 
estimates  of  a'-V,  for  higher  values  of  plasticity  index  lp>40%. 
Observed  values  of  cu/a'v,  tend  to  plot  above  values  of  cjcr',  computed  using 
relation  (3.10).  However,  at  values  of  plasticity  index,  IP<40%  relation  (3.10)  may 
provide  a  more  accurate  estimate  of  cu/a',  c.  This behaviour  is  evident  from  Fig  3.34 
where  values  of  a'vc  computed  using  relation  (3.10)  are  closer  to  those  estimated  using 
the  oedometer  test  over  the  depth  range  of  0-1.5m.  Below  this  depth  values  of  G', 
computed  using  relations  (3.8)  and  (3.9)  are  more  accurate. 
The  final  depth  profile  of  preconsolidation  was  primarily  obtained  by  trial  and  error. 
However,  the  final  profile  was  approximately  coincident  with  the  average  depth  profile 
of  preconsolidation. 
3.4.4  Discussion 
In  this  section  a  brief  description  of  how  the  required  model  material  parameters  were 
selected  from  available  site  investigation  and  laboratory  data  has  been  presented. 
However  these  methods,  generally  relate  to  the  selection  of  initial  or  first-estimate 
parameters  and  as  has  been  suggested  throughout  this  section  final,  justifiable 
parameters  giving  the  most  accurate  solution  were  obtained  by  adjusting  the  initial 
parameters  using  established  empirical  and  semi-empirical  methods  and  some  element 
of  trial  and  error.  This  was  particularly  the  case  for  the  modified  Cam  clay  analyses. 
Analyses  and  selection  of  the  final  parameter  sets  for  the  soil  models  used  are 
discussed  in  section  3.6. 
3.5  Modelling  assumptions 
In  this  section  the  numerical  modelling  of  the  trial  loading  is  discussed. 
Throughout  this  study  plane  strain,  undrained  analyses  were  performed.  The  finite 
element  mesh  symmetric  about  the  centre  line,  used  to  describe  the  trial  loading  is 
shown  in  Fig  3.35.  The  mesh  consists  of  86  linear  strain  quadrilateral  (eight  noded) 
53 elements.  The  vertical  boundaries  -are  assumed  to  be  perfectly  smooth  allowing 
vertical  movement  to  occur  freely,  but  lateral  movement  is  fully  restrained.  The 
bottom  boundary  is  assumed  to  be  perfectly  rough,  hence  fully  restraining  vertical  and 
lateral  movement. 
From  site  investigation  data  (index  properties,  undrained  shear  strength  and 
preconsolidation  pressure)  three  distinct  foundation  layers  were  identified  and  have 
been  included  in  the  present  analysis.  For  simplicity  and  to  keep  the  material  input  to 
a  minimum,  the  number  of  foundation  layers  was  maintained  at  three  throughout  this 
study.  For  analyses  an  average  crust  thickness  of  1.5m  was  assumed.  The  underlying 
soft  clays  were  divided  into  two  layers  of  4.5m  and  5m  thick. 
The  condition  of  plane  strain  was  assumed  from  examination  of  the  observed 
displacements  after  failure  had  occurred.  Surface  vertical  displacements  of  survey 
targets  located  around  the  edges  of  the  loading  slab,  Fig 3.2(a),  indicate  that  the  failure 
was  essentially  two  dimensional  and  consisted  of  rigid  body  rotation  of  the  loading 
slab.  Markers  27-8-2  and  21-28-7,  Fig  3.37,  are  located  at  opposite  ends  of  the  loading 
slab  and  as  can  be  seen  vertical  displacement  at  the  ends  of  the  slab  are  approximately 
equal.  This  suggests  that  the  longitudinal  tilt  of  the  slab  (tilt  in  the  direction  at  right 
angles  to  the  cross  section  shown  in  Fig  3.37)  is  negligible.  No  measured  data  are 
available  for  the  displacement  behaviour  at  the  centre  of  the  loading  slab. 
The  assumption  of  plane  strain  is  only  applicable  to  a  transverse  section  of  the  slab. 
During  the  load  test  the  slab  was  seen  to  be  predominantly  rigid  in  the  transverse 
section  but  flexible  in  the  longitudinal  section  Fig  3.36.  This  dual  behaviour  is 
common  in  many  geotechnical  structures,  such  as  rafts  and  retaining  walls.  To  be  able 
to  apply  the  plane  strain  assumption  the  differing  longitudinal  behaviour  must  be 
neglected.  The  longitudinal  flexible  behaviour  will  induce  some  slip  along  the  soil- 
structure  interface  and  as  a  result,  modify  the  pressure  distribution  towards  something 
between  a  perfectly  flexible  and  perfectly  rigid  footing.  Analyses  performed  by 
Powrie  and  Li  (1991)  for  long  retaining  walls,  very  stiff  in  the  cross  section  but 
flexible  in  their  longitudinal  direction,  using  a  hypothesis  of  plane  strain  for  a  typical 
transverse  section,  present  reasonable  results,  and  neglect  of  this  flexible  behaviour 
does  not  appear  to  be  significant. 
54 Loading  of  the  slab  was  rapid  (loading  to  84kPa  was  complete  after  24  hours).  As  a 
result,  the  response  of  the  foundation  soil  was  assumed  to  be  undrained. 
The  loading  of  the  foundation  slab  was  simulated  by  applying  uniform  prescribed 
vertical  displacements  directly  to  the  foundation.  The  loading  slab  was  not  modelled. 
Adoption  of  the  displacement  control  method  is  a  convenient  and  simpler  method  of 
modelling  the  perfectly  rigid  slab.  An  alternative  method  would  have  been  to  model 
the  slab  and  gravel  sub-base  and  apply  a  pressure  loading  directly  onto  the  slab 
surface.  However,  previous  researchers  (Hooper  1974;  Griffiths  1982)  analysing 
similar  problems  have  found  this  method,  used  in  two  or  three  dimensions,  can 
numerically  complicate  the  problem. 
The  bearing  pressure  mobilised  at  a  given  vertical  displacement  was  obtained  by 
averaging  the  vertical  stress  component  occurring  in  the  first  row  of  integration  points 
below  the  displaced  nodes.  Using  the  displacement  control  method  failure  is  indicated 
by  a  levelling  out  of  the  average  stresses  beneath  the  footing,  which  having  reached  the 
bearing  capacity,  remain  at  that  value  despite  ftirther  displacement  increments. 
3.6  Analyses 
3.6.1  Introduction 
In  this  section  the  results  of  analyses  performed  using  the  soil  models  presented  in 
sections  3.1  and  3.4  are  presented  and  discussed.  The  object  of  analyses,  for  each  of 
the  soil  models  used,  was  to  represent  some  hypothetical  design  problem  (section  3.1 
and  3.4),  and  determine  a  set  of  material  Parameters  which  provided  a  reasonable 
estimate  of  the  observed  foundation  response. 
Parameter  selection  for  the  isoptropic  linear  elastic  soil  model  is  considered  first  in 
section  3.6.2.  Use  of  this  model  was  included  to  represent  a  serviceability  limit  state 
design  check.  Analyses  performed  using  the  elastic,  perfectly  plastic  (Tresca)  soil 
model  and  modified  Cam  clay  soil  model  are  discussed  in  sections  3.3  and  3.4 
respectively.  These  soil  models  were  used  to  replicate  design  situations  where  more 
detailed  methods  of  analysis  are  required. 
55 The  main  findings  of  analyses  presented  in  this  section  are  discussed  in  section  3.7. 
3.6.2  Isotropic  linear  elastic  analyses 
3.6.2.1  Introduction 
In,  this  section  the  intention  of  analyses  is  to  reproduce  the  observed  elastic 
displacement  behaviour,  replicating  a  simple  serviceability  limit  state  design. 
Predictions  of  excess  pore  water  pressures  are  not  usually  the  concern  of  serviceability 
limit  state  calculations  and  as  a  result  are  not  included  here. 
3.6.2.2  Initial  analysis 
It  is  evident  from  Fig  3.4  applied  load:  vertical  edge  displacement  profile  that  the 
initial  response  is  approximately  linear  up  to  an  applied  load.  of  40kPa.  This  suggests 
that  the  foundation  response  is  elastic  up  to  an  applied  load  of  40kPa.  The  average 
vertical  edge  displacement  at  an  applied  load  of  40kPa  is  approximately  15mm. 
An  initial  estimate  of  the  observed  vertical  displacement  has  been  made  using  a 
simple  hand  calculation  based  on  Boussinesq  elastic  theory  for  a  rectangular  area, 
relation  (3.12). 
qa  (I  V.  ),  (3.12) 
E. 
where  8  is  the  vertical  displacement;  q  is  the  applied  pressure  loading;  a  is  the  lesser 
dimension  of  the  rectangular  area  (cross  section  width)  and  I.,  is  an  influence  factor. 
Dempsey  and  Li  (1989)  investigating  the  contact  pressure  distribution  under  a  rigid 
rectangular  footing  on  an  elastic  layer,  using  finite  element  analysis,  have  presented 
elasticity  solutions  for  relation  (3.12),  Table  3.2.  The  average  pressure  distribution, 
p,,  v,  under  the  loading  stab  was  obtained  from  Table  3.3.  For  simplicity  the  foundation 
56 was  considered  as  a  single  layer.  An  average  stiffness,  Eu=1.2MPa,  was  obtained  from 
values  of  stiffness  presented  in  Fig  3.18  (where  Eu=3G).  The  CIU  test  result, 
performed  with  internal  strain  measurement,  was  not  included  in  the  averaging 
process. 
Using  Dempsey  and  Li's  elasticity  solution  a  vertical  displacement,  8=400mm  was 
obtained.  This  is  significantly  larger  than  that  observed  and  indicates  that  values  of 
elastic  stiffness  estimated  from  triaxial  testing  performed  with  conventional  strain 
measurement  (0.2-0.5%)  are  too  small.  To  obtain  the  observed  magnitude  of  observed 
vertical  displacement  at  an  applied  load  of  40kPa  an  average  elastic  stiffness  E,,  =8MPa 
(G=2.4MPa)  is  required.  This  value  of  Eu  was  back  calculated  using  Dempsey  and 
Li's  elasticity  solution  and  is  of  a  similar  magnitude  as  the  elastic  stiffness  obtained 
from  the  CIU  test  measured  at  low  strain  (approximately  0.03%).  Therefore,  it  is 
evident  from  this  simple  calculation  that  high  (low  strain)  elastic  stiffness  values  are 
required  to  accurately  reproduce  the  observed  elastic  response. 
, 
Stiffness  determined  from  the  seismic  cone  test  are  very  large  and  imply  stiffness  at 
low  strains.  It  has  been  reported  that  strains  induced  by  the  seismic  cone  are  typically 
less  than  0.001%  (Smith  et  al.,  1992).  Re-applying  Dempsey  and  Li's  elasticity 
solution  and  assuming  a  minimum  seismic  cone  stiffness  Eu=12MPa  gives  a  vertical 
edge  displacement  of  approximately  9mm.  This  is  significantly  lower  than  that 
observed  (=15mm)  and  suggests  that  seismic  cone  stiffnesses  are  too  high  for  use  here. 
This  leaves  the  single  CIU  triaxial test  from  which  to  select  suitable  stiffness  values. 
3.6.2.3  Selection  of  elastic  stiffness  for  analyses 
In  the  previous  section  the  limitations  of  available  stiffness  data  have  been 
highlighted.  Preliminary  investigations  of  the  observed  elastic  response  using  a 
simple  hand  calculation  found  that  the  magnitude  of  elastic  stiffness  required  to 
accurately  reproduce  the  observed  elastic  response  was  similar  to  that  measured  in  the 
CIU  test  at  low  strain  (approximately  0.03%).  No  other  triaxial  tests  with  small  strain 
measurement  were  performed.  Selection  of  suitable  elastic  stiffness  parameters,  in  the 
absence  of  more  accurate  data,  predominantly  relies  on  this  single  test  result. 
57 Values  of  the  secant  shear  modulus,  Gsecant,  determined  from  the  CIU  test 
performed  with  internal  strain  measurement  have  been  normalised  with  respect  to  the 
undrained  shear  strength,  cu,  and  initial  mean  effective  stress,  p'j,  and  plotted  against 
axial  strain,  Ca  ,  which  is identical  to  triaxial  shear  strain  in  undrained  tests,  Fig  3.38. 
Internal  measurement  of  strain  was  only  used  for  a  single  triaxial  test.  Reliable  data 
are  only  available  from  internal  strain  measurement  for  strains  greater  than  about 
0.03%. 
Assuming  that  this  relationship  between  stiffness  and  shear  strain  can  be  applied 
generally  to  the  whole  foundation,  values  of  stiffness,  G,  can  be  determined  given  a 
value  of  undrained  shear  strength  or  initial  mean  effective  stress,  and  an  estimated 
strain  level.  The  greatest  uncertainty  with  this  method  to  obtain  elastic  stiffness  data, 
is  accurately  estimating  the  magnitude  of  shear  strain  which  will  occur. 
Finite  element  analyses  performed  for  a  rigid  footing  founded  on  a  low  plasticity  clay 
to  assess  the  influence  of  small  strains  (Jardine  et  al.,  1986)  determined  that  the  axial 
strains  beneath  the  centre  of  the  footing  were  less  than  0.1%,  Fig 3.39.  Therefore,  for  a 
first  approximation  of  the  strain  distribution  presented  in  Fig  3.39,  can  be  assumed. 
The  corresponding  G/cu  profile  is  given  from  Fig  3.38.  From  Fig  3.38  a  G/cU=170 
(G/p'i=71)  has  been  assumed  from  which  to  determine  values  of  elastic  stiffness.  The 
depth  profile  of  undrained  shear  strength,  which  plays  no  part  in  an  elastic  analysis  but 
has  been  included  to  provide  an  alternative  means  of  normalising  the  shear  stiffnesses, 
is  shown  in  Fig  3.16. 
Some  check  on  the  value  of  G/cU  estimated  from  the  above  method  is  provided  by  an 
empirical  correlation  relating  plasticity  index,  Ip.  and  overconsolidation  ratio,  n,  to  an 
elastic  stiffness,  Fig 3.40  (Duncan  and  Buchigani,  1976  and  Meigh  1987). 
The  overconsolidation  ratio  of  the  soft  clay  is  predominantly  in  the  range  of  n--l-1.5. 
The  plasticity  index  of  the  soft  clay  was  seen  to  be  very  variable,  Fig  3.12  and  in  the 
range  of  30<  IP<  80  (average  approximately  50%).  This  gives  a  G/c',  ratio  range  of  40- 
200.  This  range  is  large  which  for  preliminary  studies,  type  A  predictions  (Lambe, 
1973)  could  be  misleading.  From  back  analysis  of  the  loading  event  G/cu  ratios  in  the 
range  of  125-250,  as  implied  by  the  30<  1P  <50  region  of  Fig  3.40,  are  most  accurate. 
The  high  organic  content  of  the  soft  clay,  which  accounts  for  the  high  values  of 
plasticity  index  has  forced  the  wide  range  of  possible  G/cu  values.  Consequently,  use 
58 of  Fig  3.40  may  not  be  suitable  for  organic  clays  in  the  absence  of  detailed  site  or 
laboratory  test  data. 
For  comparison  the  empirical  method  described  by  Fig  3.40  was  applied  to  the 
Bothkennar  soft  clay.  Plasticity  index  of  the  soft  clay  is  typically  in  the  range  of 
30<Ip<50%  and  the  clay  has  an  overconsolidation  ratio  of  approximately  1.5-1.7, 
which  gives  a  stiffness  to  strength  ratio,  G/c,,,  of  100-200  (Nash  et  al.,  1992).  The  soft 
clay  found  at  Bothkennar  has  a  small  organic  content,  typically  less  than  5%  (Hight  et 
al.,  1992).  In  situ  measurements  of  stiffness  at  Bothkennar  using  the  self-boring 
pressuremeter  determined  a  G/c,,  ratio  of  100-200  for  the  soft  clay.  Values  of  shear 
moduli  were  determined  over  a  strain  range  of  0.34%.  Alternatively,  small  strain 
triaxial  testing  performed  on  undrained  samples  of  Bothkennar  clay  (Smith  et  al., 
1992)  determined  G/p',,  ratios  of  the  order  of  100-300,  for  0.01:  5  E.:  5  0.1%. 
For  the  crust,  values  of  plasticity  index  have  been  assumed  from  data  reported  by 
Nicholson  and  Jardine  (1976)  and  Nash  et  al.  (1992)  for  the  Bothkennar  clay. 
Typically,  values  of  plasticity  index  are  in  the  range  of  30  <p<  50.  Values  of 
overconsolidation  ratio  are  in  the  range  of  2-5,  giving  a  G/cu  ratio  of  85-170. 
The  values  of  G/c.  estimated  from  the  ClU  test  data  and  an  assumed  strain  profile  are 
consistent  with  the  trend  of  G/cu  ratios  estimated  from  the  empirical  method.  The  G/cu 
ratio  assumed  (G/c,,  =170)  is  within  the  upper  limit  of  the  range  of  G/c,,  ratios 
presented.  Additionally,  the  estimated  stiffness  ratios  are  consistent  with  the  range  of 
those  obtained  from  in  situ  and  laboratory  testing  on  Bothkennar  clay. 
The  results  of  linear  elastic  finite  element  analyses  using  the  stiffness  ratio  obtained 
are  presented  and  discussed  in  the  next  section., 
3.6.2.4  Undrained  analyses 
Elastic  parameters  selected  to  describe  each  of  the  foundation  layers  are  presented  in 
Table  3.4.  Values  of  Eu  are  based  on  a  G/cU=170,  values  of  undrained  shear  strength 
are  shown  in  Fig  3.41.  Results  of  analyses  (vertical  and  horizontal  displacements)  are 
shown  in  Figs  3.42  to  3.45. 
59 As  can  be  seen  from  Fig  3.42  the  selected  elastic  parameters  have  accurately 
reproduced  the  observed  vertical  edge  displacements  up  to  an  applied  load  of  40kPa. 
The  foundation  response  is  assumed  to  be  elastic  up  to  an  applied  load  of  40kPa.  The 
initial  stiff  elastic  response  observed  from  vertical  edge  displacement  data  is  also 
accurately  reproduced. 
Predictions  of  lateral  displacements  are  also  included  in  this  study.  Numerical 
predictions  of  lateral  displacements,  at  inclinometers  14,15  and  16  are  compared  with 
those  observed  in  Figs  3.43-3.45.  No  information  of  observed  lateral  displacements  at 
applied  loads  of  less  than  63kPa  is  available. 
Except  at  inclinometer  16  predicted  lateral  displacements  are  considerably  smaller 
than  those  observed  between  0  and  6m depth.  At  inclinometer  16  lateral  movements 
are  concentrated  between  0  and  3m  depth.  This  behaviour  suggests  that  over  this 
depth  range  much  of  the  observed  lateral  displacement  is  occurring  after  yield. 
Measured  profiles  show  little  movement  is  occurring  below  6m  depth,  3m  depth  for 
inclinometer  16  indicating  a  stiff  lateral,  predominantly  elastic,  response  in  these 
regions.  Between  6-11m  depth,  3-11m  depth  inclinometer  16,  predicted  lateral 
displacements  are  typically  overpredicting  those  observed.  To  reproduce  these  small 
observed  lateral  displacements  higher  values  of  elastic  stiffness  are  required,  Fig  3.18. 
As  can  be  seen  from  Figs  3.46-3.48  ratios  of  G/c,,  >340  are  required.  In  practice  the 
concern  of  analyses  is  to  predict  maximum  or  worst  case  behaviours.  Therefore,  to 
ensure  accurate  predictions  of  maximum  lateral  displacement  low  values  of  stiffness 
measured  at  high  strains,  0.5-1%  (as  is  performed  in  conventional  triaxial  testing),  are 
required,  Fig  3.49-3.51.  To  demonstrate  this  a  G/cU=85  was  used.  However, 
displacement  data  have  been  measured  at  applied  loads  in  excess  of  that  assumed  to 
represent  the  limit  of  elasticity.  As  a  result,  use  of  the  elastic  model  to  reproduce  these 
displacements  is  not  suitable  and  use  of  a  plasticity  model  may  be  more  appropriate. 
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The  results  of  the  simple  elastic  study  demonstrate  that  an  accurate  description  of  the 
low  strain  elastic  stiffness  is  required  if  reasonable  predictions  of  the  observed  initial 
elastic  response  are  to  be  made.  In  this  case  an  estimate  of  the  elastic  stiffness  was 
obtained  indirectly  from  manipulation  of  the  small  strain  CIU  test  data  and  an 
estimated  elastic  strain  level.  Initial  estimates  of  the  anticipated  elastic  strain  level 
were  obtained  from  studies  performed  by  Jardine  et  al.  (1986);  where  shear  strains 
were  typically  less  than  0.1%.  Values  of  elastic  stiffness  estimated  from  these 
assumed  values  of  strain  reproduced  accurately  the  observed  initial  stiff  foundation 
response.  Stiffnesses  obtained  from  conventional  testing,  triaxial  and  oedometer  tests, 
measured  at  approximately  1-2%  strain  could  not  reproduce  the  stiff  initial  response. 
This  demonstrates  that  optimisation  of  the  elastic  stiffness  to  stress/strain  changes  that 
are  similar  to  those  expected  in  the  ground  is  more  accurate  than  selecting  elastic 
5tiffnesses  from  tests  which  have  been  performed  in  a  traditional  manner  over  ranges 
of  deformation  and  stress  change  which  are  quite  different  from  those  expected. 
Therefore,  even  for  such  simple  loading  situations  laboratory  testing  to  evaluate  the 
stiffness  properties  of  the  ground  will  require  measurements  of  strains  of  less  than 
0.1%,  particularly  if  accurate  serviceability  limit  state  calculations  are  required.  As 
shown  in  sections  3.6.2.2  and  3.6.2.3  this  applies  to  a  simple  (hand)  calculation  and 
more  complex  (finite  element)  design  approach. 
Throughout  the  study  described  in  this  section,  linear  elasticity  has  been  assumed  to 
describe  the  foundation  behaviour  up  to  an  applied  load  of  40kPa.  Experimental 
studies  (Smith  et  al.,  1992)  have  shown  that  linear  elasticity  (constant  stiffness  with 
increasing  strain)  only  applies  to  a  very  small  part  of  the  soil  behaviour,  strains  less 
than  0.001%.  This  behaviour  is  defined  by  a  plateau  in  the  G/c, 
'  or  G/p':  loge.  plot. 
Such  a  behaviour  is  displayed  by  the  G/c,,:  loge.  plot  presented  in  this  study,  Fig  3.38. 
However,  high  quality  triaxial  testing  performed  on  Bothkennar  clay  does  not  support 
constant  stiffness  or  true  elastic  behaviour  over  the  range  of  strains  shown,  c.  <O.  M 
61 3.6.3  Linear  elastic,  perfectly  plastic  (Tresca)  soil  model 
3.6.3.1  Introduction 
In  this  section  the  object  of  analyses  was  to  simulate  a  design  situation  where  a  more 
detailed  description  of  the  anticipated  elastic  and  plastic  displacement  is  required.  The 
Tresca  soil  model  is  also  very often  used  to  provide  estimates  of  the  bearing  capacity 
of  a  foundation.  Parameter  selection  with  which  to  perform  bearing  capacity  analyses 
has  also  been  included. 
As  for  the  elastic  analyses  the  study  has  focused  on  reproduction  of  displacements. 
3.6.3.2  Analyses 
Suitable  values  of  elastic  stiffness  have  been  selected  previously  in  section  3.6-2. 
Therefore,  Tresca  analyses,  incorporating  plastic  behaviour,  require  selection  of  a 
single  parameter,  the  undrained  shear  strength,  c, 
The  average  c,,  profile  Fig  3.41  was  described  in  analyses  by  using  the  facility  in 
CRISP  which  allows  the  undrained  shear  strength  to  vary  linearly  with  depth  (see 
chapter  2).  '  To  do  this  the  input  requires  the  initial  value  of  c,,  at  the  top  of  each  layer 
and  the  slope  of  the  c,,  profile  through  the  layer,  m..  Initial  values  of  these  parameters 
are  shown  in  Table  3.5.  Results  of  analyses  using  these  initial  parameters  are  shown  in 
Figs  3.52-3.55. 
Predictions  of  vertical  edge  displacements  compare  reasonably  well  with  those 
observed  up  to  an  applied  load  of  approximately  60kPa.  At  applied  loads  greater  that 
60kPa  computed  displacements  are  underestimating  those  observed.  The  observed 
bearing  capacity  of  84kPa  is  accurately  reproduced. 
Predictions  of  lateral  displacement  at  inclinometers  14  and  15  are  underestimating 
those  observed  over  the  top  4-5m  of  foundation,  but  compare  reasonably  well  with 
those  observed  below  5m  depth.  Predictions  of  lateral  displacements  at  inclinometer 
16  are  in  good  agreement  with  those  observed.  Observed  lateral  displacements  at 
62 inclinometers  14  and  15  were  measured  at  an  applied  load  of  63kPa.  Observed  lateral 
displacements  were  measured  at  an  applied  load  of  84kPa  (failure)  at  inclinometer  16. 
It  is  evident  from  Figs  3.52-3.55  that  analyses  have  provided  a  reasonable  estimate  of 
the  observed  pre-failure  behaviour.  However,  some  adjustment  of  the  selected 
undrained  shear  strength  parameters  is  required  in  order  to  improve  predictions, 
particularly  lateral  displacements  at  inclinometers  14  and  15. 
Inaccuracies  in  the  numerical  predictions  presented  are  generally  associated  with 
underestimating  the  observed  displacements.  More  displacement  (both  vertical  and 
horizontal)  can  be  generated  in  analyses  by  increasing  the  magnitude  of  yield  within 
the  soil.  Using  the  Tresca  soil  model  this  is  done  by  reducing  the  undrained  shear 
strength,  c,  Here,  more  displacement  was  generated  by  reducing  the  undrained  shear 
strength  of  the  surface  crust. 
The  undrained  shear  strength  of  the  crust  was  reduced  to  20kPa  and  l5kPa 
respectively.  The  results  of  analyses  are  shown  in  Figs  3.56-3.63.  For  clarity 
predictions  of  lateral  displacement  for  each  solution  are  presented  separately. 
As  can  be  seen  from  Figs  3.61-3.62,  predictions  of  lateral  displacement  at 
inclinometers  14  and  15  performed  with  a  crust  c,,  =IWa  compare  reasonably  well 
with  observations  and  are  more  accurate  than  those  obtained  using  a  crust  c,,  =20kPa. 
Similarly,  predictions  of  vertical  edge  displacements  performed  with  a  crust  cU=15kPa, 
up  to  an  applied  load  of  65kPa,  are  more  representative  of  the  behaviour  than  those 
obtained  for  a  crust  cu=20kPa.  However,  for  a  crust  cu=15kPa  the  predicted  bearing 
capacity  is  some  1.2  times  smaller  than  that  observed  at  failure  (84kPa).  Using  a  crust 
cý=20kl?  a  has  underestimated  the  observed  bearing  capacity  by  approximately  1.1 
times.  Catastrophic  failure  occurred  at  an  applied  load  of  84kPa,  however  at  an 
applied  load  of  78kPa  movements  were  seen  to  be  occurring  without  increasing  load 
suggesting  a  failure  condition  had  already  occurred  under  sustained  load  (Schnaid  et 
al.,  1993).  The  amount  therefore  that  analyses  have  underestimated  the  bearing 
capacity  may  be  lower. 
63 3.6.3.3  Discussion 
In  this  study  analyses  have  been  performed  using  an  elastic  perfectly  plastic  soil  model 
to  provide  a  more  detailed  description  of  the  foundation  displacement  behaviour.  A 
description  of  the  plastic  displacement  and  bearing  capacity  of  the  foundation  soil  was 
required.  Selection  of  suitable  elastic  parameters  was  considered  previously  in  section 
3.6.2  therefore  in  this  study  only  the  selection  of  undrained  shear  strengths,  cu,  was 
required.  An  initial  estimate  of  the  depth  profile  of  undrained  shear  strength  was 
assumed  equal  to  the  average  profile  of  the  available  undrained  shear  strength  data. 
From  the  results  of  the  above  study  this  profile  was  found  to  be  reasonable  for  the  soft 
clay  underlying  the  surface  crust.  However,  the  resulting  average  value  for  the  surface 
crust  cu=30kPa  was  found  to  underestimate  the  observed  plastic  displacements.  A 
better  estimate  of  the  crust  undrained  shear  strength  was  obtained  by  trial  and  error, 
cU=15-20kPa.  These  values  of  undrained  shear  strength  are  lower  than  those  measured 
in  the  in  situ  vane  test  or  inferred  from  static  cone  penetrometer  tests,  but  are 
comparable  with  strengths  obtained  from  triaxial  compression  tests.  This  is  similar  to 
the  findings  of  Trak  et  al.  (1980).  Lefebvre  et  al.  (1987)  have  found  that  the  undrained 
shear  strength  of  the  crust  which  can  be  mobilised  is  significantly  lower  than  that 
measured  in  the  in  situ  vane  test  due  to  the  occurrence  of  the  local  failure  in  the  crust. 
During  the  trial  loading  the  occurrence  of  local  failure  is  evident  at  an  applied  load  of 
5OkPa.  At  this  applied  load  some  rotation  of  the  slab  occurred,  indicated  by  a  sudden 
divergence  of  the  two  centre  edge  vertical  displacement  markers'  profiles,  Fig  3.4. 
Studies  performed  by  Jardine  et  al.  (1986)  for  a  rigid  circular  footing  on  a  soft  clay 
foundation  also  determined  that  local  failure  under  an  edge  will  occur  due  to  the  higher 
magnitude  of  strain  mobilised  under  the  edges  of  a  rigid  loading  platform.  Lefebvre  et 
al.  (1987)  suggest  that  the  undrained  shear  strength  assumed  in  analyses  should  be 
equal  to  the  strength  in  the  underlying  clay.  Applying  this  assumption  to  the  trial 
loading  gives  a  crust  undrained  strength  of  approximately  8kPa.  As  can  be  seen  from 
Fig  3.60  (results  obtained  for  a  crust  c,,  =  I  5kPa),  a  crust  strength  of  8kPa  would  further 
overestimate  the  observed  plastic  behaviour  and  hence  underestimate  the  observed 
bearing  capacity.  Tavenas  and  Leroueil  (1980)  suggest  that  the  crust  undrained  shear 
strength  which  should  be  used  in  calculations  is  approximately  equal  to  a  third  of  the 
64 maximum  crust  undrained  shear  strength  measured  with  the  in  situ  shear  vane.  Here, 
the  maximum  crust  vane  undrained  shear  strength  is  approximately  30kPa  and  hence  a 
shear  strength  of  cU=lOkPa  should  be  used  in  calculations.  Use  of  this  magnitude  of  c,, 
in  analyses  will  give  a  similar  result  as  the  method  suggested  by  Lefebvre  et  al.  (1987). 
Use  of  the  empirical  correlations  suggested  by  Tavenas  and  Leroueil  (1980)  and 
Lefebvre  et  al.  (1987)  will  introduce  a  high  factor  of  safety  into  calculations. 
From  the  results  of  this  simple  study,  crust  undrained  shear  strengths  selected  from 
available  triaxial  compression  tests  will  provide  a  reasonable  estimate  of  the  observed 
displacement  behaviour  and  observed  bearing  capacity  (Trak  et  al.,  1980). 
This  simple  study  has  shown  that  the  undrained  shear  strength  of  the  crust  has  a 
significant  influence  on  the  predicted  plastic  solution  and  hence  bearing  capacity.  It 
would  therefore  be  prudent  to  estimate  the  undrained  shear  strength  from  all  the 
different  methods  outlined  above  in  order  that  its  effect  on  the  solution  can  be  seen  and 
a  final  choice  made. 
From  the  use  of  this  'simple'  model  some  important  aspects  of  the  plastic  foundation 
behaviour  have  been  identified  which  will  assist  in  the  parameter  selection  process  for 
the  Cam  clay  soil  model.  However,  before  progressing  on  to  the  use  of  this  model  it  is 
worth  noting  that  the  simple  elastic  perfectly  plastic,  Tresca  soil  model  has  reproduced 
the  essential  behaviour  of  the  foundation  reasonably  well.  The  original  study  was 
primarily  concerned  with  the  prediction  of  displacements,  mainly  vertical 
displacements,  and  an  appreciation  of  the  bearing  capacity  of  the  soil.  As  can  be  seen 
from  the  results  of  the  analyses  presented  here,  the  model  has  predicted  the  behaviour 
for  the  design  loading,  45kPa,  well.  Application  of  the  more  complex  Cam  clay  model 
may  therefore  be  academic  rather  than  practical. 
Use  of  finite  element  analysis  to  provide  estimates  of  the  bearing  capacity  of  the 
foundation  may  also  not  be  necessary.  A  suitable  estimate  of  the  bearing  capacity  can 
be  obtained  from  a  simple  hand  calculation  performed  using  relation  (3.13). 
qf  =(2+n)U.  (3.13) 
65 where  qf  is  the  ultimate  bearing  capacity  and  U.  is  the  weighted  average  undrained 
shear  strength  of  the  foundation  (weighted  with  respect  to  the  thickness  of  each  layer). 
Values  of  bearing  capacity  using  this  relation  and  values  of  undrained  shear  strength 
used  in  this  study  (section  3.6.3.2)  are  presented  in  Table  3.6.  As  can  be  seen  values 
computed  using  relation  (3.13)  are  larger  than  those  computed  using  finite  element 
analysis  by  as  much  as  13%.  For  most  simple  design  situations  where  an  estimate  of 
the  bearing  capacity  of  the  foundation  is  required,  relation  (3.13)  may  suffice  and  the 
given  difference  of  13%  may  not  be  significant. 
3.6.4  Elasto-plastic  analyses;  modified  Cam  clay 
3.6.4.1  Introduction 
In  this  section  the  trial  loading  has  been  re-analysed  using  the  modified  Cam  clay 
effective  stress  soil  model  (Roscoe  and  Burland,  1968).  Cam  clay  analyses  have  been 
performed  to  replicate  a  design  situation  where  a  significantly  more  detailed 
description  of  the  foundation  response  to  the  trial  loading  is  required. 
The  selection  of  material  parameters  for  the  modified  Cam  clay  soil  model  is  briefly 
described  in  section  3.6.4.2,  the  results  of  subsequent  analyses  are  presented  and 
discussed  in  section  3.6.4.3.  The  main  findings  of  analyses  are  discussed  in  section 
3.6.4.4. 
3.6.4.2.  Parameters  selection 
The  modified  Cain  clay  soil  model  requires  the  selection  of  five  soil  parameters;  1c,  X, 
V,  M  and  y,  (symbols  have  their  usual  meaning-see  chapter  2)  together  with  an 
assumption  about  the  initial  size  of  the  yield  locus,  p'..  Initial  values  of  these 
parameters  were  selected  from  available  site  investigation  and  laboratory  test  data  and 
adjusted  to  improve  the  match  between  computed  and  observed  responses.  Adjusted 
parameters  are  presented  in  Table  3.7.  The  results  of  the  analyses  are  presented  in 
66 section  3.6.4.3.  Prior  to  moving  on  to  section  3.6.4.3,  selection  of  the  initial 
parameters  is  briefly  discussed. 
Back  analysis  of  the  loading  event  indicated  that  the  elastic  stiffness  determined  for  the 
crust  and  soft  clay  from  minimum K  values  observed  in  oedometer  tests  was  too  low. 
Maximum  values  of  elastic  stiffness,  G,  obtained  from  minimum  values  of  K,  are 
shown  in  Fig  3.64.  Values  of  elastic  stiffness  G,  were  obtained  using  relation  (3.14). 
G= 
3(1-2v'Xl+e,,  )p'i 
(3.14) 
2K(I+V') 
where  V  is  the  effective  stress  Poisson's  ratio;  eo  is  the  initial  or  in  situ  voids  ratio  and 
p'i  is  the  initial  effective  mean  stress. 
For  comparison  values  of  stiffness,  G,  obtained  from  triaxial  testing  are  shown  in  Fig 
3.64.  As  can  be  seen  from  Fig 3.64  values  of  G  obtained  from  the  oedometer  tests  are 
of  the  same  magnitudes  as  those  obtained  from  conventional  triaxial  testing  at  strains 
of  approximately  0.5-1%.  It  was  found  previously  in  section  3.6.2,  using  elastic 
analyses,  that  the  magnitude  of  stiffness  estimated  from  conventional  triaxial  tests 
were  too  low  to  accurately  reproduce  the  initial  stiff  foundation  response.  Oedometer 
values  of  stiffness  are  of  the  same  order  of  magnitude  and  will  therefore  give  a  similar 
result.  This  also  demonstrates  that  the  strain  resolution  of  conventional  oedometer 
testing  in  this  case  is  also  inadequate.  As  a  result,  values  of  elastic  stiffness,  G,  were 
obtained  as  described  previously  for  the  elastic  analyses  from  the  results  of  the  single 
CIU  test  performed  with  internal  strain  measurement,  Fig  3.18.  Values  of  1C  were 
determined  from  the  selected  values  of  G  using  relation  (3.14)  in  terms  of  ic.  Initial 
values  of  G  were  estimated  assuming  an  initial  value  of  Poisson's  ratio  equal  to  0.2. 
Values  Of  K  estimated  from  relation  (3.14)  are  small,  especially  for  the  crust. 
Additionally,  values  Of  K  estimated  from  the  underlying  soft  clay  are  typically  lower 
than  those  found  at  similar  soft  clay  sites.  Values  of  ic  used  to  describe  the  elastic 
stiffness  properties  of  a  soft  clay  foundation  at  Willow  Plantation  (A414)  England 
(Hird,  1994)  were  in  the  range  of  0.043-0.05,  with  a  Poissons  ratio,  V=0.3.  Numerical 
analyses  of  the  performance  of  a  test  embankment  constructed  on  soft  Malaysian 
67 marine  clay,  using  the  modified  Cam  clay  model,  assumed  values  of  K  of  0.03-0.06, 
with  a  PoissoWs  ratio,  v'=0.35  (Chai  and  Bergado,  1993).  The  sensitivity,  St,  of  the 
Malaysian  clay  is  larger  than  that  found  at  the  trial  loading  site  described  in  this 
chapter.  Numerical  analyses  reported  by  Mouratidis  and  Magnan  (1983)  describing 
the  construction  to  failure  of  a  trial  embankment  on  soft  soils  at  Cubzac-les-Ponts, 
South  West  France,  used  values  of  x--0.013  for  the  surface  crust  and  0.035-0.05  for  the 
underlying  soft  clay.  Poisson's  ratio  was  assumed  equal  to  0.4  for  the  Cubzac-les- 
Ponts  failure  analyses.  These  values  of  ic  are  approximately  3  and  1.5-2  times  greater 
than  those  assumed  for  the  crust  and  soft  clay. 
Estimated  values  Of  K  required  to  describe  the  elastic  stiffness  of  the  soft  clay 
foundation  at  Paimio,  Finland  (Naatanen  and  Loj  ander,  1994)  were  of  the  order  of  0.0  1 
for  the  overconsolidated  surface  crust  and  0.015  for  the  underlying  soft  soils.  For 
these  studies  Poisson's  ratio  was  assumed  equal  to  0.3  and  0.1  for  the  crust  and  soft 
clay.  These  values  are  lower  than  those  selected  for  the  trial  loading.  The  sensitivity, 
St,  of  these  soft  Finnish  clays  is  typically  very  much  greater  than  that  found  in  the  UK. 
Values  of  X  for  the  soft  clay  were  determined  directly  from  oedometer  normal 
compression  data.  Some  check  on  X  values  is  provided  by  a  correlation  which  links  X 
with  plasticity  index,  Ip  relation  (3.15),  Fig  3.65  (Muir  Wood,  1990). 
X=0.5861P  (3.15) 
Fig  3.65  has  been  compiled  from  a  number  of  published  sources  describing  the 
compressibility  of  soils  from  around  the  world. 
From  this  relation  estimates  of  X  can  be  made  given  a  value  of  plasticity  index,  Ip 
Plasticity  index  varies  considerably  with  depth,  Fig  3.12,  consequently  values  of  X 
estimated  using  this  relation  also  exhibit  a  wide  variation.  Despite  this,  values 
obtained  from  the  average  relationship  compare  well  with  values  of  2,  estimated  from 
the  oedometer  test. 
Values  of  X  estimated  from  oedometer  and  triaxial  tests  at  an  adjacent  site 
(Skempton,  1944  and  Nicholson  and  Jardine,  1986)  were  in  the  range  0.22-0.46  for  the 
surface  crust  and  0.26-0.57  for  the  underlying  soft  clay.  Estimates  of  X  obtained  from 
the  soft  clay  test  site  Bothkennar,  Scotland  (Nash  et  al.,  1992)  are  0.04-0.4  for  the 
68 surface  crust  and  0.2-0.45  for  the  underlying  soft  clay.  These  data  of  compressibility 
tend  to  plot  close  to  or  on  the  line  given  by  relation  (3.15).  The  sensitivity,  St,  of  these 
soils  is  low,  typically,  St<  6.  Clays  of  a  high  sensitivity,  Sf>  16,  such  as  some 
Canadian  or  Scandinavian  clays  (Tavenas  et  al.,  1986)  tend  to  plot  some  distance 
above  the  line  given  by  relation  (3.15).  This  suggests  that  relation  (3.15)  is  only 
applicable  to  clays  of  a  low  sensitivity.  Values  of  X  selected  for  the  analyses  are 
comparable  with  those  determined  from  adjacent  sites  and  from  similar  UK  soft  clay 
sites. 
A  single  value  of  Poisson's  ratio  V=0.2  was  selected  for  the  foundation.  This  value  of 
Possion's  ratio  was  mainly  obtained  by  trial  and  error,  however  some  guidance  as  to  a 
suitable  value  of  V  was  obtained  from  published  data  (Nicholson  and  Jardine  1986; 
Hird,  1994  and  Naatanen  and  Lojander,  1994).  Additionally,  field  observations  of 
embankment  construction  on  soft  soils  (Tavenas  et  al.,  1980)  suggest  that  the  ratio  of 
maximum  lateral  movement  to  maximum  vertical  movement  at  the  early  stages  of 
construction  is  approximately  0.2.  Researchers  have  found  that  in  order  to  obtain  such 
a  low  movement  ratio,  low  values  of  Poisson's  ratio  of  the  order  of  0.1-0.2  are  required 
(Poulos  et  al.,  1989). 
A  description  of  the  position  of  the  critical  state  line  in  e:  Inp'  and  q:  p'  space  is  given 
through  specification  of  parameters  ecs  and  M.  Values  of  ecs  were  estimated  from 
relation  (3.6),  but  were  found  to  have  little  influence  on  the  predicted  result. 
From  the  single  undrained  triaxial  test  an  estimate  of  the  critical  state  parameter  M, 
equal  to  1.1,  was  obtained  from  an  undisturbed  test  sample  obtained  from  3.2m  depth. 
From  the  same  test  the  effective  angle  of  internal  friction,  ý',  was  estimated  to  be 
approximately  28  degrees. 
For  this  study  only  a  single  value  of  M=1.1,  was  determined  for  the  soft  clay,  leaving  a 
very  vague  description  of  the  variation  of  the  parameter  M  for  the  foundation.  .  No 
triaxial  data  from  which  M  can  be  estimated  are  available  for  the  crust.  Values  of  M 
for  the  foundation  can  be  estimated  from  relation  (3.5),  section  3.4.3. 
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link  with  plasticity  index,  see  section  3.4.3  and  Fig  3.26.  Estimated  values  of  M  are 
presented  in  Fig  3.25.  As  can  be  seen  values  of  M  are  very variable  throughout  the 
foundation  because  of  the  high  variability  of  the  plasticity  index,  leaving  some 
ambiguity  as  to  an  accurate  description  of  M.  A  value  of  M=1.2  was  initially  assumed 
for  the  surface  crust,  which  corresponds  to  a  ý'  of  exactly  30  degrees. 
Ideally  the  value  of  M  should  be  estimated  from  a  series  of  triaxial  tests  performed  on 
samples  obtained  from  various  depths  throughout  the  foundation.  Here,  however  this 
is  not  possible,  since  only  a  single  value  for  the  soft  clay  exists.  Initial  values  of  M  do 
compare  reasonably  well  with  values  obtained  from  similar  soft  clay  sites  (Naatanen 
and  Lojander,  1994)  where  M  is  of  the  range  of  0.9-1.20.  The  sensitivity  of  these  clays 
is,  however,  very much  larger  than  the  soft  clay  described  here.  Numerical  analyses 
using  the  modified  Cam  clay  model  to  describe  the  loading  of  a  soft  clay  foundation  at 
Willow  Plantation  (A414)  England  (Hird,  1994)  estimated  M  equal  to  0.97-1.20  for  the 
soft  clay  and  1.25-1.70  for  an  overconsolidated  crust  (surface  layer  of  peat). 
The  size  of  the  initial  yield  locus,  p',,,  is  required  to  describe  the  stress  history  of  the 
soil.  The  item,  p',,  defines  the  size  of  the  modified  Cain  clay  ellipse  and  consequently 
defines  the  size  of  the  elastic  zone  and  the  subsequent  occurrence  of  plasticity.  Choice 
of  the  p',,,  has  a  significant  influence  on  the  predicted  solution  and  small  variations  of 
p',,  can  be  significant.  Many  analyses  were  performed  to  obtain  the  final  depth  profile 
of  overconsolidation.  The  greatest  difficulty  throughout  the  study  was  the  selection  of 
the  quantity  p',  especially  for  the  crust.  An  initial  estimate  of  the  depth  profile  of 
overconsolidation  was  provided  by  the  consistency  of  measured  and  predicted 
undrained  shear  strengths,  c,,,  which  can  be  determined  from  values  of  p'O  using  Cam 
clay  (Hird  and  Kwok,  1986  and  Hird,  1994). 
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70 Initial  values  of  p',,  were  chosen  so  that  something  resembling  the  required  profile  of 
undrained  shear  strength  (determined  from  back  analysis,  see  section  3.6.3)  was 
obtained.  From  back  analysis,  section  3.6.3,  it  was  found  that  local  yielding  was 
occurring  in  the  crust  at  shear  stresses  lower  than  the  in  situ  vane  strengths.  In  the 
Cam  clay  analyses  this  behaviour  was  modelled  by  inputting  reduced  p'O  values  for  the 
crust.  As  can  be  seen  from  Fig  3.66  the  final  crust  p'.  is  some  1.5-2.5  times  lower  than 
values  of  p',,  obtained  from  the  piezocone  and  oedometer  tests. 
Material  parameters  are  shown  in  Table  3.7  and  analyses  are  described  in  the  next 
section. 
3.6.4.3  Discussion  of  results 
As  can  be  seen  from  Figs  3.67-3.72  computed  and  observed  responses  are  in 
reasonable  agreement.  However,  many  analyses  have  had  to  be  performed  to  obtain 
the  current  solution.  For  comparison  vertical  and  lateral  displacements  solutions 
obtained  from  the  elastic,  perfectly  plastic  Trescsa  analyses  (EP4  c,,  =20kPa)  are  also 
shown.  In  each  case  an  improved  solution  is  provided  by  the  modified  Cam  clay 
effective  stress  soil  model. 
Vertical  edge  displacements  computed  using  modified  Cam  clay  compare  well  with 
the  maximum  observed  edge  displacements  (marker  24)  up  to  an  applied  load  of 
approximately  75kPa.  Tresca  analyses,  compare  better  with  vertical  displacements 
measured  at  marker  4  up  to  an  applied  load  of  60kPa.  Lower  vertical  edge 
displacements  were  observed  at  marker  4  than  marker  24  due  to  the  tilt  of  the  loading 
slab.  The  initial  elastic  responses  of  the  two  soil  models  are  similar.  For  applied  loads 
of  greater  than  20kPa  the  responses  of  the  two  models  separate.  At  applied  loads  of 
greater  than  30kPa  the  Tresca  solution  is  underestimating  the  observed  displacement 
response.  The  Cam  clay  model  is  displaying  a  less  stiff  response  which  is  very  similar 
to  that  observed.  The  initial  divergent  behaviour  of  the  two  model  responses  is  due  to 
the  elliptical  shape  of  the  modified  Cam  clay  yield  locus,  compared  to  the  straight  line 
yield  locus  of  the  Tresca  model,  causing  yield  to  occur  sooner  in  the  Cam  clay 
71 analyses.  Following  yield  a  less  stiff  foundation  response  is  observed.  The  Tresca 
stress  path  will  remain  longer  within  the  elastic  region  displaying  a  stiffer  response. 
Predictions  of  lateral  displacements  using  modified  Cam  clay  are  in  good  agreement 
with  those  observed  at  inclinometers  14,15  and  16.  However,  at  inclinometers  14  and 
15  analyses  are  under  predicting  the  observed  response  over  the  top  Im  of  foundation. 
Predictions  obtained  using  the  modified  Cam  clay  soil  model  are  more  accurate  than 
those  obtained  using  the  Tresca  soil  model  particularly  over  the  top  6m  of  foundation. 
This  behaviour  is  due  to  the  greater  magnitude  of  plastic  strains  associated  with  the 
modified  Cam  clay  soil  model,  as  described  previously. 
Predictions  of  excess  pore  ý  water  pressures,  Figs  3.71-3.72,  are  in  reasonable 
agreement  with  those  observed.  However,  excess  pore  water  predictions  at 
piezometers  P1  and  P2  are  typically  underestimating  those  observed.  Predictions  for 
P3  are  overestimating  those  observed  by  a  maximum  of  8kPa. 
Many  analyses  had  to  be  performed  to  obtain  the  pore  water  pressure  solution. 
During  the  course  of  analyses  predictions  of  excess  pore  water  pressure  were  found  to 
be  significantly  influenced  by  the  magnitude  of  p',,  selected  to  describe  stress  history  at 
each  piezometer  location. 
As  can  be  seen  from  Fig  3.66  low  values  of  p',,,  similar  to  those  obtained  from  the 
oedometer  test,  were  required  to  generate  the  required  magnitude  of  excess  pore  water 
pressure.  Excess  pore  water  pressure,  8u,  is  equal  to  the  difference  between  total  and 
effective  mean  stress,  relation  (3.16). 
u=8p-8p*  1  (3.16) 
where  8p  and  8p'  are  the  change  in  total  and  effective  mean  stress  respectfully. 
The  required  magnitude  of  excess  pore  water  pressure  was  obtained  by  ensuring  that 
sufficient  yielding  was  occurring  on  the  subcritical  or  'wet'  side  of  the  yield  locus 
giving  negative  8p',  Fig  3.73.  The  tilt  of  the  slab  may  have  caused  more  yielding  and 
therefore,  generated  larger  excess  pore  water  pressures  than  would  have  occurred  had 
the  loading  slab  not  tilted.  As  a  result,  the  final  back  analysed  profile  of 
overconsolidation  may  be  lower  than  that  actually  in  the  field. 
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those  observed.  From  relation  (3.16)  this  implies  that  the  change  in  effective  mean 
stress  is  too  large  and  needs  to  be  reduced  to  improve  predictions  at  P3.  Changes  in 
effective  mean  stress  only  occur  once  yield  has  occurred,  therefore  the  magnitude  of 
excess  pore  pressure  computed  at  P3  can  be  reduced  by  reducing  the  magnitude  of 
yielding  . 
This  can  done  by  increasing  the  size  of  the  yield  locus,  p'.  at  the  location  of 
P3  (6m  depth,  edge).  Estimates  of  preconsolidation  stress  obtained  from  the  piezocone 
and  in  situ  vane  test  indicate  the  presence  of  a  stiff  layer  at  approximately  6.0-7.9m 
depth.  Additionally,  borehole  logs  (Skempton  and  Henkel,  1953  and  Schnaid  et  al., 
1993)  indicate  the  presence  of  a  thin  stiff  layer  of  peat  at  approximately  6m  depth.  The 
presence  of  this  peat  layer  may  suggest  that  some  drainage  is  occurring  throughout  this 
layer,  causing  the  lower  excess  pore  water  pressures  measured  at  P3. 
As  can  be  seen  from  Fig  3.67  modified  Cam  clay  provided  a  reasonable  estimate  Of 
the  observed  bearing  capacity,  The  modified  Cam  clay  soil  model  predicted  a  bearing 
capacity  of  approximately  80kPa. 
3.6.4.4.  Discussion 
Use  of  the  modified  Cam  clay  soil  model  has  provided  a  reasonable 
' 
estimate  of  the 
observed  foundation  response.  However,  attaining  this  solution  was  not 
straightforward  but  was  frustrated  by  sparse  site  investigation  and  laboratory  test  data. 
Empirical  and  semi-empirical  methods  have  been  presented  with  which  to  supplement 
and  check  available  data  required  for  Cam  clay  analyses. 
The  main  problem  was  associated  with  the  selection  of  values  of  ic  required  to 
describe  the  stiffness  properties  of  stress  states  within  the  yield  locus.  Typically  values 
of  K  are  estimated  from  oedometer  unload-reload  data.  However,  in  this  case  the 
strain  resolution  of  the  oedometer  tests  was  not  small  enough  to  permit  selection  of 
suitable  values  of  -K.  As  a  result,  values  of  ic  were  estimated  from  the  results  of  a 
single  CIU  test  performed  with  initial  strain  measurement  (from  axial  strains  of 
0.03%).  To  ensure  a  sufficiently  high  magnitude  of  elastic  stiffness,  G,  these  values  of 
K  were  used  in  conjunction  with  low  values  of  Poisson's  ratio,  V=0.2.  A  low  value  of 
73 Poisson's  ratio  was  also  found  necessary  to  provide  accurate  predictions  of  the 
observed  lateral  displacements. 
For  the  soft  clay  values  of  X  were  obtained  from  oedometer  normal  compression  data. 
Values  of  X  for  the  crust  were  obtained  using  an  empirical  correlation  between  X  and 
the  plasticity  index.  The  empirical  correlation  was  also  used  to  check  values  of  2, 
estimated  for  the  soft  clay. 
Values  of  the  critical  state  parameter  M  for  the  soft  clay  were  selected  from  data 
available  from  a  single  ClU  test.  Based  on  an  empirical  link  between  M  (through  fl 
and  the  plasticity  index  this  value  was  assigned  to  the  entire  depth  of  soft  clay.  Values 
of  M  for  the  crust  were  estimated  using  the  empirical  correlation. 
From  the  results  of  the  analyses  it  is  evident  that  the  empirical  methods  used  to 
estimate  values  of  X  and  M  have  provided  reasonable  estimates  of  these  parameters. 
However,  use  of  empirical  methods  with  which  to  select  suitable  parameters  should 
not  be  thought  of  as  a  substitute  to  laboratory  testing  from  which  the  parameters 
should  be  obtained. 
Despite  the  quality  of  preconsolidation  stress  data  available  many  analyses  had  to  be 
performed  to  obtain  the  final  depth  profile  of  overconsolidation.  For  the  soft  clay  the 
final  depth  profile  of  overconsolidation  is  approximately  equal  to  the  average  profile, 
Fig  3.66  (average  of  all  methods  used  to  estimate  the  preconsolidation  stress).  Low 
values  of  p',,  were  assumed,  implying  values  of  undrained  shear  strength,  cu, 
approximately  equal  to  strengths  estimated  in  triaxial  compression  tests  to  model  the 
occurrence  of  local  failure  in  the  crust. 
It  is  evident  from  the  parameter  selection  process  previously  discussed  (sections 
3.6.4.2  and  3.6.4.3)  that  site  investigation  and  laboratory  testing  are  more  demanding 
in  situations  where  from  the  outset  Cam  clay  analyses  are  the  intention.  Investigations 
using  the  Tresca  soil  model  are  very  much  more  straightforward  and  the  small  number 
of  material  parameters  required  to  implement  this  model  still  makes  it  attractive  to 
engineers.  Additionally,  the  Tresca  model  was  found  to  provide  good  results, 
especially  for  displacements.  However,  an  improved  solution  was  obtained  using  the 
modified  Cam  clay  soil  model,  especially  for  predictions  of  lateral  displacements. 
Clearly,  modified  Cam  clay  has  a  role  to  play  in  geotechnical  design.  However,  the 
74 demands  of  the  parameter  selection  process  do  not  make  this  soil  model  attractive  in 
engineering  practice. 
3.7  Conclusions 
Finite  element  analyses  of  the  trial  loading  have  been  performed  using  the  isotropic 
elastic,  elastic-perfectly  plastic  Tresca  and  elasto-plastic  modified  Cam  clay  soil 
models.  These  soil  models  were  used  to  replicate  foundation  design  checks  of  some 
hypothetical  foundation  design  situation.  For  each  of  the  soil  models  used,  especially 
modified  Cam  clay,  many  analyses  had  to  be  performed  to  obtain  the  presented 
solutions.  Nevertheless,  conclusions  can  be  drawn  from  comparison  of  observed  and 
computed  foundation  responses.  During  the  trial  loading  the  initial  settlement 
response  was  observed  to  be  stiff.  As  a  result  high  values  of  elastic  stiffness  were 
required  in  order  to  accurately  model  the  observed  settlement  response.  Values  of 
elastic  stiffness  were  deduced  from  a  single  isotroPically  consolidated  undrained 
triaxial  test  performed  at  low  strain  (typically,  Ea<0.05%).  Stiffnesses  estimated  from 
oedometer  and  conventional  triaxial  tests  were  too  low  implying  that  in  this  case  the 
strain  resolution  of  these  tests  was  not  small  enough  to  provide  an  accurate  estimate  of 
elastic  stiffness.  Consequently,  if  accurate  estimates  of  deformations  are  required 
(serviceability  limit  state)  then  it  becomes  important  to  match  the  strain  range  of  the 
test  data  to  the  strains  that  develop  in  the  ground.  Studies  performed  by  Jardine  et  al. 
(1986)  suggest  that  the  average  strains  induced  under  the  centre  line  of  a  rigid  loading 
platform  are  typically  less  than  0.1%.  Conventional  oedometer  and  triaxial  tests  are 
typically  performed  at  strains  of  ca>O.  I%. 
Estimates  of  elastic  stiffness  deduced  from  the  single  CIU  test  were  checked  using  an 
empirical  link  between  normalised  elastic  stiffness  (normalised  with  respect  to  the 
undrained  shear  strength),  plasticity  index  and  the  overconsolidation  ratio  (Duncan  and 
Buchigani,  1976). 
Elastic,  perfectly  plastic  Tresca  analyses  showed  that  the  most  accurate  description  of 
the  depth  profile  of  undrained  shear  strength  was  obtained  from  triaxial  compression 
75 tests  (for  the  surface  crust)  and  the  in  situ  shear  vane  (for  the  underlying  soft  clay). 
Local  failure  in  the  crust,  occurring  under  an  edge  of  the  rigid  loading  platform,  was 
found  to  be  occurring  at  undrained  shear  strengths  some  1.5-2  times  smaller  than  the 
maximum  undrained  shear  strengths  measured  using  the  in  situ  shear  vane  and  static 
cone  penetrometer.  Back  analysed  crust  shear  strengths  were  comparable  with 
strengths  estimated  from  triaxial  compression  tests.  This  result  is  'similar  to  the 
findings  of  Trak  et  al.  (1980).  The  undrained  shear  strength  of  the  surface  crust  was 
found  to  significantly  influence  the  bearing  capacity  of  the  foundation. 
The  Tresca  soil  model  provided  a  reasonable  match  to  the  observed  behaviour, 
particularly  settlements.  However,  an  improved  solution  was  obtained  using  the 
modified  Cam  clay  soil  model.  Application  of  the  Tresca  soil  model,  was 
straightforward  compared  to  the  modified  Cam  clay  soil  model.  Modified  Cam  clay 
analyses  were  frustrated  by  sparse  soils  data  from  which  to  select  the  required  material 
parameters.  The  extent  of  the  site  investigation  conducted  at  the  trial  loading  site  was 
probably  greater  than  average.  However,  available  site  investigation  and  laboratory 
testing  data  are  not  necessarily  directly  applicable  to  Cam  clay  analyses.  Parameter 
selection  for  the  Cam  clay  model  was  dependent  on  empirical  and  semi-empirical 
methods. 
Predictions  using  the  modified  Cam  clay  soil  model  were  significantly  influenced  by 
parameters  r,  and  p',  Values  of  ic  were  selected  indirectly  from  the  single  ClU  test 
performed  with  internal  strain  measurement.  Values  of  p',,  were  determined  from  the 
assumed  undrained  shear  strength  profile.  Local  failure  in  the  crust  was  modelled  by 
using  reduced  values  of  p',  Additional  values  of  preconsolidation  stress  were 
estimated  using  an  empirical  link  with  undrained  shear  strength. 
Reasonable  estimates  of  the  parameter  X  were  obtained  from  oedometer  normal 
compression  data.  Some  check  on  selected  values  of  X  was  provided  by  an  empirical 
link  with  plasticity  index  (Muir  Wood,  1990). 
Values  of  the  critical  state  parameter  M  were  estimated  using  an  empirical  link  with 
plasticity  index  (Mitchell,  1976  and  Muir  Wood,  1990).  This  method  was  thought  to 
provide  reasonable  estimates  of  M.  Data  were  only  available  from  a  single  test  from 
which  to  select  values  of  M. 
76 Despite  the  dependency  of  Cam  clay  parameters  on  empirical  methods,  the  chosen 
parameter  set  provided  reasonable  predictions  of  the  observed  behaviour.  A  more 
systematic  approach  to  parameter  selection  for  the  Cam  clay  model  may  be  to  tailor  the 
site  investigation  and  laboratory  testing  to  suit  these  models.  However,  as  mentioned 
previously,  the  complexity  of  the  design  would  need  to  justify  this  approach.  The 
original  problem,  for  which  the  trial  loading  was  performed  (Schnaid  et  al.,  1993)  did 
not  require  use  of  the  more  complex  Cam  clay  soil  model.  However,  as  will  be  seen  in 
subsequent  chapters,  particularly  chapter  5,  even  for  some  common  loading  situations 
use  of  more  complex  soil  models,  i.  e.,  modified  Cain  clay,  is  necessary. 
77 Table  3.1.  Values  of  piezocone  factor,  Nkt,  estimated  from  relation  (3.3) 
(Mayne,  1992) 
Depth(m)  Rigiditv  Index  I,.  Cone  Factor  Nk, 
Seismic 
cone 
Triaxial 
(Conv) 
Triaxial 
(Int) 
Seismic. 
cone 
Triaxial 
(Conv) 
Triaxial 
0.8  200  73  11  10 
2.3  1010  22  13  8 
2.3  116  10 
3.2  755  46  190  13  11  11 
3.8  755  46  13  9 
5.6  400  82  12  10 
5.8  741  16  13  8 
7.4  312  174  11.5  11 
8.3  661  68  12.5  10 
8.4  846  78  13  -  =10 
10.0  765  52  13  19 
Table  3.2.  Centre  contact  pressure,  p(0,0)/p,,  (r=b/a)  (Dempsey  and  Li,  1989).. 
v'  dla  r=  1  r=  1-5  r=21  r=3  r=5  r-  zc 
0.1  0-3  0-7988  0-8301  0-8456  0-8597  0-8737  0-8950 
1-0  0-5385  0-5712  0-5997  0-6362  06660  0.7105 
30  0-4877  04935  0-5024  0-5210  0-5527  06466 
10-0  0-4850  0-4886  0-4947  0-5067  0-5241  0-6375 
0-3  0-3  08366  0-8653  0-8792  0-89m  09020  0-9184 
1-0  0-5503  0-5880  06195  0-6574  06852  0-7229 
30  0-4884  04948  0-5044  0-5245  0-5588  06485 
10-0  0-4850  0-4486  04948  0-5068  05245  06377 
05  03  1-0045  10612  1-0922  1-1164  1-1076  1-0327 
10  ().  5819  06342  0-6756  0-7233  0-7555  0-7567 
3-0  0-4902  0  49M  05095  0-5337  05753  06536 
100  0-495Ö  0.4437  04950  0-5071  0-5254  06392 
0-4849  0  4X84  04945  0-5062  05227  06360 
ble  3.3.  Displacements, 
V2 
Et 
a 
p(w, 
Y 
Rigid  rectangular  footing  on  elastic  layer 
(Dempsey  and  Li,  1989). 
rg  dla  r=1  r=  1-5  r=2  r-3  r=5  r-X 
0-1  0-3  0-2396  0-2479  0-2522  0-2367  0-2606  0-2668 
1-0  0-5292  0-5795  0-6078  0-6388  0-6659  0-7121 
3-0  0-7389  0-8625  0-9458  1-0496  1.1508  1-3437 
10-0  0-8284  0-9947  1-1183  1-2948  1.5088  2-1010 
0-3  0-3  0-2112  0-2166  0-2195  0-2224  0-2252  0-2289 
-1-0  0-4989  0-ffl  0-5629  0-5869  0-6074  0-6418 
3-0  0-7252  0-8425  0-9200  1-0141  1-1022  1-2619 
10-0  0-8241 
- 
0-9883  1-1097  1-2821  1-4883  2-0175 
0.3  0-3  0-1059  0.0959  0-0899  00835  0-0787  0-0725 
1.0  0-4075  0-4200  0-4217  0-4182  0-«)gg  0-3921 
3-0  0-6851  0-7839  0-8442  0-9089  0-9549  0-9822 
10-0  0-8116  0-9696  1-0849  1-2452  1-4283  1-7332 
0,8678  1-0537  1-1968  1-4122  1-7020  or- 
78 Table  3.4.  Material  parameters  selected  for  isotropic  linear  elastic  analyses  (Tresca  soil 
model). 
Layer  No  I  Depth  (m)  E,,  (kPa)"  c,,  (kPa)'  vu  ýu  (degrees) 
1  0-1.5  30000  5000  0.499  0.0 
2  1.5-6.0  6000  5000  0.499  0.0 
3  6.0-9.0  13000  5000  0.499  0.0 
Eu  +  values  estimated  from  G,,  /cU=170. 
cu  ++  significantly  enhanced  values  of  undrained  shear  strength  to  ensure  elasticity  for  all 
stress  states. 
Table  3.5.  Material  parameters  selected  for  linear  elastic  perfectly  plastic  (Tresca)  soil 
model. 
Layer  Depth  E,,  (kPa)  cuo  vu  ýu  YO  mc 
No  (M)  (kPa)+  (degrees) 
1  0.0-1.5  30000  60  0.499  0.0  0.0  0.0 
(60) 
2  1.5-6.0  6000  12  0.499  0.0  .  50  0.667 
(15) 
3  6.0-9.0  13000  15  0.499  0.0  6.0  6.667 
(35) 
CUO  +  values  estimated  from  Fig 3.16.  Undrained  shear  strength  at  top  of  each  layer 
(c,,  )  undrained  shear  strength  at  the  base  of  each  layer. 
79 Table  3.6.  Ultimate  bearing  capacity  qf  computed  using  relation  (3.13). 
Average  undrained  shear  strength  18  16  15.5  15  14.5 
cu  (kPa) 
Ultimate  bearing  capacity  qf  (kPa)  92  82  79  77  74 
relation  (3.13) 
Ultimate  bearing  capacity  (finite  84  76  70  -  - 
element  analysis) 
Table  3.7  Adjusted  material  parameters  for  modified  Cam  clay  analyses. 
DETAILS  MATERIAL  PROPERTIES 
DEPTH 
(m) 
LAYER 
No 
ecs  M  v  y(kN/m3) 
0-1.5  1  0.0045  0.20  2.52  0.95  0.2  16 
1.5-3.0  2  0.025  0.35  2.57  0.95  0.2  16 
3.0-4.5  3  0.025  0.35  3.02  1.10  0.2  15 
4.5-6.0  4  0.025  0.35  2.31  1.10  0.2  15 
6.0-9.0  5  0.02  0.25  2.54  1.10  0.2  15 
9.0-11.0  6  0.02  0.25  2.02  1.10  0.2  15 
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VARIATION  OF  UNIT  WEIGHT  WITH  DEPTH 
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VARIATION  OF  PHI  WITH  DEPTH 
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UNDRAINED  SHEAR  STRENGTH  PROFILE 
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PRECONSOLIDATION  STRESS 
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89 Fig  3.18(b).  Comparison  of  soil  triaxial  testing  using  internal  and  external  strain 
measurement. 
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DEPTH  PROFILE  OF  STIFFNESS  RATIO  G/Cu  AND  G/P'*i 
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FIGURE  3.20 
STIFFNESS  RATIOS  G/P'i  FOR  TRIAL  LOADING  AND  BOTHKENNAR  COMPARED 
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91 FIGURE  3.21 
ESTIMATION  OF  CONE  FACTOR  Nk 
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TýPICAL  OEDOMETER  TEST  RESULT 
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Fig  3.24.  Dependence  of  Poisson's  ratio  V  on  plasticity  index  Ip 
(Wroth,  1975  and  Muir  Wood,  1990) 
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VARIATION  OF  M  WITH  DEPTH 
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Fig  3.26.  Relationship  between  M  or  sino'  and  plasticity  index,  lp,  for  normally 
compressed  soils  (Mitchell,  1976  and  Muir  Wood,  1990). 
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94 FIGURE  3.27 
DETERMINATION  OF  n  FROM  PIEZOCONE  DATA 
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OEDOMETER  AND  PIEZOCONE  PRECONSOLIDATION  STRESS 
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OEDOMETER  AND  PIEZOCONE  OVERCONSOLIDATION  RATIOS 
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OEDOMETER  AND  PIEZOCONE  PRECONSOLIDATION  STRESS 
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96 Fig  3.3  1.  Ratio  of  undrained  strength  to  initial  mean  effective  stress  (c.  /p'j)  varying  with 
isotropic  overconsolidation  ratio  (Muir  Wood,  1990). 
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Fig  3.32.  Ratio  of  vertical  effective  stress  in  one-dimensional  normal  compression  and 
undrained  strength  at  same  specific  volume  as  fimction  of  A  and  angle  of  shearing 
resistance  +'  according  to  modified  Cam  clay  soil  model  (Muir  Wood,  1990). 
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97 FIGURE  3.34 
OEDOMETER  AND  FIELD  VANE  PRECONSOLIDATION  STRESS 
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Fig  3.35.  Finite  element  mesh  used  to  desenibe  the  foundation  soil. 
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98 FIGURE  3.36  -  VERTICAL  EDGE  DISPLACEMENT  PROFILES 
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VERTICAL  EDGE  DISPLACEMENT  PROFILE  OF  SLAB 
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99 FIGURE  3.38 
NORMALISED  SECANT  SHEAR  MODULUS  (G/Cu)  AGAINST  SHEAR  STRAIN 
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FIGURE  3.39 
VERTICAL  STRAIN  PROFILE  WITH  DEPTH  AT  CENTRE  LINE 
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Fig  3.40.  Ratio  of  undrained  Young's  modulus  to  shear  strength  against 
overconsolidation  ratio  for  clays  (Duncan  and  Buchignaniý  1976  and  Meigh,  1997). FICURE  3.41 
UNDRAINED  SHEAR  STRENGTH  DEPTH  PROFILE  ASSUMED  TO  SELECT  ELASTIC  STIFFNESS 
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APPLIED  LOAD  AGAINST  VERTICAL  EDGE  DISPLACEMENT 
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102 FIGURE  3.43 
LATERAL  DISPLACEMENT  AT  INCLINOMETER  14  AGAINST  DEPTH  AT  LOAD  63kPa 
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103 FIGURE  3.45 
LATERAL  DISPLACEMENT  AT  INCLINOMETER  16  AGAINST  DEPTH 
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FIGURE  3.46 
LATERAL  DISPLACEMENT  AT  INCLINOMETER  14  AGAINST  DEPTH  AT  LOAD  63kPa 
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104 FIGURE  3.47 
LATERAL  DISPLACEMENT  AT  INCLINOMETER  15  AGAINST  DEPTH  AT  63kPa 
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FIGURE  3.48 
LATERAL  DISPLACEMENT  AT  INCLINOMETER  16  AGAINST  DEPTH  AT  LOAD  84kPa 
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105 FIGURE  3.49 
LATERAL  DISPLACEMENT  AT  INCLINOMETER  14  AGAINST  DEPTH  AT  LOAD  63kPa 
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FIGURE  3.50 
LATERAL  DISPLACEMENT  AT  INCLINOMETER  15  AGAINST  DEPTH  AT  63kPa 
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106 FIGURE  3.51 
LATERAL  DISPLACEMENT  AT  INCLINOMETER  16  AGAINST  DEPTH  AT  LOAD  84kPo 
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APPLIED  LOAD  AGAINST  EDGE  DISPLACEMENT 
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107 FIGURE  3.53 
LATERAL  DISPLACEMENT  AT  INCLINOMETER  14  AGAINST  DEPTH. 
0 
-1 
-2 
-3 
-4 
-5 
6 
-7 
8 
-9 
-10 
-11 
...  .  ....  ......  ...  ...... 
0  10  20  30  40  50 
LATERAL  DISPLACEMENT  (mm) 
0 
-1 
-2 
-3 
-4 
, 
E, 
-5 
:E- 
6 
CL 
L,  j  -7 
8 
-9 
-10 
-11 
FIGURE  3.54 
LATERAL  DISPLACEMENT  AT  INCLINOMETER  15  AGAINST  DEPTH. 
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108 FIGURE  3.55 
LATERAL  DISPLACEMENT  AT  INCLINOMETER  16  AGAINST  DEPTH. 
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APPLIED  LOAD  AGAINST  EDGE  DISPLACEMENT 
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109 FIGURE  3.57 
LATERAL  DISPLACEMENT  AT  INCLINOMETER  14  AGAINST  DEPTH. 
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LATERAL  DISPLACEMENT  AT  INCLINOMETER  15  AGAINST  DEPTH. 
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110 FIGURE  3.59 
LATERAL  DISPLACEMENT  AT  INCLINOMETER  16  AGAINST  DEPTH. 
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APPLIED  LOAD  AGAINST  EDGE  DISPLACEMENT 
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111 FIGURE  3.61 
LATERAL  DISPLACEMENT  AT  INCLINOMETER  14  AGAINST  DEPTH, 
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FIGURE  3.62 
LATERAL  DISPLACEMENT  AT  INCLINOMETER  15  AGAINST  DEPTH. 
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112 FIGURE  3.63 
LATERAL  DISPLACEMENT  AT  INCLINOMETER  16  AGAINST  DEPTH. 
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INCREASE  IN  STIFFNESS  ASSOCIATED  WITH  A  DECREASE  IN  KAPPA 
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COMPRESSIBILITY  PLOTTED  AGAINST  PLASTICITY  INDEX 
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DEPTH  PROFILE  OF  DEGREE  OF  OVERCONSOLIDATION 
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FIGURE  3.67 
APPLIED  LOAD  AGAINST  EDGE  DISPLACEMENT. 
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115 FIGURE  3.68 
LATERAL  DISPLACEMENT  PROFILE  AT  INCLINOMETER  14 
0 
-2 
-3 
-4 
-5 
-6 
-7 
-8 
-9 
-10 
-11 
E 
LLJ 
0 
0  10  20  30  40 
LATERAL  DISPLACEMENT  (mm) 
FIGURE  3.69 
LATERAL  DISPLACEMENT  PROFILE  AT  INCLINOMETER  15. 
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116 FIGURE  3.70 
LATERAL  DISPLACEMENT  PROFILE  AT  INCLINOMETER  16. 
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EXCESS  PORE  WATER  PRESSURES  AGAINST  APPLIED  LOAD  AT  A  DEPTH  OF  3.  Om 
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EXCESS  PORE  WATER  PRESSURES  AGAINST  APPLIED  LOAD  AT  A  DEPTH  OF  6.  Om 
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Fig  3.73.  Total  and  effective  stress  paths  for  modified  Cam  clay  analyses;  (a)  yield  on 
subcritical  side  of  yield  locus  and  (b)  yield  on  the  supercritical  side  of  the  yield  locus. 
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4.  Cubzac-les-Ponts,  embankment  A 
4.1  Introduction 
In  this  chapter  the  observed  behaviour  of  a  soft  clay  foundation  loaded  rapidly  to 
failure  via  the  construction  of  a  trial  embankment  has  been  back  analysed  using  finite 
element  analysis.  As  for  the  trial  loading  described  previously  in  chapter  3,  the  intent 
of  analyses  was  to  determine  a  set  of  material  parameters  which  provided  a  reasonable 
estimate  of  the  observed  pre-failure  foundation  behaviour.  A  hypothetical  design 
situation  requiring  an  estimation  of  construction  induced  settlements,  lateral 
displacements  and  excess  pore  water  pressures  at  pre-failure  embankment  heights  has 
been  assumed. 
The  embankment  trial  loading  described  in  this  chapter  was  included  in  this  thesis  to 
test  the  findings  and  parameter  selection  process  described  for  the  trial  loading 
described  previously  in  chapter  3,  and  hence  assess  the  applicability  of  this  parameter 
selection  process  to  embankment  type  loads.  In  practice  the  construction  of 
embankments  on  soft  clays  is  very  often  analysed  using  finite  element  analysis  and  the 
modified  Cam  clay  soil  model  (Gens,  1994). 
The  embankment  described  in  this  chapter  (embankment  A)  was  the  first  of  four  trial 
embankments  constructed  on  a  soft  clay  research  site  at  Cubzac-les-Ponts,  some  30krn 
north  of  Bordeaux  on  the  north  bank  of  the  Dordogne,  Fig  4.1.  Construction  of  the 
trial  embankments  was  started  in  1972  by  the  French  Laboratories  des  Ponts  et 
Chaussees  to  study  the  behaviour  of  embankments  constructed  on  soft  clay 
foundations.  Embankment  A  was  constructed  to  failure  in  1974;  failure  occurred  at  a 
height  of  approximately  4.5m.  The  failure  of  this  embankment  was  used  to  guide  the 
choice  of  heights  of  the  subsequent'embankments  to  give  differing  margins  of  safety 
against  complete  failure.  Details  of  the  embankment  field  tests  are  given  in 
Shahanguian  (1981),  Mouratidis  and  Magnan  (1983),  Magnan,  Mieussens  and  Queyroi 
(1983)  and  Leroueil,  Magnan  and  Tavenas  (1985).  Details  of  embankment  A  and  the 
trial  loading  are  given  in  section  4.2.  Details  of  previous  analyses  of  embankment  A 
(Mouratidis  and  Magnan,  1983;  Magnan,  1984  and  Babchia,  1984)  are  also  included  in 
section  4.2. 
Here,  plane  strain,  undrained  and  coupled  undrained/drained  consolidation  analyses 
have  been  performed  using  the  modified  Carn  clay  soil  model.  Consolidation  analyses 
were  performed  in  an  attempt  to  improve  predictions  of  excess  pore  water  pressures. 
119 In  this  chapter,  due  to  the  wealth  of  soils  data,  use  of  additional  empirical  methods 
with  which  to  check  selected  parameters  is  also  explored. 
A  brief  description  of  the  soft  clay  site  at  Cubzac-les-Ponts  is  given  in  section  4.3. 
For  comparison  the  main  aspects  of  the  trial  loading  site  described  in  chapter  3 
(mainly  required  Cam  clay  parameters)  are  also  included.  Parameter  selection  for  the 
Cam  clay  analyses  are  also  included  in  this  section. 
Numerical  modelling  of  the  embankment  trial  loading  for  both  the  undrained  and 
consolidation  analyses  is  described  in  section  4.4.  The  results  of  finite  element 
analyses  are  presented  and  discussed  in  section  4.5.  The  results  of  analyses  are  also 
compared  with  alternative  methods  of  analysis  (hand-calculations).  These  methods  are 
also  described  in  section  4.6.  The  main  findings  of  analyses  are  discussed  in  section 
4.7.  Conclusions  are  presented  in  section  4.8. 
4.2  Details  of  trial  loading  and  previous  analyses 
Embankment  A  was  constructed  from  coarse  sand  and  gravel  (r-2lkN/m3;  ý'=35 
degrees,  Mouratidis  and  Magnan,  1983)  over  a  period  of  eight  days,  to  a  failure  height 
of  4.5m.  Details  of  the  embankment  dimensions  are  shown  in  Fig  4.2.  The 
instrumentation,  which  consisted  mainly  of  piezometers,  settlement  gauges  and 
inclinometers,  was  placed  predominantly  in  one  transverse  section  of  the  embankment, 
section  A-A,  Fig  4.3.  Measurements  were  taken  at  regular  intervals  during 
construction  and  after  completion  of  the  embankment.  The  results  of  the  numerical 
predictions'  were  compared  with  the  measurements  obtained  from  the  transverse 
section.  It  was  assumed  that  this  section  was  sufficiently  remote  from  the  ends  of  the 
embankment  to  be  deforming  under  conditions  of  plane  strain.  The  condition  of  plane 
strain  was  imposed  on  the  analyses. 
Previous  analyses  of  embankment  A  (Mouratidis  and  Magnan,  1983;  Magnan,  1984 
and  Babchia,  1984)  have  been  performed  using  the  ROSALIE-Group  9  finite  element 
program  and  the  MELANIE  soil  model  (Mouratidis  and  Magnan,  1983)  to  describe  the 
soft  clay  foundation.  The  embankment  was  described  as  an  elastic,  perfectly  plastic 
material  with  a  Mohr-Coulomb  failure  criterion. 
The  MELANIE  soil  model  is  an  anisotropic  elasto-plastic  strain  hardening  effective 
stress  soil  model.  Development  of  the  MELANIE  soil  model  was  inspired  by  the 
modified  Cam  clay  effective  stress  soil  model  (Roscoe  and  Burland,  1968).  The 
MELANIE  soil  model  differs  from  the  modified  Cam  clay  model  principally  in  three 
respects: 
120 1.  The  elastic  properties  are  assumed  to  be  cross-anisotropic. 
2.  The  yield  locus  is  similar  to  those  observed  for  natural  clays  (Shahanguian, 
1981  and  Diaz-Rodriguez  et  al.,  1992)  and  is  not  symmetrical  about  the  mean 
effective  stress  axis. 
3.  The  plastic  potential  is  not  the  same  as  the  yield  locus,  hence  a  postulate  of 
non-associated  flow  is  assumed. 
The  main  features  of  the  model  are  shown  in  Fig  4.4. 
The  ROSALIE-Group  9  finite  element  program  incorporates  a  feature  which  enables 
the  incomplete  saturation,  presence  of  gas  within  the  soil  pores,  of  a  soil  foundation  to 
be  included  in  the  analyses.  Introduction  of  a  certain  amount  of  compressibility  of  the 
pore  fluid  has  proven  useful  and  very  often  has  significantly  improved  predictions. 
Full  details  of  this  model  and  previous  analyses  of  the  loading  event  can  be  found  in 
Mouratidis  and  Magnan  (1983)  and  Leroueil  et  al.  (1985). 
4.3  Ground  conditions  and  parameters  required  for  analyses 
4.3.1  Introduction 
In  this  section  the  ground  conditions  at  Cubzac-les-Ponts  are  discussed  in  relation  to 
the  soil  parameters  required  by  the  modified  Cam  clay  soil  model  for  undrained  and 
consolidation  analyses.  Parameters  required  to  describe  undrained  Cam  clay  analyses 
have  been  discussed  at  length  previously  in  chapters  2  and  3.  As  a  result  only  a  very 
brief  description  is  given  here.  In  consolidation  analyses  of  an  extra  two  parameters 
describing  horizontal,  kh  (=k,,  ),  and  vertical,  k,  (=ky)  permeability  are  required.  In 
practice  different  methods  are  used  to  obtain  suitable  estimates  of  the  permeability  of 
the  soil.  A  brief  review  of  these  methods  is  included  in  subsection  4.3.7.3. 
Permeability  is  considered  in  section  4.3.7.  As  in  chapter  3  the  final  parameter  set 
includes  an  element  of  trial  and  error  required  to  improve  the  match  between  observed 
and  computed  responses.  The  final  parameter  set  is  presented  in  Table  4.1. 
121 4.3.2  Ground  conditions 
The  foundation  soils  at  Cubzac-les-Ponts  consist  of  approximately  8m  of  soft  normally 
consolidated  clay  of  variable  organic  content,  overlain  by  a  firm  1.75m  thick 
desiccated  surface  crust.  The  soft  clay  is  underlain  by  a  layer  of  coarse  sand  and 
gravel  some  5m  thick.  The  ground  water  level  was  found  to  be  at  a  depth  of 
approximately  1.0m.  A  summary  of  the  ground  conditions  is  presented  in  Fig  4.5- 
4.10. 
The  site  investigation  included  boreholes,  sampling,  in  situ  vane,  static  cone 
penetration,  pressuremeter  and  in  situ  permeability  tests.  An  extensive  laboratory 
testing  program  was  performed  on  undisturbed  samples:  this  included  oedometer  tests, 
undrained  and  drained  triaxial  tests  and  permeability  tests.  Details  of  the  site 
investigation  and  laboratory  tests  are  given  by  Shahanguian  (1981),  Mouratidis  and 
Magnan  (1983)  and  Magnan,  Mieussens  and  Queyroi  (1983).  The  soft  clay  site  at 
Cubzac-les-Ponts  is  an  experimental  research  site,  as  a  result,  an  extensive  volume  of 
soils  data  describing  the  ground  conditions  at  this  site  is  available. 
4.3.3  Mastic  parameters  ic  and  V 
Conventionally  values  Of  K  are  selected  from  the  slope  of  the  unload-reload  line  in  an 
oedometer.  Because  of  the  typically  non-linear  unloading  process  observed  in  an 
oedometer  test  there  is  room  for  interpretation  as  to  the  line  which  best  describes  the 
unloading  process.  The  problem,  therefore  is  which  slope  to  use.  Previously  for  the 
trial  loading  (chapter  3),  analyses  required  the  selection  of  very  small  values  of  K, 
implying  a  high  value  of  elastic  stiffness,  which  corresponds  to  the  slope  of  the 
unloading  process  immediately  after  the  change  in  loading  direction,  i.  e.  a  minimum 
value  of  ic.  Assuming  this  to  apply  here,  values  Of  K  estimated  from  the  slope  of  the 
unloading  line  immediately  after  a  change  in  loading  direction  are  presented  in  Fig 
4.11.  For  comparison  K  values  of  the  average  slope  of  the  entire  loading  process  are 
also  shown.  Corresponding  values  of  shear  modulus,  G,  estimated  using  relation 
(2.40)  and  using  a  Poisson's  ratio,  V=0.2,  are  presented  in  Fig  4.12.  Estimates  of  the 
in  situ  stiffness  have  also  been  obtained  from  the  self-boring  pressuremeter  and  triaxial 
tests.  Values  of  stiffness  obtained  using  these  methods  are  also  shown  in  Fig  4.12.  As 
can  be  seen  from  Fig  4.12  shear  moduli  estimated  from  minimum  values  Of  K  compare 
approximately  with  the  values  of  stiffness  estimated  from  triaxial  tests  performed  at 
low  strains  (0.02%<c<0.05%)  implying  that  minimum  K  values  are  low  strain  values. 
Average  K  values  correspond  to  stiffnesses  determined  from  standard  triaxial  tests  at 
122 conventional  strain  levels  (c>0.5%)  which  are  in  turn  c,  omparable  to  shear  moduli 
estimated  from  the  self-boring  pressuremeter  tests.  Shear  moduli  estimated  using  the 
self-boring  pressuremeter  tests  were  determined  over  a  strain  range  of  0.3-0.4%.  The 
maximum  oedometer  shear  moduli  give  a  ratio  to  the  undrained  shear  strength,  G/c,,, 
of  125-200.  Fig  4.13. 
Values  of  undrained  shear  strength,  cu,  are  shown  in  Fig  4.7.  Estimates  of  the 
undrained  shear  strength  have  been  obtained  from  in  situ  vane,  self-boring 
pressuremeter  and  static  cone  penetrometer  tests  and  undrained  triaxial  compression' 
tests  performed  on  undisturbed  samples.  Here  a  depth  profile  of  u'ndrained  shear 
strength  similar  to  those  described  by  the  corrected  in  situ  vane  strengths  (Bjerrum, 
1973)  and  triaxial  compression  tests,  has  been  assumed. 
Further  estimates  of  foundation  stiffness  can  be  obtained  from  the  empirical  chart,  Fig 
3.40  (Duncan  and  Buchignan,  1976  and  Meigh,  1987)  previously  discussed  in  chapter 
3  relating  the  ratio  of  elastic  stiffness  to  undrained  shear  strength  to  the 
overconsolidation  ratio,  n  and  plasticity  index,  Ip,  The  plasticity  index  of  the  clay 
foundation  is  presented  in  Fig  4.14  and  is  typically  less  than  50%  for  the  crust,  but 
greater  than  50%  for  the  soft  underlying  soft  clay.  The  range  of  possible  plasticity 
index,  25:  5  1P  :5  50  and  overconsolidation  ratios  1:  5  n  -5  20,  Fig  4.15,  makes  the  chart 
difficult  to  interpret  for  the  crust.  For  the  soft  clay  a  distinct  range  of  G/cu  ratios 
emerges  in  the  range  of  35-100  for  a  plasticity  index  range  of  IP>50%  and  an 
overconsolidation  ratio  range  of  1-3.  The  resulting  G/q,  ratios  are  comparable  with 
values  obtained  from  manipulation  of  oedometer  test  data  assuming  an  average  slope 
of  the  entire  unloading  process  to  deduce  the  value  of  shear  modulus. 
Further  guidance  as  to  which  slope  to  use  to  describe  the  oedometer  unload-reload  data 
can  be  obtained  by  comparing  the  minimum  and  average  oedometer  G/cu  ratios  with 
those  obtained  from  the  small  strain  triaxial  tests.  The  most  convenient  means  of 
doing  this  is  as  follows.  Values  of  secant  modulus,  G,  determined  from  the  low  strain 
triaxial  tests  were  normalised  with  respect  to  the  undrained  shear  strength  and  plotted 
against  axial  strain,  c.  (which  is  the  same  as  shear  strain  in  undrained  loading)  Fig 
4.16.  Three  low  strain  triaxial  tests  were  used  to  compose  the  Gsecant/cu:  8a  relation 
presented.  Assuming  that  this  relationship  between  stiffness  and  strain  can  be  applied 
generally  to  the  whole  foundation,  values  of  G/c,,  can  be  obtained  given  an  estimated 
elastic  strain  level.  Back  analysis  of  the  trial  loading  described  in  chapter  3 
determined  that  the  small  strain  stiffness  properties  of  the  clay  foundation  had  a 
significant  influence  on  the  magnitude  and  form  of  the  displacement  response. 
Quantifying  "small"  is  difficult  without  direct  measurement  of  strains  as  they  occur  in 
123 the  ground  however,  Jardine  et  al.  (1984),  from  triaxial  testing  at  small  strains  of  soft 
clay  samples,  found  that  the  attainment  of  0.1%  axial  strain  generally  coincided  with  a 
marked  loss  of  stiffness  which  they  assumed  to  be  the  limit  of  the  small  strain  range  or 
first  yield.  Therefore,  assuming  an  initial  elastic  strain  level  of  0.1%  gives  a  stiffness 
to  strength  ratio  of  approximately,  G/c,,  =90.  This  G/q,  ratio  of  90  is  typically  not 
reproduced  by  either  of  the  oedometer  unloading  slope  assumptions,  but  corresponds 
approximately  to  the  average  of  stiffness  ratios  inferred  from  the  average  and 
minimum  oedometer  unloading  slope  assumptions.  The  stiffness  to  strength  ratio 
G/cu=90,  corresponds  with  the  values  estimated  using  the  empirical  chart  (Duncan  and 
Buchigani,  1976). 
Values  of  ic  estimated  using  this  process  are  presented  in  Table  4.1.  Initial  values  of 
K  for  analyses  were  selected  from  Fig  4.11  with  bias  towards  the  average  K  values, 
particularly  over  the  depth  range  of  2-4m  below  ground  level.  Initial  values  of  ic  were 
adjusted  mainly  by  trial  and  error  to  provide  the  current  solution. 
Based  on  the  findings  described  in  chapter  3,  Poissods  ratio,  V,  was  assumed  equal  to 
0.2.  A  value  of  V=0.2  was  selected  to  ensure  that  the  required  initial  stiffness  profile 
with  depth  was  compatible  with  that  automatically  calculated  by  CRISP90  from 
material  input  data  and  initial  in  situ  stress  conditions.  Additionally,  V=0.2  was 
considered  to  be  suitably  small  to  ensure  a  low  ratio  of  maximum  lateral  movement  to 
maximum  vertical  movement  (Poulos  et  al.,  1989).  From  the  results  of  drained  triaxial 
test  performed  on  selected  undisturbed  samples  of  soft  clay,  Poisson's  ratio  was 
estimated  to  be  equal  to  v'=0.12-0.46  (Shahanguian,  1981).  As  can  be  seen  the  value 
selected  is  at  the  lower  end  of  the  measured  range  of  values. 
4.3.4  Compressibilityk 
Values  of  X  were  determined  directly  from  oedometer  normal  compression  data. 
Typically,  the  entire  normal  compression  process  observed  in  an  oedometer  test  is 
approximated  by  a  straight  line.  In  this  case  normal  compression  data  were 
represented  reasonably  well  by  a  linear  relationship.  However,  situations  do  arise 
where  the  amount  of  curvature  of  the  normal  compression  line  cannot  be  ignored 
(Samson  and  Garneau,  1973).  In  this  case  estimates  of  X  should  be  obtained  from  the 
slope  of  the  line  f  itt&d  to  the  normal  compression  data  over  the  range  of  applied  field 
pressures.  Typically,  expected  field  pressures  are  small  compared  to  the  pressures 
applied  to  the  sample  throughout  the  test.  Selected  values  of  X  are  presented  in  Table 
4.1. 
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oedometer  test  data  is  provided  by  an  empirical  link  between  X  and  plasticity  index,  Ip, 
(Muir  Wood,  1990).  Oedometer  test  values  of  %,  are  plotted  against  plasticity  index 
and  are  shown  in  Fig 4.17(a).  As  can  be  seen,  oedometer  values  of  X  plot  reasonably 
close  to  the  empirical  relationship.  This  method  can  also  be  used  to  supplement  sparse 
or  inaccurate  oedometer  data  for  similar  soft  clay  sites. 
The  parameter  %  can  also  be  used  to  guide  or  check  the  choice  of  -K  values  using 
relation  (4.1). 
(4.1) 
x 
The  parameter  A  describes  the  relative  slopes  of  the  normal  compression  and 
unloading-reloading  lines  for  the  soil.  This  implies  that  A  can  be  treated  as  an 
alternative  soil  constant  within  the  Cam  clay  model. 
Available  laboratory  strength  data  indicate  that  for  natural  clays  the  parameter  A  is 
approximately  equal  to  0.75,0.8  and  0.85  for  triaxial  compression,  simple  shear  and 
triaxial  extension  (Kulhawy  and  Mayne,  1990).  Under  the  embankment  loading  the 
foundation  soil  will  be  undergoing  many  modes  of  deformation,  therefore  an  average 
of  the  above  values  A=0.8,  could  be  used  to  evaluate  values  of  ic,  Table  4.2.  As  can  be 
seen  from  Table  4.2  assuming  A=0.8  estimated  values  of  Y,  are  larger  than  those 
assumed.  Previous  researchers  studying  the  Cubzac-les-Ponts  trial  loadings 
(Mouratidis  and  Magnan,  1983)  assumed  A=0.9,  giving  values  of  K  which  compare 
with  those  assumed  for  analyses. 
Within  the  Cam  clay  model  A  is,  through  (4.1),  a  soil  constant.  However,  plotting 
values  of  A  determined  experimentally  from  many  forms  of  testing  (Mayne,  1980  and 
Mayne  and  Swanson,  1981)  against  plasticity  index,  Ip  (Muir  Wood,  1990)  no  obvious 
trend  emerges,  Fig  4.17(b).  Consequently,  because  of  the  uncertainty  surrounding 
parameter  A,  estimating  values  of  r,  from  values  of  X  should  only  be  used  as  a  check  or 
rough  guide  to  the  selection  of  an  appropriate  slope  of  the  oedometer  unloading 
process. 
4.3.5  Critical  state  parameters,  ecs  and  M 
The  position  of  the  critical  state  line  in  the  compression  plane  e:  Inp'  is  defined  by 
specification  of  the  critical  state  void  ratio,  ecs*  Values  of  ecs  were  determined  as 
described  previously  in  chapter  3. 
125 Critical  states  are  reached  when  the  effective  stress  ratio  q/p'=M,  the  slope  of  the 
critical  state  line  in  q:  p'  space,  provided  plastic  strains  are  occurring.  Values  of  M 
were  determined  from  values  of  the  effective  angle  of  shearing  resistance,  ý'  using 
relation  (4.2).  Values  of  ý'  were  estimated  from  drained  triaxial  tests  performed  on 
undisturbed  samples. 
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Values  of  M  estimated  using  relation  (4.2)  and  measured  values  of  ý'  are  shown  in 
Table  4.1.  Typically,  data  pertaining  to  ý'  are  sparse  and  some  interpolation  between 
test  depths  is  required.  Additional  values  of  ý'  can  be  estimated  using  an  empirical 
link  with  plasticity  index  IP  (Mitchell,  1976  and  Muir  Wood,  1990)  described 
previously  in  chapter  3. 
This  method  was  relied  upon  in  the  previous  section  for  estimates  of  M  for  the  clay 
foundation.  However,  the  accuracy  of  the  method  could  not  be  assessed  due  to  the 
absence  of  ý'data.  Comparing  values  of  ý',  Fig 4.18,  determined  using  relation  (4.2) 
with  values  obtained  from  triaxial  testing  reveals  that  the  empirical  values  of  ý' 
provide  a  reasonable  estimate  of  ý'  for  the  crust,  but  significantly  underestimate  those 
for  the  soft  clay.  Observed  values  of  ý'  are  higher  than  might  be  expected  for  a  clay  of 
an  average  plasticity  index,  IP  of  70%.  Using  the  empirical  relation  this  would  give  an 
average  ý'  of  23  degrees,  smaller  than  that  measured  of  30  degrees.  High  values  of  ý' 
were  also  observed  at  Bothkennar  (Nash  et  al.,  1992)  typically  34  degrees,  for  an 
average  IP  of  40%,  using  the  empirical  relation  gives  a  ý'=26  degrees.  The  high  values 
of  ý'  at  Bothkennar  were  attributed  to  the  angularity  of  silt  particles  and  high  organic 
content  of  the  clay  (Paul  et  al.,  1992).  Nothing  is  known  of  the  macro  structure  of  the 
Cubzac-les-Ponts  clay.  However,  the  clay  has  a  high  organic  content  and  therefore  it 
is  feasible  to  assume  that  this  is  causing  the  poor  match  between  measured  and 
empirical  values  of  ý'  as  for  the  Bothkennar  clay. 
Further  estimates  of  ý'  for  the  soft  clay  can  be  made  using  a  empirical  relationship 
linking  the  undrained  shear  strength  c,,  and  the  preconsolidation  pressure  a',,  relation 
(4.3)  (Diaz-Rodriguez  et  al.,  1992). 
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Relation  (4.3)  was  deduced  from  the  study  of  yield  curves  for  many  natural  normally 
consolidated  soft  clays  and  gives  an  indication  of  the  maximum  shear  strength  of  an 
intact  clay,  point  F  Fig 4.19.  Diaz-Rodriguez  et  al.  (1992),  using  measured  maximum 
126 strength  data  obtained  from  many  sources,  Table  4.3,  have  shown  that  relation  (4.3) 
provides  a  reasonable  estimate  of  measured  maximum  shear  strength  data,  Fig  4.20. 
Values  of  ý'f  estimated  using  relation  (4.3)  are  also  presented  in  Fig  4.18,  using  the 
uncorrected  and  corrected  in  situ  vane  undrained  shear  strengths.  As  with  most 
empirical  methods  a  certain  amount  of  ambiguity  remains. 
Parameter  selection  for  the  trial  loading  described  in  chapter  3  found  that  accurate 
selection  of  M  was  required  if  good  predictions  were  required.  Consequently  if 
numerical  predictions  are  required  using  Cam  clay  then  M  should  be  measured 
directly.  In  practice  testing  for  critical  state  parameters  is  unlikely  to  occur  at  frequent 
intervals  through  the  foundation  and  that  was  the  case  here.  In  general,  typically  a 
maximum  of  four  tests  would  be  performed.  Therefore,  some  interpolation  between 
test  samples  will  be  required.  Application  of  the  empirical  methods  presented  may 
assist  in  this  process. 
4.3.6  Preconsolidation  stress 
From  analyses  performed  for  the  trial  loading  (chapter  3)  it  was  found  that  the  choice 
of  p',,  has  a  significant  influence  on  the  predicted  solution  and  small  variations  of  p',, 
can  be  significant.  For  this  study  (embankment  A)  an  initial  estimate  of  the  depth 
profile  of  the  degree  of  overconsolidation  was  obtained  using  relation  (3.16)  such  that 
the  assumed  values  of  p'O  gave  an  undrained  shear  strength,  c,,,  profile  resembling  that 
required.  The  assumed  undrained  shear  strength  profile  is  shown  in  Fig  4.7.  The 
corresponding  preconsolidation  stress  profiles  are  shown  in  Figs  4.21  (in  terms  of  c;  ',,,  ) 
and  Fig  4.22  (in  terms  of  p'j.  Several  analyses  were  performed  to  obtain  this  final 
depth  profile  of  preconsolidation. 
For  comparison  estimates  of  the  preconsolidation  stress,  cr',,  were  also  obtained 
using  the  empirical  correlations  linking  cr',,  and  the  in  situ  vane  undrained  shear 
strength  previously  described  in  chapter  3.  Here  the  final  depth  profile  of 
preconsolidation  was  found  to  approximately  coincide  with  preconsolidation  stress 
estimated  using  the  correlation  presented  by  Muir  Wood  (1990),  relation  (3.10). 
A  check  of  the  assumed  depth  profile  of  the  degree  of  overconsolidation  is  provided 
from  consideration  of  the  critical  embankment  height,  H,,,.  The  critical  embankment 
height,  H,,,,  is  the  embankment  height  at  which  a  soil  element  under  the  embankment 
centre  line  becomes  normally  consolidated,  a'V=a'VC,  and  is  given  by  relation  (4.4) 
(Leroueil  et  al.,  1985). 
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where  (Y',  is  the  vertical  effective  preconsolidation  pressure;  a',  i  is  the  initial  in  situ 
vertical  effective  stress;  I  is  a  stress  influence  factor  (Osterberg,  1957);  Yr  is  the  unit 
weight  of  the  embankment  and  Bi  is  a  pore  water  pressure  coefficient  and  is  deduced 
from  Fig  4.23  (Tavenas  and  Leroueil,  1980). 
Fig  4.23  has  been  complied  from  pore  water  pressure  observations  under  the  centre 
line  of  many  embankments  during  the  first  stage  of  construction  (Tavenas  et  al.,  1979 
and  Tavenas  and  Leroueil,  1980).  The  assumed  average  relationship  between 
AU 
-,  where  Au  is  the  increase  in  pore  water  pressure  and  Acrv  is  the  increase  in 
Acr, 
total  vertical  stress,  and  E,  is  given  by  relation  (4.5). 
B,  =  0.6  -  2.4(  z-0.5)2  (4.5) 
D 
where  z  is  the  depth  beneath  the  ground  surface  to  the  point  under  consideration  and  D 
is  the  depth  of  the  clay  layer.  Fig  4.23  assumes  that  a  clay  layer  is  free  draining  at  the 
top  and  bottom 
. 
boundaries  (an  open-layer);  as  is  assumed  in  this  study  for 
embankment  A. 
The  height  to  which  an  embankment  can  be  constructed  on  the  soft  soils  found  at 
Cubzac-les-ponts  is  unlikely  to  be  high  in  view.  of  the  shallow  depth  and 
characteristics  of  the  soft  clay.  Yield  would  therefore  start  to  occur  at  small 
embankment  heights.  Using  the  average  relationship  shown  in  Fig  4.23  estimates  of 
the  critical  embankment  height,  H,,,,  calculated  for  the  assumed  preconsolidation  stress 
profile,  are  presented  in  Table  4.4  for  a  water  table  at  I.  Om  depth. 
As  can  be  seen  from  Table  4.4  estimates  of  H,,  c 
indicate  that  yield  of  the  soft  clay 
foundation  will  occur  at  small  embankment  heights,  typically  less  than  3m.  The 
description  of  yield  given  by  these  "average"  critical  embankment  heights  corresponds 
with  that  observed  and  implies  that  failure  will  be  initiated  at  an  embankment  height  of 
the  order  of  that  observed  (4.5m). 
In  this  case  the  actual  embankment  height  which  could  be  supported  by  the 
foundation  was  known.  For  design  situations  where  this  knowledge  is  not  known  at 
the  outset,  critical  embankment  heights  estimated  from  this  method  used  in 
conjunction  with  the  results  of  stability  analyses  and/or  experience  of  embankment 
construction  on  similar  soft  clay  sites  will  facilitate  the  selection  of  a  suitable  depth 
profile  of  the  degree  of  overconsolidation. 
128 4.3.7  Permeability 
4.3.7.1  Introduction 
This  section  is divided  into  three  subsections.  The  first  section  4.3.7.2  explains  how 
values  of  permeability  (horizontal  and  vertical)  were  selected  from  available  data  for 
use  in  the  consolidation  analyses.  The  second  section  4.3.7.3  describes  some  of  the 
alternative  methods'  successfully  used  to  obtain  values  of  permeability  for  use  in 
embankment  consolidation  analyses.  The  final  subsection  discusses  these  methods 
and  describes  why  these  methods  are  not  favoured  here. 
4.3.7.2  Selection  of  permeability  for  consolidation  analyses 
For  consolidation  analyses  CRISP  requires  values  of  permeability  in  the  horizontal, 
kh(=k,,  ),  and  vertical,  k,  (=ky),  directions.  In  the  standard  version  of  CRISP,  as  used 
here,  the  coefficients  of  permeability  are  assumed  to  remain  constant  throughout  the 
analysis.  Estimates  of  the  in  situ  permeability  are  available  from  in  situ  and  laboratory 
tests.  Laboratory  permeability  testing  was  performed  on  small  soil  specimens  in  an 
oedometer  cell  with  either  vertical,  horizontal  or  radial  drainage. 
Values  of  horizontal  permeability,  kh(=k,,  ),  estimated  in  situ  are  much  lower  than 
those  obtained  from  oedometer  tests.  This  is  due  to  sample  disturbance  arising  from 
smearing  and  reconsolidation  of  the  sample  on  retrieval  from  the  ground  (Leroueil  et 
al.,  1992  and  Hight  et  al.,  1992).  From  permeability  studies  performed  on  Bothkermar 
clay  (Leroueil  et  al.,  1992)  the  self-boring  permeameter  was  found  to  provide  the  most 
representative  values  of  horizontal  permeability.  Therefore,  for  analyses  estimates  of 
the  horizontal  permeability,  k,  were  obtained  from  the  in  situ  permeability  tests  and 
estimates  of  the  vertical  permeability,  ky,  determined  from  k,,  /ky  ratios  estimated  from 
laboratory  tests,  Fig  4.24.  Selected  permeabilities  are  presented  in  Table  4.5.  The 
values  of  permeability  were  not  changed  at  any  stage  throughout  the  analysis. 
4.3.7.3  Review  of  some  methods  used  to  select  permeability 
In  this  section  a  brief  description  of  some  of  the  more  common  methods  of  selecting 
values  of  permeability  is  given.  However,  prior  to  this  a  brief  description  of  soft  clay 
behaviour,  in  relation  to  excess  pore  water  pressure,  under  embankment  loading  is 
required. 
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beneath  trial  embankments  that  during  the  early  stages  of  construction  some  drainage 
of  pore  pressure  takes  place  and  the  soft  clay  foundation  behaves  as  if  partially  drained 
(Ramalho-Ortagio  et  al.,  1983;  Leroueil  et  al.,  1985  and  Leroueil  and  Tavenas,  1986). 
This  partially  drained  behaviour  is  thought  to  be  attributed  to  incomplete  saturation 
arising  from  some  overconsolidation  of  the  clay.  Therefore,  during  the  initial  loading 
of  the  foundation  the  behaviour  follows  approximately  a  drained  response,  Fig  4.25 
and  consequently  observed  vertical  displacements  are  typically  larger.  Additionally, 
observed  lateral  displacements  and  excess  pore  water  pressures  are  significantly 
smaller  than  those  predicted  from  undrained  analyses.  It  is  thought  that  the  actual 
foundation  response  does  not  follow  an  undrained  response  until  yield  occurs,  point  P' 
Fig  4.25. 
Consolidation  and  the  effect  of  incomplete  saturation  are  also  evident  from 
comparison  of  the  observed  displaced  volumes  of  soft  soil,  horizontally  (Vh)  and 
vertically  (V,  ),  Fig  4.26;  presented  data  are  compiled  from  many  embankment  studies 
(Johnston,  1973  and  Leroueil  et  al.,  1985).  As  can  be  seen  from  Fig  4.26,  observations 
show  that  the  volume  changes  associated  with  settlements,  V,  are  significantly  larger 
than  the  volume  changes,  Vh,  associated  with  lateral  deformations  during  construction. 
The  fully  undrained  response  assumes  that  these  two  volumes  are  equal,  Vý=V, 
To  model  this  behaviour  during  the  numerical  simulation  of  embankment 
construction  on  soft  clay  using  conventional  finite  element  programs,  e.  g.  CRISP90, 
researchers  have  tended  to  vary  the  coefficients  of  permeability  (Poulos  et  al.,  1989; 
Balasubramanian  et  al.,  1989  and  Chai  and  Bergado,  1993).  Details  of  these  methods 
are  given  below. 
Poulos  et  al.  (1989)  determined  estimates  for  an  anisotropic  description  of 
permeability,  kh  (=k,,  )  and  k,  (=ky),  using  relations  (4.6  and  4.7)  for  a  5m  high 
embankment  constructed  over  a  period  of  100  days  to  failure  on  a  soft  Malaysian 
marine  clay  at  the  Muar  test  site. 
k,  =  3m,  c,  y.  (4.6) 
and 
kh  =  1.5kv  (4.7) 
where  k,  is  the  vertical  coefficient  of  permeability;  m,  is  the  vertical  coefficient  of 
consolidation;  cv  is  the  vertical  coefficient  of  compressibility;  yv  is  the  unit  weight  of 
water  and  kh  is  the  horizontal  coefficient  of  permeability. 
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times  the  laboratory  value,  hence  the  occurrence  of  the  factor  3  in  relation  (4.6).  The 
horizontal  permeability  was  assumed  equal  to  1.5  times  the  vertical  permeability.  Pre- 
yield  permeability  was  assumed  to  be  twenty  times  higher  than  that  given  by  relations 
(4.6)  and  (4.7)  on  the  basis  of  published  field  observations  from  similar  soft  clay  sites. 
No  details  of  these  similar  sites  are  given.  This  method  provided  good  predictions  of 
excess  pore  water  pressures,  but  was  less  successful  at  predicting  displacements. 
For  the  same  embankment,  in  contrast  to  Poulos  et  al.  (1989),  Balasubramanian  et  al. 
(1989)  assumed  throughout  an  isotropic  field  permeability,  k,  =kh  ,  some  fifty  times 
higher  than  the  measured  laboratory  values  on  the  basis  of  the  authors'  experience  with 
soft  Bangkok  clay.  A  single  value  of  permeability  was  assumed  throughout  the 
analyses.  This  method  provided  good  predictions  of  the  vertical  surface  and  lateral 
displacements.  However,  excess  pore  water  pressure  predictions  were  not  very 
accurate  and  tended  to  underestimate  those  observed,  particularly  over  the  top  5m,  of 
foundation.  Pore  pressures  and  movements  were  measured  over  a  depth  of 
approximately  24m,  predictions  were  typically  made  over  a  depth  of  approximately 
13m. 
Chai  and  Bergado  (1993)  investigating  the  behaviour  of  embankments  on  soft  ground 
during  construction  assumed  that  the  foundation  permeability  varied  with  void  ratio 
according  to  relation  (4.8). 
k=k  ex  -  ei  (4.8)  pý 
ek 
where  ki  and  ej  are  initial  reference  values  of  permeability  and  void  ratio  and  Ck  is  a 
permeability  constant,  typically  assumed  equal  to  0.5ei  (Tavenas  et  al.,  1983  and 
Leroueil  et  al.,  1992).  The  embankment  was  constructed  to  a  stable  height  of  8.5m 
over  a  period  of  approximately  400  days  at  the  Muar  soft  clay  test  site,  Malaysia. 
Some  grid  reinforcement  was  placed  at  the  embankment  base  to  help  to  sustain 
stability.  The  problem  is  further  complicated  by  the  presence  of  vertical  band  drains 
within  the  foundation.  These  were  included  to  minimise  excess  pore  water  pressures 
and  hence  promote  consolidation  of  the  clay  foundation.  The  embankment  was 
constructed  in  three  lifts  4m,  2m  and  2.5rn  up  to  a  height  of  8.5m,  a  period  of 
approximately  100  days  was  allowed  between  lifts  to  allow  some  dissipation  of  excess 
pore  water  pressure. 
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(Chai  and  Bergado,  1993)  which  is  a  hybrid  of  the  finite  element  program  CRISP90 
(Britto  and  Gunn,  1987).  The  foundation  soil  was  described  using  the  modified  Cam 
clay  effective  stress  soil  model  (Roscoe  and  Burland,  1968).  In  analyses  vertical 
permeability  of  the  soft  ground,  k,  was  assumed  to  vary with  void  ratio,  e,  (relation 
(4.8))  before  and  after  yield.  However,  initial  estimates  of  the  vertical  permeability, 
kv,  to  estimate  pre-yield  behaviour  were  five  times  higher  than  those  used  to  estimate 
post-yield  behaviour.  Post-yield  vertical  permeability  was  assumed  equal  to  that  used 
by  Poulos  et  al.  (1989),  which  was  some  three  times  the  laboratory  oedometer  test 
value.  The  horizontal  permeability,  kh,  was  assumed  equal  to  twice  the  vertical 
permeability.  Using  this  procedure  the  results  of  the  analyses  compared  well  with 
observations  of  vertical  and  lateral  displacements  and  excess  pore  water  pressures 
generated  during  the  construction  procedure.  Analyses  performed  using  a  constant 
permeability,  equal  to  the  initial  values,  kj  and  khi,  assumed  for  pre-yield 
consolidation  behaviour  provided  a  reasonable  description  of  displacements  (both 
vertical  and  lateral)  throughout  the  entire  construction  process.  Excess  pore  pressures 
were  only  accurately  reproduced  up  to  an  embankment  height  of  approximately  4m. 
Tbereafter,  up  to  completion  of  the  embankment  at  a  height  of  8.5m  excess  pore 
pressures  were  underestimated. 
4.3.7.4  Discussion  of  permeability 
Values  of  permeability  used  to  describe  the  pre-yield  behaviour  of  the  Malaysian  trial 
embankments'  foundations  were  determined  from  available  laboratory  test  data  and 
linked  by  an  arbitrary  factor  which  depends  primarily  on  the  authors'  experience  or 
background.  The  surprise  expressed  by  Poulos  et  al.  (1989)  at  the  accuracy  of  their 
predictions  further  reflects  this. 
Experimental  evidence  (Barry  and  Nicholls,  1982)  does  not  support  the  drastic 
decrease  in  permeability  used  in  analyses  as  the  preconsolidation  pressure,  av,  is 
passed.  The  permeability  of  the  soil  is  largely  governed  by  the  size  of  the  pores 
through  which  the  water  flows  and  is  consequently  primarily  dependent  on  the  void 
ratio,  e.  As  can  be  seen  from  Fig  4.27  and  Fig  4.28  (Barry  and  Nicholls,  1982  and 
Davies  and  Humpheson,  1986)  as  the  preconsolidation  pressure  is  passed  there  is  not  a 
significant  decrease  in  the  void  ratio,  and  consequently,  through  relation  (4.8),  the 
permeability  also  does  not  significantly  change.  However,  as  the  preconsolidation 
pressure  is  passed  there  is  a  significant  decrease  in  the  coefficient  of  consolidation,  cv, 
132 Fig  4.27  and  Fig  4.28,  because  of  an  increase  in  the  coefficient  of  volume 
compressibility,  rn,  relation  (4.9). 
k 
Cv  = 
MV911, 
where  k  is  the  permeability  and  y,  is  the  unit  weight  of  water. 
The  coefficient  of  volume  compressibility  mv,  is  estimated  from  oedometer  test  data, 
relation  (4.10). 
8v 
mv  = 
v8a,  v 
where  v  is  the  specific  volume  (=I  +e). 
Changes  in  volume  during  loading  of  a  soil  are  given  by 
v=v,,  -  idnp  (4.11) 
for  unloading,  reloading  or  reconsolidation.  and 
v=v.  -  %Inp  (4.12)(2.43bis) 
for  normal  compression. 
Hence,  for  unloading  and  reloading  m,  is  given  by  relation  (4.13)  and  during  normal 
compression  given  by  relation  (4.14). 
mv  (4.13) 
va  v 
1%  mv  = 
vcrl  v 
(4.14) 
As  the  preconsolidation  pressure  is  passed  there  is  not  a  change  in  the  rate  of  which 
pore  water  can  flow  to  dissipate  excess  pore  pressures,  but  there  is  an  increase  in  the 
rate  at  which  pore  pressure  is being  expelled  from  the  soil,  due  to  an  increase  in  the 
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loading. 
Therefore,  assuming  a  marked  decrease  in  the  permeability  of  the  clay  to  describe  the 
post  yield  consolidation  behaviour  is  not  consistent  with  the  actual  observed  soil 
response.  This  procedure  appears  to  be  numerically  convenient  to  obtain  good  results 
rather  than  based  on  experimental  observations.  As  a  result,  for  the  embankment  study 
described  in  this  chapter,  (Cubzac-les-Ponts,  embankment  A)  selection  and  sbsequent 
adjustment  of  permeability  values  is  consistent  with  experimental  observations. 
Numerical  convenience  should  not  be  considered  as  an  aspect  of  the  geotechnical 
design  process. 
4.4  Modelling  assumptions 
Undrained  and  coupled  undrained/drained  consolidation  analyses  were  performed 
using  the  finite  element  mesh  shown  in  Fig  4.29.  The  lateral  boundary  of  the  mesh 
was  defined  by  approximately  four  times  the  vertical  depth  from  the  toe  of  the 
embankment.  This  is  consistent  with  finite  element  predictions  performed  for  trial 
embankments  constructed  on  soft  Malaysian  marine  clays  (Balasubramaniam  et  al., 
1989;  Poulos  et  al.,  1989;  Indraratna  et  al.,  1992  and  Chai  and  Bergado,  1993)  which 
were  typically  performed  assuming  a  ratio  of  lateral  boundary  distance,  from  the 
embankment  toe,  to  vertical  depth  of  approximately  three.  Horizontal  displacements 
are  fully  restrained  on  the  lateral  boundaries.  Both  horizontal  and  vertical  movements 
are  fully  restrained  along  the  base  of  the  finite  element  mesh.  Pore  water  pressure 
boundary  conditions  required  for  consolidation  analyses  are,  zero  excess  pore  water 
pressures  at  the  top  surface  for  a  water  table  at  the  ground  surface,  and  zero  excess 
pore  water  pressures  at  the  base  of  the  finite  element  mesh,  justified  by  the  underlying 
gravel  layer.  The  embankment  was  assumed  to  be  fully  drained  throughout  the 
analysis. 
The  embankment  was  assumed  to  be  constructed  in  three  layers  each  of 
approximately  1.5m  height.  The  embankment  loading  was  applied  to  the  foundation 
by  the  self  weight  of  the  embankment  elements  when  they  are  introduced  into  the 
mesh.  The  Mohr-Coulomb  elastic  perfectly  plastic  soil  model  was  used  to  describe  the 
embankment.  For  the  embankment  fill  the  shear  resistance  is  represented  by  c'=2kPa 
and  ý'=35  degrees,  obtained  from  laboratory  tests  (Mouratidis  and  Magnan,  1983). 
The  clay  foundation  was  divided  into  five  layers  simulating  the  variable  characteristic 
properties  of  the  soil.  The  foundation  soil  was  described  using  the  modified  Cain  clay 
soil  model. 
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4.5.1  Introduction 
In  this  section  the  results  of  analyses  are  presented  and  discussed.  Undrained  analyses 
are  considered  first  in  sections  4.5.2-4.5.3.  Consolidation  analyses  are  presented  in 
section  4.5.4.  In  each  case  analyses  were  performed  assuming  a  water  table  at  l.  Orn 
depth. 
4.5.2  Undrained  analyses 
4.5.2.1  Displacements 
The  results  of  the  undrained  analyses  are  presented  in  Figs  4.30-4.39.  As  can  be  seen 
from  Figs  4.31-4.33  calculated  and  observed  displacement  responses  are  in  reasonable 
agreement.  Additionally,  the  general  shapes  of  predicted  and  observed  displacement 
profiles  are  in  agreement.  -  Measured  vertical  displacement  data  are  available  from 
markers  160  and  162  located  at  the  main  embankment  centre  line  and  midway  between 
the  centre  line  and  main  embankment  edge,  Fig  4.3,  respectfully.  Horizontal 
displacement  data  are  available  from  marker  197  located  at  4m.  depth  beneath  the  right 
hand  toe  of  the  embankment. 
Predictions  of  vertical  displacement  at  marker  160,  up  to  embankment  heights  of 
approximately  3m,  are  underestimating  those  observed.  However,  predictions  of 
vertical  displacement  at  marker  162  are  typically  overestimating  those  observed.  At 
marker  162  the  difference  between  predictions  and  observations  is  typically  small.  At 
an  embankment  height  of  1.5m  the  computed  settlement  at  the  centre  is  smaller  than  at 
the  edges  of  the  embankment:  approximately  Ilmm  at  the  centre  and  44mm.  at  the 
edges.  This  pattern  of  vertical  displacement  has  arisen  because  the  wide  lateral  extent 
of  the  surface  loading  has  caused  lateral  confining  stresses  to  develop  within  the  top 
two  layers  of  the  mesh  immediately  beneath  the  embankment,  Fig  4.40. 
Consequently,  elements  beneath  the  central  region  of  the  embankment  are  being 
prevented  from  displacing  by  the  lateral  stresses  imposed  on  them  by  neighbouring 
elements.  This  behaviour  is  also  evident  from  the  depth  profile  of  mobilised  shear 
stress  at  the  embankment  centre  line  and  edges,  Fig  4.41.  Shearing  at  the  edges  is 
some  1.5  times  larger  than  at  the  centre  line.  As  can  be  seen  from  Fig  4.42  this 
problem  diminishes  as  the  width  of  the  embankment,  L  (or  loaded  area)  decreases. 
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section  width  to  foundation  depth,  B/D,  of  greater  than  approximately  2.5. 
At  marker  160,  Fig  4.31  the  difference  between  computed  and  observed  vertical 
displacement  is  large  and  predictions  are  underestimating  those  observed,  up  to  an 
embankment  height  of  3.5m,  by  as  much  as  50%. 
For  comparison  lateral  displacements  at  'marker'  197  are  also  shown,  Fig  4.3  3,  for  a 
fully  drained  analysis.  As  can  be  seen  fully  drained  lateral  displacements  provide  a 
more  accurate  description  of  lateral  displacements  than  the  undrained  analyses.  This 
behaviour  is  consistent  with  the  findings  of  Poulos  et  al.  (1989)  and  Indraratna  et  al. 
(1992)  for  numerical  analyses  of  a  test  embankment  constructed  on  a  deposit  of  soft 
Malaysian  marine  clay. 
The  lateral  displacement  'marker'  197  was  located  at  4m  depth  to  coincide 
approximately  with  the  assumed  occurrence  of  maximum  lateral  displacement  Fig 
4.43,  z/D=0.3.  Fig  4.43  has  been  complied  from  field  observations  of  lateral 
displacements  occurring  under  the  toe  of  several  embankments  constructed  on  soft 
soils  (Tavenas  et  al.,  1979)  and  assumes  that  the  distribution  of  lateral  displacement 
with  depth  depends  directly  on  the  consolidation  state  (overconsolidated  or  normally 
consolidated)  of  the  clay  beneath  the  embankment.  Several  different  lateral 
displacement  profiles,  arising  from  various  consolidation  states  of  the  foundation  (I 
overconsolidated  state;  2  varying,  part  normally  consolidated  and  part 
overconsolidated;  and  3  normally  consolidated),  are  shown  in  Fig  4.43.  Here  a 
consolidation  state  of  3,  equivalent  to  a  normally  consolidated  foundation,  was 
assumed  and  corresponds  to  a  maximum  lateral  displacement  occurring  at  a 
normalised  depth  of  0.3. 
4.5.2.2  Excess  pore  water  pressures 
Predictions  of  centre  line  excess  pore  water  pressures,  Figs  4.34-4.39  do  not  compare 
well  with  those  observed,  typically  predictions  are  1.5-2  times  larger.  As  can  be  seen 
from  Figs  4.34-4.37  the  shapes  of  predicted  and  observed  excess  pore  water  pressure 
profiles,  except  predictions  at  an  embankment  height  of  1.5m  (Fig  4.34)  are  in 
reasonable  agreement. 
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To  investigate  the  contribution  and  influence  of  the  embankment  material  on  the 
foundation  the  embankment  was  modelled  as  isotropic  elastic,  giving  the  embankment 
infinite  strength.  Analyses  were  performed  for  a  water  table  at  I.  Orn  and  are  presented 
in  Figs  4.44-4.46;  analyses  E2.  The  result  of  the  undrained  analysis  described 
previously  with  limiting  embankment  strength  (embankment  parameters  are  shown  in 
Table  4.1)  are  also  shown;  analyses  El.  As  can  be  seen  from  the  Figs  4.44-4.45  there 
is  little  difference  between  the  vertical  displacement  solutions  up  to  an  embankment 
height  of  3.5m.  As  embankment  heights  become  greater  than  3.5m,  the  increase  in 
vertical  displacement  for  analysis  El  is  significantly  greater  than  that  observed  for  E2 
(isotropic  elastic  embankment).  Lateral  displacements  at  marker  197  Fig  4.46  for 
analysis  El  are  approximately  twice  as  large  as  those  computed  for  analysis  E2  up  to 
an  embankment  height  of  3.5m.  The  increase  in  lateral  displacement  associated  with 
analysis  El,  once  failure  is  initiated,  is  approximately  5  times  larger  than  that 
computed  for  analysis  E2.  It  is  also  interesting  to  note  that  predictions  of  lateral 
displacement  for  E2  compare  significantly  better  with  those  observed  than  lateral 
displacements  predicted  by  analysis  El.  This  suggests  that  the  embankment  is 
restraining  the  foundation  from  pushing  out  laterally  under  the  applied  loading. 
Examination  of  horizontal  stress,  (:  Fh  developed  within  the  embankment  Fig  4.47-4.49, 
indicates  that  high  tensile  stresses  are  mobilised,  particularly  within  the  base  layer  of 
the  embankment,  elements  180-192,  Fig  4.29,  and  the  central  core  element  199  of 
layer  2,  where  the  mobilised  tensile  stress  is in  the  range  40  to  150kPa.  These  tensile 
stresses  are  larger  than  the  embankment  could  sustain.  '  The  influence  of  these  high 
tensile  stresses  is  evident  from  comparison  of  displacement  vectors  for  analyses  El 
and  E2,  Figs  4.50-4.57.  It  is  evident  from  the  form  and  magnitude  of  displacement 
vectors  that  the  high  lateral  stresses  developed  within  the  isotropic  elastic 
embankment,  analysis  E2,  are  tightly  holding  the  embankment  together  and  resisting 
any  lateral  spread  of  the  embankment  under  its  self  weight.  Additionally,  modelling 
the  embankment  as  isotropic  elastic  has  pushed  the  failure  mechanism  deeper  within 
the  foundation.  For  analysis  EI 
,  the  failure  mechanism  is  shallow. 
Suitable  modelling  of  the  embankment  strength  and  its  contribution  to  foundation 
stability  within  the  analysis  is  beneficial,  especially  for  predictions  of  lateral 
displacements.  However,  some  caution  is  required  to  ensure  that  the  stress  states 
generated  within  the  embankment  do  not  become  unrealistic,  hence  forcing  an  equally 
unrealistic  embankment  deformation  response. 
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It  is  evident  from  the  results  presented,  that  the  selected  parameters  have  provided  a 
reasonable  estimate  of  the  observed  vertical  displacements,  but  not  of  the  observed 
lateral  displacements  and  excess  pore  water  pressures. 
For  comparison  an  estimate  of  the  lateral  displacement  at  an  embankment  height  of 
2.5m  was  estimated  using  the  classical  Boussinesq  equations  for  a  surface  strip  loading 
of  width  B.  The  strip  influence  factors,  I,  t,  were  estimated  from  the  solution  presented 
by  Poulos  (1967).  Using  this  method  a  maximum  lateral  displacement  of 
approximately  45mm  was  estimated.  At  the  same  embankment  height  (2.5m)  finite 
element  analysis  estimated  an  approximate  maximum  lateral  displacement  of  100mm. 
A  more  accurate  estimate  of  the  minimum  lateral  displacement,  in  this  case,  is 
provided  by  the  Boussinesq  solution.  This  result  indicates  inaccuracies  in  the  finite 
element  results  for  lateral  displacements. 
This  behaviour  may  partially  be  attributed  to  incomplete  saturation  and/or  some 
overconsolidation  of  the  clay.  Initially  the  clay  is  in  an  overconsolidated  state  and 
therefore  has  a  high  coefficient  of  consolidation.  It  is  expected  that  the  effect  of 
incomplete  saturation  will  be  greatest  within  the  top  3-4m  of  foundation  where  the 
degree  of  overconsolidation,  n,  is  typically  greater  than  2,  Fig  4.15.  As  described 
previously  (section  4.3.7.3),  the  effect  of  incomplete  saturation  and  some 
overconsolidation  during  the  initial  loading  of  the  foundation  will  force  the  effective 
stress  path  to  follow  a  drained  response.  It  is  not  thought  that  the  foundation  follows  a 
fully  undrained  response  until  yield  occurs  (Leroueil  and  Tavenas,  1986  and  Leroueil 
et  al.,  1985).  As  can  be  seen  from  values  of  critical  embankment  height,  Hnc,  Table 
4.4,  for  the  bottom  3m  of  clay,  6-9m,  yield  is  thought  to  have  occurred  prior  to 
completion  of  the  second  layer.  However,  in  the  upper  4m  of  the  foundation  yield  will 
not  occur  until  an  embankment  height  of  approximately  3.5-4.5m.  Critical 
embankment  heights  for  the  top  1-1.5m  of  clay  indicates  that  yield  will  not  occur  until 
after  completion  of  the  embankment.  As  a  result,  the  top  2m  of  the  foundation  will  be 
following  an  approximately  drained  response  throughout  the  trial  loading.  This  will 
give  rise  to  larger  vertical  displacements  but  smaller  lateral  displacements  than  would 
be  expected  from  fully  undrained  analyses  (see  section  4.3.7.3  and  Fig  4.26). 
Computed  lateral  displacements  assuming  a  fully  drained  response  compare  well  with 
those  observed.  However,  computed  fully  drained  vertical  settlements  are 
significantly  larger  than  those  computed  from  undrained  analyses  or  observed. 
As  previously  noted  predictions  of  vertical  displacements  at  marker  160 
underestimate  those  observed  by  as  much  as  50%.  An  improved  vertical  displacement 
solution  at  this  marker  which  coincides  with  the  embankment  centre  line  can  be 
138 obtained  by  increasing  the  values  of  ic  and  X,  controlling  the  magnitude  of  elastic  and 
plastic  strains  respectfully.  In  section  4.3  it  was  assumed  that  values  Of  K  equivalent  to 
the  average  of  the  average  and  minimum  slopes  of  oedometer  test  data  were  required. 
This  assumption  was  based  on  use  of  Fig  4.16  (G/c,,  vs  co  and  assuming  an  elastic 
strain  level  of  0.1%.  The  level  of  strain  assumed,  ca=0-1%,  was  based  on  the  results  of 
experimental  studies  performed  by  Jardine  et  al.  (1984)  to  investigate  the  low  strain 
stiffness  of  low  plasticity  clays.  The  attainment  of  0.1%  axial  strain  generally 
coincided  with  a  marked  loss  of  stiffness  and  was  assumed  (Jardine  et  al.,  1984)  to  be 
the  limit  of  the  small  strain  range.  In  chapter  3  adoption  of  0.1%  strain  with  which  to 
estimate  values  of  elastic  stiffness  provided  good  results.  However,  as  can  be  seen 
from  Fig  4.14  the  plasticity  of  the  soft  clay  at  Cubzac-les-Ponts  is  typically  greater 
than  60%  and  as  high  as  120%  between  2  and  4m  depth.  Clearly  the  clay  at  Cubzac  is 
not  of  a  low  plasticity  and  assuming  0.1%  strain  is  providing  too  stiff  a  foundation 
response.  Improved  values  ofK  were  obtained  by  using  the  average  slope  of  the  entire 
unload-reload  data,  Fig  4.11.  This  corresponds  to  an  average  G/cU=60-70,  Fig  4.13, 
implying  a  strain  of  0.2-0.3%.  Improved  values  of  X  were  obtained  mainly  by  trial  and 
error,  however  final  values  correspond  to  the  maximum  values  of  X  obtained,  Fig  4.17. 
Adjusted  values  of  ic  and  X  are  shown  in  Table  4.6  and  the  improved  vertical 
displacement  solution  is  shown  in  Fig  4.58. 
For  embankment  A,  to  improve  the  predictions  of  lateral  displacements  using 
undrained  analyses  requires  a  significant  increase  in  the  elastic  stiffness.  From 
comparison  of  computed  and  observed  lateral  displacements,  Fig  4.33,  the  elastic 
stiffness  may  need  to  be  increased  by  3-4  times.  Using  modified  Cam  clay,  this 
implies  that  to  select  the  appropriate  value  of  K  requires  a  G/c,,  ratio  240-320  which  is 
beyond  the  limit  of  available  stiffness  data.  However,  it  does  suggest  that  to  improve 
the  lateral  diplacement  predictions  minimum  values  of  K  giving  maximum  elastic 
stiffness  should  be  used.  Using  values  of  Ký  giving  G/cu=240-320,  will  give  an 
excessively  stiff  vertical  displacement  response  and  consequently  predictions  of 
vertical  displacements  will  significantly  underestimate  those  observed.  In  view  of  the 
above  discussion  two  very  different  elasticity  solutions  have  emerged  from  which  to 
obtain  accurate  predictions  of  vertical  and  lateral  displacements.  This  demonstrates 
that  simultaneous  accurate  reproduction  of  the  observed  vertical  and  lateral 
displacement  responses  using  undrained  analyses  is  not  possible.  This  behaviour  is 
consistent  with  the  findings  of  Hird  (1994)  determined  from  numerical  studies 
performed  to  investigate  the  behaviour  of  a  soft  clay  foundation  at  Willow  Plantation 
(A414). 
As  previously  noted,  excess  pore  'water  pressure  predictions  do  not  compare  with 
those  observed.  In  an  attempt  to  improve  excess  pore  water  pressure  predictions 
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section. 
4.6  Consolidation  analyses 
In  the  previous  sections  numerical  analyses  describing  the  embankment  loading 
assumed  a  fully  undrained  response.  The  results  of  these  analyses  were  of  mixed 
success.  Centre  line  vertical  displacements  tended  to  under-predict  the  observed 
behaviour,  particularly  at  embankment  heights  less  than  the  critical  embankment 
height,  Hr<2.5m.  Predictions  of  lateral  displacements  and  excess  pore  water  pressures 
overestimated  the  observed  behaviour.  Excess  pore  water  pressures  were 
overestimated  heights  by  a  factor  of  1.5-2  times. 
From  the  results  of  the  undrained  analyses  it  is  evident  that  even  for  a  rapid  loading 
the  fully  undrained  condition  is  not  an  accurate  representation  of  the  actual  soil 
behaviour,  particularly  for  predictions  of  excess  pore  water  pressures. 
Results  of  the  consolidation,  analyses  performed  for  a  water  table  depth  of  I.  Orn  are 
presented  in  Fig  4.59-4.68  using  the  initial  parameter  set  Table  4.1.  The  adjusted 
parameter  set,  Table  4.6  (see  section  4.5.3)  was  not  used  in  this  study  as  it  was 
anticipated  that  use  of  consolidation  analyses  would  'provide  the  necessary 
improvement  to  the  vertical  displacement  solution  at  marker  160. 
As  can  be  seen  from  Figs  4.59-4.61  consolidation  analyses  have  increased  both  the 
vertical  and  lateral  displacement  predictions.  This  behaviour  was  anticipated  from 
analyses  performed  by  Indraratna.  et  al.  (1992)  for  an  embankment  constructed  on  soft 
clay. 
Using  consolidation  analyses  predictions  of  excess  pore  water  pressures  Fig  4.62- 
4.67,  except  at  an  embankment  height  of  4.5m,  have  not  provided  a  significant 
improvement  by  comparison  with  undrained  analyses.  At  embankment  heights  of  1.5 
and  2.5m  predictions  of  the  excess  pore  water  pressure  using  consolidation  and 
undrained  analyses  are  approximately,  equal.  Consolidation  analyses  start  to  improve 
undrained  predictions  at  an  embankment  height  of  3.5m.  Predictions  of  excess  pore 
water  pressure  using  consolidation  analyses  are  in  reasonable  agreement  with  those 
observed  at  an  embankment  height  of  4.5m.  Failure  occurred  at  an  embankment 
height  of  4.5m,  therefore  accurate  prediction  at  this  embankment  height  is  meaningless 
for  a  design  situation.  For  design  accurate  predictions  of  excess  pore  water  pressures 
are  required  at  stable  embankment  heights,  i.  e.  H,  <H,,,. 
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embankment  heights  further  predictions  of  excess  pore  water  pressures  have  been 
made  using  three  "traditional"  methods  (D'Appolonia  et  al.,  1971)  and  a  serni- 
empirical  method  based  on  field  observations  of  pore  pressures  generated  under  the 
centre  line  of  embankments  constructed  on  soft  clay  (Leroueil  et  al.,  1985).  These 
methods  are  described  in  the  next  section. 
4.6.1  Alternative  methods  for  excess  pore  water  pressure  predictions 
The  three  "traditional"  methods  used  to  provide  ftirther  estimates  of  the  observed 
excess  pore  water  pressures  from  total  stress  changes  are  briefly  described  below. 
1.  One  dimensional  case,  the  increase  in  excess  pore  water  pressure,  8u,  is 
equal  to  the  change  in  vertical  total  stress,  8a, 
2.  Three  dimensional  case  the  soil  is  assumed  to  be  a  porous  elastic  material 
subject  to  a  general  three-dimensional  stress  change  and  8u  is  equal  to  the 
change  in  total  mean  stress,  8p.  ' 
3.  Henkel's  semi-empirical  equation  which  considers  that  the  excess  pore  water 
pressure  has  two  components,  one  due  to  the  change  in  mean  stress  and  one 
due  to  the  change  in  deviatoric  stress.  The  deviatoric  component  is  related  to 
the  change  in  octahedral  shear  stress.  Hence, 
8u  =  8p  +  a8,  r,,,,  1  (4.15) 
where  a  is  Henkel's  pore  pressure  parameter  (Henkel,  1956)  and  is  related  to 
Skempton's  parameter  A  (Skempton,  1954)  (determined  from  triaxial  tests)  through 
relation  (4.16) 
3A-1 
(4.16) 
r- 
v2 
For  normally  consolidated  clays  Skempton  and  Bjerrurn  (1957)  suggest  values  of 
A=0.5-1.  Here,  Skempton's  pore  pressure  parameter  A  was  assumed  equal  to  0.75, 
average  of  the  proposed  range  of  values. 
The  octahedral  shear  stress,  roct2  is  given  by  relation  (4.17). 
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The  total  stress  changes  within  the  soil  due  to  the  embankment  loading  have  been 
estimated  from  Osterberg's  (1957)  solution.  This  solution  assumes  the  soil  to  be 
isotropic  and  elastic  and  the  applied  embankment  load  is  assumed  to  have  a 
trapezoidal  distribution  equal  to  the  weight  of  the  embankment  fill  above  each  point  of 
the  loaded  surface. 
The  fourth  method  used  to  provide  further  predictions  of  the  excess  pore  water 
pressure  is  semi-empirical  method  (Leroueil  et  al.,  1985)  based  on  Skempton's  pore 
pressure  relation,  relation  (4.18)  (Skempton,  1954). 
u= 
B(8Cr 
3+  A(8a  I-  8a  3))  (4.18) 
From  measurements  of  excess  pore  water  pressures  generated  under  the  centre  line  of 
large  trial  embankments  (Leroueil  and  Tavenas,  1980  and  Leroueil  et  al.,  1985)  the 
behaviour  is  essentially  one  dimensional  and  the  horizontal  principal  stress  8CF3  (=8ah) 
is  assumed  to  have  negligible  influence  on  the  excess  pore  pressure  generated. 
Additionally,  Leroueil  et  al.,  (1985)  assume  A=I  for  soft  normally  consolidated  clay 
which  reduces  relation  (4.18)  to  relation  (4.19). 
8u  =  B8cr,  (4.19) 
where  B  is  Skempton's  pore  water  pressure  coefficient  (Skempton,  1954)  and  8a,  =8a, 
is  the  incease  in  total  vertical  stress  beneath  the  centre  line  of  an  embankment. 
For  saturated  clays  B=I  (Skempton,  1954)  however,  from  field  measurments  of 
centreline  excess  pore  pressures  caused  by  embankment  construction  (Tavenas  and 
Leroueil,  1980)  it  is  thought  that  B  does  not  equal  1.0  until  yield  of  the  clay  occurs. 
Field  measurements  indicate  that  prior  to  yield  B  is  less  than  1.0.  The  pore  pressures 
generated  during  construction  of  an  embankment  can  be  related  to  the  increasing 
vertical  load  of  the  embankment  as  shown  in  Fig  4.68  (Tavenas  and  Leroueil,  1980 
and  Leroueil  et  al.,  1985).  As  can  be  seen  from  Fig  4.68,  initially  8u  is  much  lower 
-  8U 
than  8av  and  the  pore  pressure  coefficient,  B=-,  vanes  with  depth  in  the  clay  8a, 
according  to  Fig  4.23.  Once  the  clay  becomes  normally  consolidated,  a',  =a,  the 
excess  pore  water  pressure,  5u--8a,,  and  the  pore  pressure  coefficient,  B=1.0.  Normal 
consolidation  or  yield  of  the  soft  clay  occurs  once  the  height  of  the  embankment 
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pressures  are  given  by  relation  (4.20). 
z 
8u  =  Iy,  H,  -  (a',,  -a',  i  (4.20) 
where  I  is  a  stress  influence  factor  (Oesterberg,  1957);  yr  is  the  unit  weight  of  the 
embankment;  Hr  is  the  height  of  the  embankment;  cr',,  is  the  vertical  effective 
preconsolidation  pressure  and  a',  j  is  the  initial  in  situ  vertical  effective  stress. 
Estimates  of  8u  using  these  methods  are  shown  in  Figs  4.69-4.72,  the  excess  pore 
pressure  solution  obtained  from  the  consolidation  analyses  is  also  shown.  As  can  be 
seen,  there  are  significant  differences  in  the  stress  fields  calculated  using  the  three 
"traditional"  methods.  Using  the  "traditional"  methods  observed  excess  pore  water 
pressure  are  typically  overestimated,  especially  in  the  upper  few  metres  of  soil. 
However,  in  general  the  "traditional"  methods  have  provided  more  accurate 
predictions  of  the  observed  excess  pore  pressure  and,  at  embankment  heights  greater 
than  1.5m,  -  are  in  reasonable  agreement  with  those  observed. 
Excess  pore  water  pressures  for  all  pre-failure  embankment  heights  are  most 
accurately  predicted  using,  the  empirical  method  after  Tavenas  and  Leroueil  (1980). 
Not  only  does  this  method  accurately  reproduce  the  observed  magnitude  of  excess 
pore  water  pressures  but  it  also  accurately  reproduces  the  shape  of  the  observed  pore 
pressure  profile.  Additionally  excess  pore  pressure  predictions  obtained  using  this 
semi-empirical  method  are  a  significant  improvement  on  the  finite  element  solution. 
However,  the  success  of  the  semi-empirical  method  should  not  be  surprising  as  field 
measurements  obtained  from  the  Cubzac-les-Ponts  embankments  were  used  to 
compile  Fig  4.68.  Nevertheless  this  method  does  demonstrate  that  careful 
consideration  of  the  actual  physical  state  of  the  in  situ  clay  is  required  if  accurate 
predictions  of  its  behaviour  are  to  be  made. 
4.6.2  Discussion  of  results 
The  intent  of  consolidation  analyses  was  to  provide  an  improved  excess  pore  pressure 
solution.  As  discussed,  this  was  not  achieved.  Selected  values  of  permeability  were  at 
their  maximum,  therefore  further  increases  in  permeability  could  not  have  been 
justified  from  available  data.  As  described  previously  in  section  4.3  variation  of  the 
permeability  to  suit  the  pre-yield  and  post  yield  behaviour  was  not  considered 
consistent  with  experimental  observations. 
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described  in  section  4.6.5.  Of  these  methods  the  semi-empirical  method  (Leroueil  and 
Tavenas,  1980  and  Leroueil  et  al.,  1985)  gave  the  most  accurate  solution  at  all 
embankment  heights  considered.  The  accuracy  of  this  semi-empirical  method  and  the 
"traditional"  methods  compared  with  the  solution  obtained  from  undrained  and 
consolidation  analyses  demonstrates  that  use  of  conventional  finite  element  analysis  to 
predict  excess  pore  water  pressures  for  such  loading  situations  may not  be  the  most 
accurate  method. 
As  mentioned  in  section  4.2  previous  researchers  of  this  loading  event  (Mouratidis 
and  Magnan,  1983)  used  the  MELANIE  soil  model  to  describe  the  soft  clay 
foundation.  In  their  study  use  was  made  of  the  feature  which  allows  variation  of  the 
degree  of  saturation  of  the  soft  clay.  Initially  analyses  were  performed  assuming  a 
fully  saturated  clay  foundation  and  the  results  of  excess  pore  water  pressures  for  these 
analyses  were  similar  to  those  obtained  from  the  consolidation  analyses  described  in 
section  4.6.1.  A  second  study  performed  by  Mouratidis  and  Magnan  (1983)  in  which 
the  pore  fluid  was  assumed  to  be  compressible,  modelled  by  reducing  the  degree  of 
saturation  of  the  clay  foundation  to  98%  (this  value  was  close  to  the  average  degree  of 
saturation  measured  at  the  site),  therefore  introducing  some  compressibility  of  the  pore 
fluid  significantly  improved  excess  pore  pressure  predictions,  Figs  4.73-4.75.  As  can 
be  seen,  taking  account  of  incomplete  saturation  of  the  clay  in  numerical  analyses  has 
given  excess  pore  water  pressures  which  are  in  good  agreement  with  those  observed. 
Additionally,  using  this  model  reasonable  simultaneous  prediction  of  the  vertical  and 
lateral  displacements  was  achieved.  This  was  also  attributed  to  taking  account  of 
incomplete  saturation  of  the  clay,  but  may  also  be  due  to  the  incorporation  of 
anisotropy  into  the  soil  model. 
In  view  of  the  above  discussion,  if  finite  element  analyses  are  to  be  used  to  provide 
an  accurate  solution  of  all  elements  of  the  foundation  behaviour  considered  in  this 
section,  i.  e.  vertical  and  lateral  displacements  and  excess  pore  water  pressures,  then 
careful  consideration  of  the  actual  in-field  characteristics  of 
- 
the  soft  clay  are  required. 
To  obtain  the  required  accuracy  use  of  more  complex  finite  element  programs,  such  as 
that  described  by  Mouratidis  and  Magnan  (1983),  will  be  necessary.  However,  for 
most  design  situations  the  level  of  complexity  afforded  by  the  more  complex  soil 
models  may  not  be  required  and  simple  undrained  analyses,  providing  a  serviceability 
(displacement)  check,  and  hand  calculations  giving  predictions  of  excess  pore  water 
pressures  may  be  sufficient. 
144 4.7  Discussion 
It  is  evident  from  the  results  presented  in  sections  4.5  (undrained  analyses)  and  4.6 
(consolidation  analyses)  that  using  the  modified  Cam  clay  soil  model  to  describe  the 
soft  clay  foundation  at  Cubzac-les-Ponts  has  only  provided  a  reasonable  estimate  of 
the  observed  vertical  displacements  induced  during  construction  of  embankment  A. 
Predictions  of  lateral  displacements  and  excess  pore  water  pressures  have  significantly 
overpredicted  those  observed.  The  current  solution  (both  undrained  and  consolidation 
analyses)  do  not  provide  support  for  the  suggested  parameter  selection  process. 
However,  the  selected  parameters  have  provided,  for  both  the  undrained  and 
consolidation  analyses,  reasonable  vertical  displacement  estimates.  Back  analysis  has 
determined  that  very  high,  low  strain,  elastic  stiffness  values  are  required  to  accurately 
reproduce  the  lateral  displacements  using  the  Cam  clay  model.  Such  high  values  of 
elastic  stiffness  could  be  estimated  from  the  triaxial  test  performed  with  low  strain 
stiffness  measurement  and/or  from  seismic  tests.  The  seismic  cone  test  is  thought  to 
measure  the  elastic  stiffness  at  strains  of  0.001%.  It  has  been  suggested  in  section  4.5 
that  the  minimum  values  of  ic  (giving  high  elastic  stiffness)  should  be  used  when 
estimating  lateral  displacements  using  the  Cam  clay  soil  model.  Here,  approximately 
average  values  of  r.  were  selected.  These  values  have  provided  a  reasonable  estimate 
of  the  vertical  displacements.  In  addition  to  the  effect  of  incomplete  saturation  and/or 
some  overconsolidation  (see  section  4.6),  the  apparent  need  to  select  differing  values 
of  elastic  stiffness  to  obtain  reasonable  predictions  of  the  vertical  and  lateral 
displacements  suggests  that  to  simultaneously  predict  vertical  and  lateral 
displacements  requires  the  inclusion  of  anisotropic,  elasticity  in  analyses.  Elasticity  in 
the  modified  Cam  clay  soil  model  is  isotropic,  i.  e.  the  elastic  properties  are  same  in 
vertical  and  horizontal  directions.  Anisotropic  elasticity  is  a  standard  feature  of  the 
MELANIE  soil  model  and  may  account  for  the  accurate  predictions  of  lateral 
displacement  at  marker  197,  Fig  4.76(c),  before  the  effects  of  incomplete  saturation 
were  included  in  analyses  (Mouratidis  and  Magnan,  1983).  The  special  form  of 
anisotropy  known  as  cross-anisotropy  is  included  in  the  MELANIE  soil  model.  The 
Cubzac-les-Ponts  soil  demonstrates  a  high  degree  of  elastic  anisotropy,  Table  4.7 
(Shahanguian,  1981).  As  can  be  seen  from  Table  4.7  the  elastic  stiffness  in  the 
horizontal  direction  at  low  effective  stress  is  considerably  larger  than  the  vertical 
elastic  stiffness  of  the  soil. 
In  design  situations  where  an  estimation  of  the  construction  induced  displacements  is 
important  then  use  of  a  soil  model  incorporating  anisotropic  elasticity  should  be 
considered.  Simpler  designs  may  not  warrant  this  level  of  complexity  as  incorporation 
of  anisotropy  requires  extra  soil  testing  to  provide  the  necessary  parameters. 
145 Additionally,  a  simple  check  involving  Boussinesq's  elastic  equation  (section  4.5) 
suggests  that  less  complex  designs  may  suffice.  I 
It  is  recommended  that  in  situations  where  only  conventional  finite  element  programs 
are  available  predictions  of  excess  pore  water  pressures  should  be  made  using  the 
simple  hand-calculations  described  in  section  4.6.  Use  of  the  simple  hand-calculations 
are  limited  to  predictions  of  excess  pore  pressures  under  the  centreline  of  the 
embankment.  For  designs  requiring  estimates  of  excess  pore  water  pressures  at 
various  sections  under  the  embankment,  a  more.  complex  method  of  analysis,  such  as 
that  performed  by  Mouratidis  and  Magnan  (1983),  may  be  necessary. 
Throughout  this  chapter  the  concern  of  analyses  has  been  to  reproduce  the  observed 
construction  induced  foundation  behaviour.  In  practice  however,  embankment  design 
is  primarily  concerned  with  the  prediction  of  the  long-term  foundation  response  to  the 
loading.  Typically  the  design  is  primarily  concerned  with  the  accurate  prediction  of 
displacements  over  the  life  span  of  the  embankment.  Parameter  selection  for  such  a 
design  situation  is  described  in  chapter  5. 
4.8  Conclusions 
Undrained  and  consolidation  analyses  have  been  performed  using  the  modified  Cam 
clay  soil  model  to  describe  the  response  of  the  soft  clay  foundation  to  the  embankment 
loading.  From  comparison  of  the  computed  and  observed  responses  conclusions  can 
be  drawn  concerning  the  analysis  of  similar  loading  situations  using  finite  element 
analysis  and  the  modified  Cam  clay  soil  model. 
Undrained  and  consolidation  analyses  provided  a  reasonable  estimate  of  the  observed 
settlement  behaviour.  Neither  provided  accurate  predictions  of  the  observed  pre- 
failure  lateral  displacements  or  excess  pore  water  pressures.  A  more  accurate 
description  of  the  construction  induced  lateral  displacements  was  obtained  by 
performing  drained  analyses.  An  empirical  method  (Tavenas  et  al.,  1979)  based  on  the 
degree  of  overconsolidation  also  provided  a  reasonable  estimate  of  the  observed 
maximum  lateral  displacement  under  the  embankment  toe.  The  construction  induced 
excess  pore  water  pressures  were  most  accurately  estimated  using  hand-calculations, 
particularly  a  semi-empirical  method  (Tavenas  and  Leroueil,  1980)  based  on 
Skempton's  pore  water  pressure  parameter  B. 
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and  Magnan,  1983)  with  the  observed  behaviour  indicates  that  the  elements  of  the 
MELANIE  soil  model  (see  section  4.2)  are  providing  a  more  accurate  description  of 
the  physical  in  situ  state  of  the  Cubzac-les-Ponts  soft  clay.  The  ability  to  vary  the 
degree  of  saturation  in  the  MELANIE  soil  model  was  found  to  be  a  significant  feature 
of  this  model.  Additionally,  this  feature  of  the  MELANIE  soil  model  is  its  main 
strength  enabling  simultaneous  accurate  predictions  of  the  observed  settlements,  lateral 
displacements  and  excess  pore  water  pressures  induced  during  construction 
(Mouratidis  and  Magnan,  1983). 
The  inclusion  of  anisotropic  elasticity  within  a  soil  model  is  also  considered  to  be  an 
important  feature  of  a  soil  model  (Poulos,  1972;  Mouratidis  and  Magnan,  1983  and 
Leroueil  et  al.,  1985).  Here,  studies  performed  using  the  modified  Cam  clay  soil 
model  determined  that  significantly  enhanced  values  of  elastic  stiffness  were  required 
to  provide  accurate  predictions  of  lateral  displacements.  Values  of  elastic  stiffness 
were  3-4  times  larger  than  those  required  to  provide  accurate  settlement  predictions, 
however  available  data  could  not  justify  use  of  such  high  values  of  elastic  stiffness. 
Values  of  elastic  stiffness,  providing  reasonable  estimates  of  the  observed 
settlements,  were  selected  from  the  average  slope  of  available  oedometer  unload- 
reload  data.  Plotting  values  of  G/c,,  against  shear  strain  Eq  (values  of  elastic  stiffness  G 
were  obtained  from  available  triaxial test  data)  indicated  that  optimum  values  of  elastic 
stiffness  implied  an  average  strain  of  0.2-0.3%.  Previously  in  chapter  3  values  of 
elastic  stiffness  were  selected  assuming  a  strain  of  0.1%. 
Values  of  compressibility,  %,  were  determined  from  the  slope  of  oedometer  normal 
compression  data.  Oedometer  test  values  of  X  were  in  reasonable  agreement  with 
those  estimated  using  the  empirical  link  with  plasticity  index  (Muir  Wood,  1990).  It 
has  also  been  suggested  that  values  of  X  could  be  used  to  guide  or  check  the  choice  of 
ic  values  using  parameter  A.  The  parameter  A  describes  the  relative  slopes  of  the 
normal  compression  and  unloading-reloading  lines  for  the  soil. 
A  low  value  of  Poisson's  ratio,  V=0.2,  was  selected  to  ensure  a  suitably  low  ratio  of 
maximum  lateral  movement  to  maximum  vertical  movement  (Poulos  et  al.,  1989). 
Values  of  Poisson's  ratio  estimated  from  drained  triaxial  tests  were  in  the  range 
v'=O.  12-0.46  (Shahanguian,  198  1). 
The  depth  profile  of  the  degree  of  overconsolidation  was  obtained  from  available 
preconsolidation  stress  data.  Some  check  on  the  assumed  profile  was  obtained  from 
the  depth  profile  of  undrained  shear  strength  (see  section  4.3.6.  )  and  consideration  of 
the  critical  embankment  height  Hnc,  relation  (4.4)  (Leroueil  et  al.,  1985). 
Values  of  the  critical  state  parameter  M  were  determined  from  values  of  the  effective 
angle  of  shearing  resistance,  ý'.  Here,  values  of  ý'  were  available  from  drained 
147 triaxial  tests.  For  comparison  values  of  ý'  were  also  estimated  using  empirical 
correlations  (Mitchell,  1976;  Muir  Wood,  1990  and  Diaz-Rodriguez  et  al.,  1992). 
From  back  analysis  it  was  found  that  optimum  predictions  of  using  the  empirical 
correlations,  were  obtained  using  the  empirical  link  with  plasticity  index  (Mitchell, 
1976  and  Muir  Wood,  1990)  to  estimate  values  of  ý'  for  the  surface  crust  and  using  the 
link  with  the  undrained  shear  strength  and  preconsolidation  stress  (Diaz-Rodriguez  et 
al.,  1992)  to  estimate  values  of  ý'  for  the  underlying  soft  clay. 
For  consolidation  analyses  values  of  the  horizontal  permeability,  k,  were  selected 
from  self-boring  permeameter  data.  Values  of  vertical  permeability,  ky,  were 
estimated  from  k,,  /ky  ratios  estimated  from  laboratory  tests.  Selected  values  of 
permeability  were  kept  constant  throughout  analyses.  Available  permeability  data  did 
not  justify  current  practice  to  significantly  vary  pre-yield  and  post-yield  permeabilities 
(Poulos  et  al.,  1989  and  Balasubramanian  et  al.,  1989). 
As  mentioned  previously  accurate  predictions  of  the  observed  foundation  behaviour 
was  observed  using  the  MELANIE  soil  model.  However,  given  the  level  of 
complexity  associated  with  this  soil  model  (in  relation  to  the  greater  number  of 
material  parameters)  its  use  for  most  design  situations  may  not  be  necessary. 
Consequently,  use  of  the  modified  Cam  clay  soil  model  in  addition  to  the  semi- 
empirical  methods  described  in  this  chapter  may  therefore  suffice. 
148 Table  4.1  Material  input  parameters  for  undrained  analysis 
DETAILS  MATERIAL  PROPERT  IES 
DEPTH 
(m) 
LAYER 
No 
ecs  M  v  y(kN/m 
0-1.0  1  0.015  0.10  1.56  1.00  0.2  17 
1.0-2.0  2  0.030  0.40  3.08  1.00  0.2  16 
2.0-4.0  3  0.060  0.50  5.32  1.00  0.2  14 
4.0-6.0  4  0.040  0.40  3.07  1.15  0.2  15.5 
6.0-8.0  5  0.050  0.50  -3.54  1.15  0.2  15 
8.0-9.0  6  0.050  0.60  4.67  1.15  0.2  15.5 
DETAILS  EMBANKMENT  PARAMETERS 
LAYER  E'(MPa)  c'(kPa)  ý'(degrees)  vo  7(kN/m3) 
ALL  15  2  35  0.4  21 
LAYERS 
Table  4.2.  Estimation  of  r.  from  values  of  A  and  X  using  relation  (4.1). 
Depth  (m)  r-assumed  +r-cal  (A=0.8)  ++r-cal  (A=0.9) 
1  0.1  0.015  0.02  0.01 
2  0.4  0.02  0.08  0.04 
3  0.5  0.06  0.1  0.05 
4  0.5  0.06  0.1.  0.05 
5  0.4  0.035  0.08  0.04 
6  0.4  0.035  0.08  0.04 
7  0.5  0.04  0.1  0.05 
8  0.5  0.04  0.1  0.05 
9  0.6  0.04  0.12  0.06 
+  lccal=0.2k  for  A=0.8;  average  from  values  proposed  by  Mayne  (1992). 
++  rcal=O.  1%  for  A=0.9;  after  Mouratidis  and  Magnan  (1983). 
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Ic) Table  4.5.  Selected  values  of  permeability. 
LAYER 
No. 
DEPTH 
(M) 
SELECTED 
k,,  (m/s) 
SELECTED 
ky(m/s) 
1  0-1.0  18.5xlO-9  2.5xlO  -9 
2  1.0-2.0  IOXIO-9  WO  .9 
3  2.0-4.0  20xlO  -9  3xlO-9 
4  4.0-6.0  12xlO'9  3xlO-9 
5  6.0-8.0  9.5xlO'  3.5xlO  -9 
6  8.0-9.0  9.5xlO'9  3xllO-9 
Table  4.6.  Adjusted  values  Of  KA  and  'ý,  A. 
LAYERNo.  DEPTH  (m)  rlA  XA 
1  0-1.0  0.015  0.2 
2  1.0-2.0  0.03  0.4 
3  2.0-4.0  0.085  0.6 
4  4.0-6.0  0.05  0.5 
5  6.0-8.0  0.05  0.6 
6  8.0-9.0,  0.05  0.6 
Table  4.7.  Details  of  Cubzac-les-Ponts  clay  anisotropy  (Shahanguian,  1981). 
(:  r9  , 
(kPa) 
G93 
(kPa) 
VA  Ev 
(kPa) 
Eh 
(kPa) 
Vvh 
10  4  0.2363  50700  11266.7  0.1217 
20  4  0.1953  12680  6337.5  0.1248 
30  4  0.2576  5070  3168.7  0.2015 
40  4  0.4068  4056  2600  0.2794 
50  4  0.6715  1  2535  1  388.5  1  0.3923 
60  4  0.387  450.5  226.8  0.4600 
152 Fig  4.1  (a).  Location  of  map  of  France  (Muir  Wood,  1990). 
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Fig  4.1(b).  Section  through  valley  of  the  Dordogne  at  Cubzac-les--Ponts  (Nfagnan, 
Mieussens,  and  Queyroi,  1983). 
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Fig  4.4.  Features  of  MELANIE  soil  model  (Leroueil  et  al.,  1985  and  Muir  Wood,  1990). 
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Fig  4.4(a).  'State  boundary  surface  for  natural  clays.  (Leroueil  et  al.,  1985) 
t 
& 
Elasticwall-  S. 
eP  Isotropic  unloadinq-reloading  line 
Isotropic  normal  compression  line 
e 
Fig  4.4(b).  Description  of  the  state  boundary  surface.  (Leroueil  et  al.,  1985) 
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4.5m 
Sm Fig  4.4(c).  Yield  loci  (yl)  and  plastic  potentials  (pp)  assumed 
for  clay  at  Cubzac-les-Ponts,  plotted  in  s':  t  effective  stress  plane.  (Muir  Wood,  1990) 
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potential  (pp) 
S'  &,  P 
Fig  4.4(d).  Direction  of  plastic  strain  increment  vector  stress  vector 
and  normal  to  yield  locus.  (Muir  Wood,  1990) 
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0  sp  cO.  6  sc  sc  S! 
Fig  4.4(e).  Comparison  of  MELANIE  and  modified  Cam  clay  soil 
models  plotted  in  S':  t  effective  stress  plane.  (Tavenas  et  al.,  1982) 
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PLOT  OF  COMPRESSIBILITY  AGAINST  PLASTICITY  INDEX 
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Fig  4.23.  Compilation  of  pore  water  pressure  observed  during  the  first  stage  of 
construction  of  embankments  (Tavenas  and  Leroueil,  1980). 
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PERMEABILIT)  ANISOTROPY  PROFILE 
"A  Kh/Kv  (IN  SITU) 
0 
!  ý=all 
-2 
10  20  30  4C 
PERMEABILITY  ANISOTROPY  Kh/Kv 
2 
Fig  4.25.  Effective  stress  paths  under  embankments  (Leroueil  et  al.,  1985). 
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Fig  4.26.  Comparison  between 
volumes  displaced  horizontally 
and  vertically  during  construction 
(Johnson,  '1973  and  Leroueil  et  al.,  1985) 
0 Fig  4.27.  Oedometer  test  on  soft  marine  clay  from  Belawan,  Sumatra,  Indonesia  (Barry 
and  Nicholls,  1982). 
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Fig  4.28.  Variation  of  the  coefficient  of  consolidation  with  vertical  effective  stress 
(Davies  and  Humpheson,  1986). 
167 
vertical  effective  stress.  ov:  kN/M2 Fig  4.29.  Finite  element  mesh  used  to  describe  embankment  A  and  the  foundation 
soil  at  Cubzac-les-Ponts. 
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PREDICTED  VERTICAL  SURFACE  SETTLEMENT  PROFILE 
800 
--l  600 
E 
400 
z 
200 
Lli 
u 
<0 
-200 
< 
-400 
Of 
Li  -600 
-800 
207 
/199 
187 
Hr=1.5m 
A-  Hr=2.5m 
Hr=3.5m 
Hr=4.5m 
/210 
/202  D 
-193  ý-- 
192 
:  4A 
-,  --. 
0  ý 
-Ou  -Z)U  -1tv  -,  )U  -zu  -lu  V  IV  d-  V  liv 
DISTANCE  FROM  CENTRE  OF  MAIN  EMBANKMENT  (m) 
168 FIGURE  4.31 
VERTICAL  DISPLACEMENT  AT  CENTRE  LINE.  (LOCATION  160) 
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VERTICAL  EDGE  DISPLACEMENT.  LOCATION  162 
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HORIZONTAL  DISPLACEMENT  AT  LOCATION  197 
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EXCESS  PORE  WATER  PRESSURE  PROFILE  FOR  AN  EMBANKMENT  HEIGHT  OF  1.5m 
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EXCESS  PORE  WATER  PRESSURE  PROFILE  FOR  AN  EMBANKMENT  HEIGHT  OF 2.5m 
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EXCESS  PORE  WATER  PRESSURE  PROFILE  FOR  AN  EMBANKMENT  HEIGHT  OF 3.5m 
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171 FIGURE  4.37 
EXCESS  PORE  WATER  PRESSURE  PROFILE  AT  AN  EMBANKMENT  HEIGHT  OF  4.5m 
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FIGURE  4.38 
ExCESS  PORE  WATER  PRESSURE  AGAINST  EMBANKMENT  HEIG14T  AT  4m  DEPTH. 
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172 FIGURE  4.39 
EXCESS  PORE  WATER  PRESSURE  AGAINST  EMBANKMENT  HEIGHT  FOR  6m  DEPTH 
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VARIATION  OF  LATERAL  STRESS  UNDER  EMBANKMENT FIGURE  4.41 
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Fig  4.43.  Method  of  estimating  the  distribution  of  deformation  with  depth  under  toe 
of  slope  of  embankment  (Tavenas  et  al.,  1979). 
FIGURE  4.44 
VERTICAL  DISPLACEMENT  AT  CENTRE  LINE.  (LOCATION  160) 
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VERTICAL  EDGE  DISPLACEMENT.  LOCATION  162 
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HORIZONTAL  DISPLACEMENT  AT  LOCATION  197 
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174 FIGURE  4.47 
VARIATION  OF  LATERAL  STRESS  THROUGH  MAIN  EMBANKMENT.  L.  H-S EDGE  ELEMENTS 
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FIGURE  4.48 
VARIATION  OF  LATERAL  STRESS  THROUGH  MAIN  EMBANKMENT.  CENTRE  ELEMENTS 
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175 FIGURE  4.49 
VARIATION  OF  LATERAL  STRESS  THROUGH  MAIN  EMBANKMENT.  R.  H.  S  ELEMENTS 
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176 Fig  4.50.  Computed  displacement  vectors  obtained  using  an  isotropic  elastic, 
perfectly  plastic  soil  model  (Mohr-Coulomb)  to  describe  the  embankment.  Analysis 
E  1;  embankment  height  of  1.5m.  Displacement  magnification  factor--8 
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Fig  4.5  1.  Computed  displacement  vectors  obtained  using  an  isotropic  elastic  soil 
model  to  describe  the  embankment.  Analysis.  E2;  embankment  height  of  1.5m. 
Displacement  magnification  factor--8 
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Fig  4.52.  Computed  displacement  vectors  obtained  using  an  isotropic  elastic, 
perfectly  plastic  soil  model  (Mohr-Coulomb)  to  describe  the  embankment.  Analysis 
El;  embankment  height  of  2.5m.  Displacement  magnification  factor--8 
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177 Fig  4.53.  Computed  displacement  vectors  obtained  using  an  isotropic  elastic  soil 
model  to  describe  the  embankment.  Analysis  E2;  embankment  height  of  2.5m. 
Displacement  magnification  factor--8 
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Fig  4.54.  Computed  displacement  vectors  obtained  using  an  isotropic  elastic, 
perfectly  plastic  soil  model  (Mohr-Coulomb)  to  describe  the  embankment.  Analysis 
El;  embankment  height  of  3.5m.  Displacement  magnification  factor--8 
Fig  4.55.  Computed  displacement  vectors  obtained  using  an  isotropic  elastic  soil 
model  to  describe  the  embankment.  Analysis  E2;,  embankment  height  of  3.5m. 
Displacement  magnification  factor--8 
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178 Fig  4.56.  Computed  displacement  vectors  obtained  using  an  isotropic  elastic, 
perfectly  plastic  soil  model  (Mohr-Coulomb)  to  describe  the  embankment.  Analysis 
E  1;  embankment  height  of  4.5m.  --  Displacement  magnification  factor--8 
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Fig  4.57.  Computed  displacement  vectors  obtained  using  an  isotropic  elastic  soil 
model  to  describe  the  embankment.  Analysis  E2;  embankment  height  of  4.5m. 
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FIGURE  4.58 
(IMPROVED)  VERTICAL  DISPLACEMENT  AT  CENTRE  LINE 
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45 FIGURE  4.59 
VERTICAL  DISPLACEMENT  AT  CENTRE  LINE 
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FIGURE  4.60 
VERTICAL  EDGE  DISPLACEMENT.  LOCATION  162 
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180 FIGURE  4.61 
HORIZONTAL  DISPLACEMENT  AT  197 
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FIGURE  4.62 
EXCESS  PORE  WATER  PRESSURE  AT  EMBANKMENT  HEIGHT  OF  1.5m 
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181 FIGURE  4.63 
EXCESS  PORE  WATER  PRESSURE  FOR  AN  EMBANKMENT  HEIGHT  OF  2.5m 
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EXCESS  PORE  WATER  PRESSURE  FOR  EMBANKMENT  HEIGHT  OF  3.5m 
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182 FIGURE  4.65 
EXCESS  PORE  WATER  PRESSURE  FOR  EMBANKMENT  HEIGHT  OF  4.5m 
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EXCESS  PORE  WATER  PRESSURE  AGAINST  EMBANKMENT  HEIGHT  FOR  4m  DEPTH 
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183 FIGURE  4.67 
EXCESS  PORE  WATER  -PRESS  UREAGAINST  EM  BANK  M  ENT  H  EIGHT  AT  DEPTH  OF  6m 
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Fig 4.68.  Relation  between  pore  water  pressure  and  vertical  total  stress  caused  by  an 
embankment.  Points  OP'A'F'  and  C'  are  described  in  Fig 4.23. 
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EXCESS  PORE  WATER  PRESSURE  PROFILE  FOR  AN  EMBANKMENT  HEIGHT  OF  1.5m 
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FIGURE  4.70 
EXCESS  PORE  WATER  PRESSURE  PROFILE  FOR  AN  EMBANKMENT  HEIGHT  OF  2.5m 
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185 FIGURE  4.71 
EXCESS  PORE  WATER  PRESSURE  PROFILE  FOR  AN  EMBANKMENT  HEIGHT  OF  3.5m 
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FIGURE  4.72 
EXCESS  PORE  WATER  PRESSURE  PROFILE  FOR  AN  EMBANKMENT  HEIGHT  OF  4.5m 
186 Fig  4.73.  '  Effect  of  compressibility  of  pore  water  pressure  on  calculations  of  excess 
pore  water  pressure  at  4m  and  6m  depth  (Magnan,  Mieussens.  -ind  Queyroi,  1983). 
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Fig  4.74.  Effect  of  compressibility,  of  pore  water  pressure  on  calculations  of  excess 
pore  water  pressures'under  the  centre  of  embankment  at  construction  heights  of  1.5m 
and  4.5m  (Magnan,  Mieussens  and  Queyroi,  1983). 
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5.  Cubzac-les-Ponts  embankment  B. 
5.1  Introduction 
In  this  chapter  the  long  term  pre-failure  behaviour  of  a  soft  clay  foundation  loaded  via 
a  trial  embankment  has  been  investigated  using  finite  element  analysis.  Numerical 
predictions  using  the  modified  Cam  clay  soil  model  have  been  compared  with  the 
observed  foundation  behaviour  measured  over  a  period  of  six  years  (Magnan, 
Mieussens;  and  Queyroi,  1983).  The  predictability  of  the  foundation  behaviour  has 
been  investigated  in  detail.  However,  the  main  concern  of  analyses  was  to  determine  a 
set  of  material  parameters  that  provided  a  reasonable  estimate  of  the  observed 
behaviour  and  hence  provide  a  framework  of  parameter  selection  for  similar  loading 
situations.  It  is  therefore  the  intent  of  this  chapter  to  present  the  main  results  of  the 
back  analyses  and  discuss  the  parameter  selection  process  from  which  a  suitable 
numerical  solution  was  obtained.  A  hypothetical  design  situation  requiring  an 
estimation  of  the  long  term  settlements,  lateral  displacements  and  excess  pore  water 
pressures  has  been  assumed.  i 
The  embankment.  described  in  this  chapter  (embankment  B)  was  the  second 
embankment  ý  constructed  at  -  Cubzac-les-Ponts  and  was  used  to  study  thel,  time- 
dependent  consolidation  of  the  soil  under  and  adjacent  to  the  embankment.  Details  of 
embankment  B  and  the  trial  loading  are  given  in  section  5.2.  Numerical  modelling 
assumptions  of  this  loading  event  are  also  included  in  section  5.2. 
Details  of  the  soft  clay  research  site  at  Cubzac-les-Ponts  are  given  in  chapter  4. 
Previous  analysis  of  this  trial  embankment  (Magnan  et  al.,  1983)  was  performed  using 
the  MELANIE  soil  model.  The  MELANIE  soil  model  is  briefly  described  in  chapter 
4. 
. 
189 In  chapter  4,  use  of  the  modified  Cam  clay  soil  model  to  describe  the  soft  clay 
foundation  was  of  limited  success  and  only  served  to  reproduce  reasonably  well  the 
observed  vertical  displacement  response.  The  inability  of  analyses  described  in 
chapter  4  to  reproduce  the  observed  behaviour  associated  with  the  construction  of 
embankment  A  is  characteristic  of  simple  elasto-plastic  soil  models  (Indraratna  et  al., 
1992).  Despite  the  poor  predictions  obtained  in  the  chapter  4  numerical  analyses 
performed  by  Almeida'et  al.  (1985);  Chai  and  Bergado  (1992);  Brinkgreve  and 
Vermeer  (1992);  Naatanen  and  Lojander  (1994)  and  Hird  (1994)  have  demonstrated 
that  for  the  long  term  (consolidation)  behaviour  the  modified  Cam  clay  soil  model  can 
generally  predict  reasonable  results,  particularly  for  excess  pore  water  pressures  and 
settlements,  but  not  lateral  deformations.  However,  this'problern  is  not  only  limited  to 
modified  Cam  clay  but  also  to  the  more  complex  elasto-plastic  soil  models  such  as 
MELANIE  (Mouratidis  and  Magnan,  1983)  (see  section  5.6).  It  is  still  not  yet  fully 
understood  what  feature  is  required  in'a'sOil  Model  to  accurately  'obtain  lateral 
displacements  (Gens,  1994)  however.  'use  of  elasto-visoplastic  soil  models  (Sekiguchi 
and  Ohta,  1977  and  Miki  et  al.,  1994)  provide  improved  lateral  displacement  solutions. 
In  practice  elasto-visoplastic  soil  models  "are  not  yet  widely  available  nor  widely 
favoured  as  their  use  requires  finther  soils  testing  to  determine  the  greater  number  Of 
soil  parameters  associated  with  their  use.  Additionally.  '  typical  design  situations, 
especially  in  the  UK,  do  not  justify  the  level  of  complexity  associated  with  these 
models.  As  a  result,  -,  the  simpler  modified  Cam  clay  soil  model  which  is  widely 
recognised  and  used  in  practice  to  describe  soft  clay  foundations  (Gens,  1994)  has 
been  used  to  re-analyse  embankment  B.  Embankment  B  is  representativýe  of  many 
embankment  studies  encountered  in  practice. 
Material  parameters  required  for  analyses  described  in  this  chapter  are  based  on  those 
selected  for  embankment  A.  Selected  parameters  are  briefly  reviewed  and  discussed  in 
section  5.3.  The  results  of  the  consolidation  analyses  are  presented  and  discussed  in 
section  5.4.  In  the  discussion  presented  in  section  5.4  vertical  displacements,  lateral 
displacements  and  excess  pore  water  pressures  are'  considered  separately. 
Additionally,  within  each  subsection  alternative  design  methods  are  suggested.  For 
comparison  the  results  of  previous  analysis  (Mouratidis  and  Magnan,  1983)  are  briefly 
190 summarised  in  section  5.5.  Conclusions  drawn  from  the  discussion  are  presented  in 
section  5.6. 
5.2  Trial  loading  and  numerical  modelling. 
Embankment  B  was  constructed  from  coarse  sand  and  gravel  (same  material  as 
embankment  A);  y--2lkPa  and  ý'=35  degrees  (Mouratidis  and  Magnan,  1983  and 
Magnan  et  al;,  1983),  over  a  period  of  six  days  to  a  height  of  2.3m,  Fig  5.1,  and  with  a 
factor  of  safety  against  immediate  failure  of  1.5.  Details  of  the  embankment 
dimensions  are  shown  in  Fig  5.2.  The  instrumentation  which  consisted  mainly  of 
piezometers,  settlement  gauges  and  inclinometers,  was  placed  predominantly  in  one 
transverse  section  of  the  embankment,  section  k-k.  The  location  of  the  instrumentation 
on  section  k-k  is  shown  in  Fig  5.3.  Measurements  were  taken  over  a  period  of 
approximately  2000  days  after  construction..  Numerical  predictions  were  compared 
with  the  measurements  obtained  from  the  transverse  section  k-k.  It  was  assumed  that 
this  section  was  sufficiently  remote  from  the  ends  to  be  deforming  under  conditions  of 
plane  strain.  The  plane  strain  condition  was  imposed  on  analyses.  The  finite  element 
mesh  used,  symmetric  about  the  centre  line,  is  shown  in  Fig  5.4.  Boundary  conditions 
are  the  same  as  were  assumed  for  the  consolidation  analyses  performed  in  chapter  4. 
The  embankment  loading  was  applied  to  the  foundation  by  the  self  weight  of  the 
embankment  elements  when  they  are  introduced  into  the  mesh. 
The  Mohr-Coulomb  soil  model  was  used  to  describe  the  embankment.  The  soft  clay 
foundation  was  described  using  the  modified  Cam  clay  soil  model. 
In  chapter  4  undrained  and  consolidation  analyses  were  performed  to  describe  the 
foundation  response  to  the  construction  of  embankment  A.  Construction  of 
embankment  A  took  approximately  nine  days  with  standing  times  of  3  and  2  days  after 
placement  the  first  and  second  lifts.  These  standing  times  were  sufficiently  long  to 
allow  consolidation  to  be  included  in  analyses.  Here,  embankment  B  was  constructed 
quicker,  in  approximately  6  days,  with  only  a  single  standing  time  after  the  first  lift  of 
2  days.  Initial  analyses  of  embankment  B  found  that  this  standing  time  was  not  long 
191 enough  to  allow  modelling  of  consolidation  during  the  construction  stage. 
Consequently,  drainage  conditions  were  not  introduced  to  analyse's  until  after 
construction  of  the  embankment  was  complete,  therefore  the  construction  process  was 
modelled,  as  undrained.  A  consolidation  period  of  -approximately  6  years  was 
modelled  in  analyses. 
As  for  embankment  A  the  water  table  was  modelled  at  I.  Om  depth. 
5.3  Material  parameters  for  embankment  B. 
The  chosen  parameters  are  presented  in  Table  5.1.  Parameters  presented  in  Table  5.1 
were  derived  from  slight  adjustment  of  the  improved  parameter  solution  obtained  from 
the  undrained  analyses  described  in  chapter  4  (see  section  4.5  and  Table  4.6).  The 
undrained  parameter,  solution  was  chosen  rather  than  the  consolidation  parameter 
solution  because  here  the  embankment  construction  is  assumed  to  be  undrained. 
Analyses  described  in  chapter  4  found  that  the  undrained  response  was  less  stiff  than 
the  corresponding  consolidation  behaviour. 
only  parameters  r,  and  X,  controlling  the  magnitude  of  elastic  and  plastic  strains,  and 
the  permeability,  kh  and  k,  were  adjusted.  ý 
Final  values  of  r,  are  similar  to  with  values  obtained  from  the  average  slope  of 
oedometer  unload-reload  data.  The  corresponding  values  of  elastic  stiffness,  G,  are 
similar  to  values  of  elastic  stiffness  "obtained  from  the  triaxial  test  measured  at  strains 
of  approximately  0.3%,  Fig  4.12. 
Final  values  of  X  are  similar  to  the  maximum  values  of  X  obtained  from  normal 
compression  data  in  an  oedometer  test.  Chosen  values  of  X  are  not  similar  to  those 
estimated  using  Muir  Wood's  empirical  correlation.  -  Fig  5.5.  As  can  be  seen  from  Fig 
5.5  the  spread  of  data  points  is  wide,  this  is  due  to  the  high  variation  of  plasticity  index 
of  the  Cubzac-les-Ponts  soft  clay. 
Plastic  strain's  were  found  to  dominate  the  foundation  behaviour  and  as  a  result  the 
predicted  displacement  solution  was  significantly  influenced  by  the  value  of  the 
parameter  X. 
192 Selected  values  of  permeability  are  lower  than  those  selected  previously  in  chapter  4. 
Final  values  selected,  shown  in  Table  5.1,  were  obtained  by  repeatedly  adjusting  initial 
values  to  improve  the  match  between  computed  and  observed  excess  pore  water 
pressure  profiles.  Final  values  of  horizontal  permeability,  kh,  are  consistent  with 
values  measured  from  in  situ  testing.  Values  of  the  vertical  permeability  were  selected 
using  the  permeability  anisotropy  ratios  determined  from  laboratory  testing. 
The  permeability  was  found  to  significantly  influence  the  computed  results. 
The  depth  profile  of  preconsolidation  stress,  p',,  was  unchanged  from  that  determined 
previously  in  chapter  4. 
Using  the  parameters  shown  in  Table  5.1  consolidation  analyses  predicting  the 
observed  foundation  behaviour  over  a  period  of  nine  years  have  been  performed. 
5.4  Results  and  Discussion 
5.4.1  Introduction 
The  results  of  the  analyses  are  presented  in  Fig  5.6  -5.14.  All  times  shown  on  the 
figures  and  described  throughout  the  remainder  of  this  chapter  are  in  days  and  refer  to 
the  period  of  time  which  has  passed  since  the  end  of  construction.  The  end  of 
construction  has  been  assumed  as  time,  t--O.  For  convenience  and  to  keep  the  amount 
of  graphical  presentation  to  a  minimum,  predictions  have  been  made  and  compared 
with  field  measurements  at  times  of,  t--O,  t--57  days,  t--500  days,  t=  II  00days  (3years) 
and  t--2030  days  (5.5  years).  For  consistency  comparison  at  these  time  intervals  was 
maintained  for  settlements,  lateral  displacements  and  excess  pore  water  pressures. 
However,  in  some  instances  data  at  the  above  time  intervals  were  not  available,  as  a 
result  data  at  the  nearest  available  time  interval  were  used.  The  discussion  of  the 
current  solution  has  been  considered  in  three  parts;  settlements,  lateral  displacements 
and  excess  pore  water  pressures.  These  are  considered  separately  in  subsections  5.4.2, 
5.4.3  and  5.4.4  respectively. 
193 5.4.2.  Vertical  displacements 
Predictions  of  the  vertical  displacements  are  shown'in  Fig  5.6-5.8.  Measured  vertical 
displacement  data  are  available  for  surface'settlemerits  and  points  located  at  1,2  46 
and  8m  beneath  the  centre  line  of  the  embankment. 
Computed  and  observed  surface  settlement  profiles  are  in  reasonable  agreement  for 
times,  t--O  (end  of  construction),  which  was  assumed  as  undrained,  and  500:  5  t:  5  2030 
days.  Predictions  for  57:  5  t:  5  500  days  do  not  compare  well  with  those  observed  and 
are  underestimating  observed  surface  settlements  by  as  much  as  150mm.  The  reason 
for  this  is  evident  from  Fig  5.7  and  5.8,  which  shows  settlement  rates  at  locations 
under  the  centreline  of  the  embankment.  As  can  be  seen  from  Fig  5.7  the  observed 
settlement  over  the  top  4m  of  foundation  occurred  much  faster  than  is  predicted  in 
analyses  over  the  time  period  of  8  days.  This  indicates  that  drainage  of  excess  pore 
water  pressures  is  rapid  and  the  soil  has  a  high  permeability  over  this  time  period. 
Computed  long-term  settlements  over  the  top  4m  of  foundation  are  greater  than  those 
observed.  Computed  and  observed  short-term  and  long  term  settlements  at  6  and  8in 
depths  below  the  embankment  centre  line,  Fig  5.8,  are  in  reasonable  agreement. 
In  practice  an  estimation  of  the  rate  of  settlement  at  locations  beneath  the  centre  line  of 
the  embankment  may  be  necessary  in  situations  where'services  pass  underneath  the 
embankment.  Here  computed  settlements  over  the  top  layers  of  the  foundation  have 
underestimated  the  observed  movements,  in  the  short-term,  by  as  much  as  a  factor  of 
2.  To  improve  the  short-term  settlement  predictions  the  permeability  of  the  soft  clay 
was  increased  by  a  factor  of  ten.  Values  of  permeability  are  shown  in  Table  5.2.  For 
comparison  the  maximum  measured  (in  situ)  horizontal  permeability  is  also  shown. 
As  can  be  seen  from  Figs  5.15-5.17  increasing  the  permeability  has  significantly 
improved  short-term  settlement  predictions.  Predictions  of  the  long-term  settlement 
are  over  predicted.  This  result  further  demonstrates  that  in  the  short-term  the  rate  of 
dissipation  of  excess  pore  water  pressures  is  rapid,  particularly  over  the  top  3-4m  of 
foundation. 
194 As  can  be  seen  from  Table  5.2  the  adjusted  values  of  permeability  exceed  available 
permeability  data  by  as  much  as  2-3  times.  These  adjusted  values  of  permeability 
cannot  therefore  be  reasonably  justified.  However,  these  values  show  that  in  this  case 
high  values  of  measured  in  situ  permeability  are  required  to  reproduce  the  observed 
initial  behaviour. 
For  comparison  the  settlement  at  the  centreline  has  also  been  estimated  using  an 
empirical  method  (Leroueil  et  al.,  1985).  This  empirical  method  assumes  that  the  total 
settlement,  ST  consists  of  the  reconsolidation  settlement,  Sri  and  the  consolidation 
settlement  S,  Parameters  used  for  this  empirical  method  are  given  in  Table  5.3. 
The  reconsolidation  settlement,  Sri  corresponds  to  the  initial  phase  of  drained  loading 
of  the  clay,  stress  path  OP'  Fig  5.18  (Leroueil  et  al.,  1985)  and  is  given  by  relation 
(5.1). 
Hi 
+  e0i 
C"  log 
where  for  the  purposes  of  calculation  the  clay  layer  is  divided  into  n  layers  and  Hi  is 
the  thickness  of  a  layer  of  clay;  e0i  is  the  initial  void  ratio;  a',,  i  is  the  initial  effective 
stress;  cF  ývc  is  vertical  preconsolidation  pressure  and  C,  j  (=:  KlnlO)  is  the  recompression 
index. 
Relation  (5.1)  is  based  on  many  deformation  observations  (Tavenas  and  Leroueil, 
1980  and  Leroueil  and  Tavenas,  1986).  Using  this  empirical  method  a  surface,  centre 
line,  reconsolidation  settlement  of  155mm  was  estimated,  Table  5.3. 
The  consolidation  settlement,  Sd,  is  the  main  component  of  the  long-term  settlement  of 
a  clay  embankment  foundation  and  arises  from  volumetric  compression,  produced  by 
the  increase  in  effective  stresses  from  cr',  to  a',  i  +  Am,  (where  Aa,  is  the  increase  in 
total  vertical  stress)  following  a  stress  path  such  as  XB'D',  Fig  5.18.  As  for  the 
reconsolidation  settlement  the  total  consolidation  settlement  of  the  surface  of  the  clay 
deposit  is  obtained  by  subdividing  the  deposit  into  n  layers  and  calculating  the 
settlement  Sd  of  each  layer  of  thickness  Hi  using  relation  (5.2). 
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where  Cci  (=XlnlO)  is  the  compression  index. 
Using  relation  (5.2)  a  consolidation  settlement  of,  774mm  was  estimated,  Table  5.4, 
giving  a  total  surface  settlement  of  approximately  929mm  at  the  centre  line.  A  surface 
settlement  at  the  centre  line  of  approximately  780mm.  was  observed  at  t=2030  days. 
As  can  be  seen  from  Tables  5.3  and  5.4  use  of  relations  (5.1)  and  (5.2)  to  estimate  the 
reconsolidation  and  consolidation  settlements  respectively,  has  provided  a  reasonable 
estimation  of  the  observed  surface  settlement.  However,  both  relations  are 
underestimating  the  short-term  vertical  displacement  over  the  top  3-4m  of  foundation. 
Consequently,  for  short-term  settlement  predictions  at  depth  some  adjustment  of 
parameters  ic.  ,X  and  u've  is  required.  It  is  recommended  for  design  that  maximum  and 
minimum  values  of  parameters  ic  ,X  and  a',,;  are  used  to  provide  upper  and  lower 
settlement  limits. 
5.4.3  Lateral  displacement 
Predictions  of  lateral  displacements  at  inclinometer  locations  T7i,  TlIi  and  T15i  are 
shown  in  Figs  5.9-5.11.  As  can  be  seen  from  Figs  5.9-5.11  predictions  do  not  compare 
well  with  observed  displacements.  Predictions  of  lateral  displacement  are  typically 
most  inaccurate  for  the  time  t=O  (end  of  construction).  It  is  evident  from  the 
comparison  of  the  predicted  and  observed  lateral  displacements  that  much  of  the 
inaccuracy  which  has  arisen  is  due  to  the  inability  of  analyses  to  accurately  reproduce 
the  lateral  displacements  occurring  at  the  end  of  construction.  In  fact  predictions  of 
lateral  displacement  at  t--O  are  closest  to  observations  of  lateral  displacement  arising 
after  500  days  (no  lateral  displacement  data  at  t=500  days  are  available  at  M). 
This  behaviour  is  thought  to  be  due  to  some  overconsolidation  and/or  incomplete 
saturation  of  the  clay  foundation  causing  the  clay  to  follow  initially  a  drained  response. 
196 The  result  of  this  is  that  the  volume  of  'soil  displaced  vertically,  Vv)  is  considerably 
greater  than  the  volume  of  soil  displaced  horizontally,  Vý.  For  a  truly  undrained 
response  the  displaced  volumes  are  equal,  i.  e.  Vv--`ýVh.  The  mechanisms  of  this' 
behaviour  have  been  discussed  at  length  in  chapter  4. 
Previously  in  chapter  4  (section  4.6)  it  was  suggested  that  improved  estimates  of  the 
end  of  construction  lateral  displacements  could  be  obtained  by  performing  drained 
analyses  of  the  construction  procedure  or  performing,  undrained  analyses  with 
significantly  enhanced  values  of  elastic  stiffness  (or  significantly  reduced  values  of  K). 
Here,  back  analysed  values  of  elastic  stiffness  are  some  2-3  times  larger  than 
maximum  values  of  stiffness  obtained  from  in  situ  and  laboratory  testing.  These 
enhanced  values  of  elastic  stiffness  cannot  be  justified  by  available  stiffness  data  and 
therefore  this  method  was  not  taken  any  further. 
It  is  thought  that  the  foundation  does  not  follow  an  undrained  response  until  yield 
occurs  (or  the  soil  becomes  normally  consolidated).  In  chapter  4  (section  4.3)  a  simple 
hand  calculation  was  performed  which  determined  that  elements  of  soil  beneath  the 
embankment  centreline  would  not  start  to  yield  until  the  embankment  reached  a  height 
of  2-2.5m,  which  in  this  case  coincides  with  the  final  height  of  embankment  B. 
Therefore,  on,  the  basis  of  the  above  discussion  performing  drained  analyses  for  the 
entire  construction  procedure  for  embankment  B  is  justified.  Predictions  of  the  end  of 
construction  lateral  displacements  using  drained  analyses  are  shown  in  Figs  5.19-5.21. 
As  can  be  seen  from  Figs  5.19-5.21  predictions  of  the  end  of  construction  lateral 
displacements  are  reasonable.  However  at  inclinometer  TI  Ii  (Fig 5.20)  predictions  are 
underestimating  lateral  displacements  by  as  much  as  a  factor  of  2.  Despite  this,  the 
drained  solution  has  provided  a  more  accurate  estimate  of  the  construction  lateral 
displacements.  As  a  result  a  correction  equal  to  the  difference  between  the  drained  and 
undrained  end  of  construction  lateral  displacement  solutions  can  be  applied  to 
subsequent  predictions  of  lateral  displacement,  therefore,  removing  some  of  the 
inaccuracy  associated  with  assuming  an  undrained  ý  response  during  construction., 
Using  this  approach  computed  lateral  displacements  at  inclinometers  T7i,  T11i  and 
T15i  reduce  to  those  shown  in  Figs  5.22-5.24.  At  inclinometers;  T7i,  TIli  and  T15i 
the  differences  between  maximum  drained  and  undrained  lateral  displacements  are 
approximately  50mm,  60mm  and  55mm  respectively. 
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particularly  at  500:  5  t:  5  2030  days,  are  in  better  agreement  with  those  observed. 
For  comparison  the  maximum  end  of  construction  lateral  displacement,  y.,,  under  the 
embankment  toe  has  been  estimated  from  an  empirical  correlation,  relation  (5.3). 
yc=0.2S,,  +  S.  (5.3) 
where  Sr  is  the  reconsoliclation  settlement  and  SU  is  the  undrained  shearing  settlement 
which  results  from  plastic  flow  of  the  normally  consolidated  clay  and  is  given  by 
relation  (5.4),  also  an  empirical  relation  (Leroueil  et  al.,  1985). 
S.  =  (0.07  ±  0.03XH 
r-H,,  c 
(5.4) 
where  H,  is  the  height  of  the  embankment  and  H,,,  is  the  critical  embankment  height. 
Relation  (5.3)  is  based  on  observations  assembled  by  Tavenas  et  al.  (1979)  of  lateral 
displacements  under  the  toe  of  many  trial  embankments. 
The  maximum  calculated'  end  of  construction  lateral  displacement  under  the 
embankment  toe,  coincident  with  inclinometer  TIli,  is  approximately  31mm.  At 
inclinometer  T1  Iia  lateral  displacement  of  approximately  25mm  was  observed. 
If  necessary,  using  the  value  of  y.  c  computed,  an  estimate  of  the  depth  profile  of  the 
end  of  construction  lateral  displacements  can  be  obtained  using  Fig  4.43.  The  profile 
of  lateral  displacements  estimated  using  this  method  is  shown  in  Fig  5.25.  A 
consolidation  state  of  3  has  been  assumed.  As  can  be  seen  from  Fig  5.25  the  computed 
depth  profile  of  lateral  displacement,  except  over  the  top  4-5m,  is  in  good  agreement 
with  that  observed.  - 
Detailed  analysis  of  available  observations  of  lateral  displacements  (Tavenas  et  al., 
1979  and  Bourges  and  Mieussens,  1979)  has  shown  the  distribution  of  lateral 
displacements  with  depth  does  not  change  further  after  the  end  of  construction,  Fig 
5.26.  This  observation  therefore,  enables  an  estimate  of  the  long-term  lateral 
displacement  profile  to  be  obtained  given  an  estimate  of  the  maximum  long-term 
settlement,  ym.  Values  of  y.  can  be'estimated  from  relation  (5.5)  (Tavenas  and 
Leroueil,  1980). 
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where  AST  is  the  increase  in  maximum  settlement  during  long-term  consolidation. 
Relation  (5.5)  is'an  'empirical  relation  based  on  long-term  observations  of  lateral 
displacements  (Tavenas  et  al,  1979  and  Bourges  and  Mieussens,  1979).  Analysis  of 
these  lateral  displacement  and  settlement'data  determined  that  the  ratio  between  the 
increase  in  lateral  displacement  and  increase  in  settlement  remains  constant  during 
consolidation.  Fig  5.27  illustrates  this  behaviour.  As  can  be  seen  relation  (5.5) 
provides  a  reasonable  estimate  of  the  observed"  behaviour.  For  the  Cubzac 
embankment  B  the  ratio  of  the  width  of  the  embankment  to  the  thickness  of  the  clay 
and  ratio  of  the  width  of  slopes  to  the  thickness  of  the  clay  are  2.67  and'O.  78 
respectively.  'Embankment  B  was  'constructed  with  a  factor  of  safety  against 
immediate  failure  of  1.5. 
Using  relation  (5.5)  gives  a  long-term  lateral  displacement,  yM=155mm  under  the  toe 
of  the  embankment  (coincident  with  inclinometer  T1  I  i).  For  the  current  period  for 
which  measurements  of  lateral  displacements  are  available  at  inclinometer  TlIi, 
approximately  6  years,  the  observed  maximum  lateral  displacement  is'  approximately 
equal  to  135mm.  '  Using  Fig 4.43  the  long-term  depth  profile  of  lateral  displacement  is 
shown  in  Fig  5.28.  '  As  can  be  seen  from  Fig  5.28  the  computed  depth  profile  of  lateral 
displacement,  except  over  the  top  4-5m,  is  in  good  agreement  with  that  -observed. 
However,  calculated  lateral  displacements  at  the  ground  surface'are  larger  than  those 
observed., 
It  is  evident  from'comparisbn  of  Figs  5.10  and  5.28  that  a  more  accurate  ekimate  of 
lateral  displacement  under  the  embankment  toe  is  obtained  using  the  empirical  method 
than  is  obtained  using  finite  element  analysis. 
In  practice  predictions  of  lateral  displacement  are  important  particularly'  in  situations 
where  there  are  buried  structures  close  to  the  embankment.  Predictions  of  lateral 
displacement  solely  based  on  finite  element  computations  will  be  excessive  and  may 
result  in  extensive  and  unnecessary  remedial  measures  to  protect  any  buried  structures. 
As  a  result,  it  is  suggested  that  more  than  one  method  is  used  to  estimate  the  lateral 
199 displacements  so  the  effects  of  each  can  be  assessed  before  considering  the  extent  of 
remedial  works  required  to  protect  these  structures. 
5.4.4  Excess  pore  water  pressures  -1  1 
Predictions  of  excess  pore  water  pressures  have  been  made  at  the  centreline,  4m,  from 
the  embankment  centre  line  (approximately  half-way  between  the  embankment 
centreline  and  toe)  and  the  toe  of  the  embankment.  Predictions  are  shown  in  Figs 
5.12-5.14.  As  can  be  seen  from  Figs  5.12-5.14  predictions  of  excess  pore  water 
pressures  over  the  2030  day  period  (approximately  6  years)  are  in  general  in 
reasonable  agreement  with  those  observed.  Nevertheless  differences  remain  in  the 
current  solution.  Many  analyses  were  performed  to  obtain  the  current  solution. 
Predictions  of  excess  pore  water  pressure  in  the  short-term,  O<t_-557days,  are  in 
reasonable  agreement  with  those  observed.  At  t--O  predictions  at  the  centreline  and  4m 
from  the  centreline  are  typically  underestimating  observations  over  the  top  4m  of 
foundation  but  overestimating  observations  below  this  depth.  Under  the  embankment 
toe  predictions  are  in  general  underestimating  those  observed,  however  the  difference 
is  small,  approximately  5kPa. 
At  t--57  days  analyses  are  overpredicting  the  rate  of  dissipation  of  excess  pore  water 
pressure  over  the  top  3-4m  of  foundation  at  the  centreline  and  4m  from  the  centreline. 
At  the  centre  line  at  depth  analyses  are  overestimating  the  observed  excess  pore  water 
pressure  by  as  much  as  20kPa,  indicating  analyses  are  underestimating  the  rate  of 
dissipation  of  excess  pore  water  pressures.  At  the  toe  analyses  have  not  accurately 
reproduced  the  observed  excess  pore  water  pressures  at  t--57  days.  At  t=57  days 
analyses  are  underestimating  observed  excess  pore  pressures  by  some  7kPa  at  the  toe.  ý 
Long-term,  500:!  ý  t:  5  2030  days  predictions  of  excess  pore  water  pressures  at  the 
centreline  are  in  reasonable  agreement  with  observations.  However,  analyses  have 
overpredicted  the  rate  of  excess  pore  water  pressure  dissipation  over  the  top  2-3m  of 
foundation. 
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centre  line  and  at  the  embankment  toe  are  overestimating  those  observed  by  as  much 
as  15-20kPa.  It  is  evident  from  Fig  5.11-5.12  that  the  final  choice  of  the  values  of 
permeability  is  inappropriate  for  these  locations.  Higher  values  of  permeability  at  4m 
from  the  centre  line  and  toe  are  required  to  improve  predictions  at  these  locations.  To 
investigate  this  further  the  permeability  of  the  soft  clay  was  increased  by  a  factor  of  ten 
(see  Table  5.2).  The  effect  of  this  on  the  excess  pore  water  pressure  predictions  is 
shown  in  Figs  5.29-5.31.  As  can  be  seen  from  Figs  5.29-5.31  these  significantly 
enhanced  values  of  permeability  have  provided  an  improved  long-term  excess  pore 
water  pressure  solution  at  4m  from  the  centre  line  and  toe  but  not  at  the  centre  line.  At 
the  centre  line  long-term  predictions  of  excess  pore  water  pressure  have  significantly 
underestimated  those  observed. 
In  CRISP  the  foundation  is  divided  into  several  layers  to  which  constant  values  of 
horizontal  and  vertical  permeability  are  assigned.  Throughout  the  analysis  the  value  of 
permeability  assigned  to  each  layer  remains  constant.  It  is  evident  from  the  above 
discussion  that  the  permeability  of  the  foundation  does  not  remain  constant  as 
assumed. 
It  has  long  been  recognised  that  the  permeability  falls  with  decreasing  void  ratio,  Fig 
5.32  (Magnan,  Mieussens  and  Queyroi,  1983).  This  implies  that  the  permeability  of 
the  soil  will  change  as  the  volume  of  the  soil  changes  (Al-Tabba  and  Wood,  1987), 
which  links  changes  in  permeability  to  changes  in  effective  stress  (Samarasinghe  et  al., 
1982).  An  example  of  numerical  analyses  of  stage-constructed  embankments  on  soft 
clay,  incorporating  a  variable  permeability  (permeability  varies  with  void  ratio)  is 
given  in  chapter  4  (section  4.3.7.3)  (Chai  and  Bergado,  1983).  Studies  performed  by 
Chai  and  Bergado  (1993)  and  others,  e.  g.  Almeida  et  al.  (1986)  have  shown  that 
allowing  the  permeability  to  vary  with  the  void  ratio  can  provide  more  accurate  long- 
term  estimates  of  excess  pore  water  pressures. 
As  previously  mentioned  in  chapter  4  an  estimate  of  the  excess  pore  water  pressures 
for  stage  constructed  embankments  is  important.  For  embankment  B  (and  similar 
embankments)  predictions  of  the  long-term  excess  pore  water  pressure  may  not  be 
necessary  as  excess  pore  pressures  generated  at  the  end  of  construction  are 
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term  or  end  of  construction  excess  pore  water  pressures  are  important.  The  end  of 
construction  pore  water  pressures  can  be  used  to  assess  the  stability  of  the 
embankment.  Here,  undrained  finite  element  analyses  of  embankment  B  have 
provided  reasonable  estimates  of  the  observed  pore  pressures  generated  due  to 
construction.  Additionally,  fin-ther  estimates  of  these  excess  pore  pressures  can  be 
made  using  the  empirical  method  described  previously  in  chapter  4  (section  4.6). 
However,  in  situations  where  excess  pore  water  pressures  are  required  the  accuracy  of 
these  predictions  is  significantly  influenced  by  the  values  of  permeability  selected. 
Here,  (for  embankment  B)  values  of  horizontal  permeability,  kh,  were  selected  from 
values  of  permeability  obtained  from  in  situ  testing.  Final  values  (subject  to  some 
adjustment  by  trial  and  error)  correspond  approximately  to  the  minimum  in  situ 
measured  permeability  or  the  maximum  of  horizontal  permeability  measured  in  the 
laboratory.  The  final  values  of  horizontal  permeability  were  lower  than  was 
anticipated  in  view  of  the  results  of  consolidation  analyses  performed  for  embankment 
A.  However,  the  effect  of  incomplete  saturation  is  known  to  reduce  the  permeability 
of  the  soil  (Leroueil  et  al.,  1985)  and  may  account  for  the  lower  values  of  permeability 
that  were  estimated  from  values  of  permeability  anisotropy  ratios  determined  from 
laboratory  testing. 
Some  check  on  the  selected  values  of  permeability  is  provided  by  back  analysing 
estimates  of  the  excess  pore  water  pressure  calculated  by  hand  at  various  times 
throughout  the  anticipated  life  of  the  embankment.  For  example,  hand  calculations 
can  be  based  on  the  principle  of  one-dimensional  consolidation  (or Tezaghi's  theory). 
However,  due  to'the  limitations  of  Tezaghi's  theory  of  one-dimensional  consolidation 
(Tavenas  et  al.,  1979  and  Leroueil  et  al.,  1985)  some  engineering  judgement,  based  on 
previous  experience  or  similar  loading  situations,  may  be  required. 
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5.5.1  Introduction 
In  this  section  the  results  of  previous  analysis  of  the  embankment  B  trial  loading  using 
the  MELANIE  soil  model  are,  for  comparison,  briefly  summarised.  The  results  of 
numerical  analyses,  employing  the  MELANIE  soil  model,  have  been  extracted  from 
Mouratidis  and  Magnan  (1983),  Magnan,  Mieussens  and  Queyroi  (1983)  and  Leroueil, 
Magnan  and  Tavenas  (1985).  For  clarity  the  results  of  the  modified  Cam  clay  analyses 
described  in  this  chapter  are  not  included  in  the  figures  associated  with  this  section. 
The  results  of  analyses  using  the  MELANIE  soil  model  are  summarised  in  Figs  5.33  to 
5.37.  Figures  presented  in  this  section  were  extracted  from  Muir  Wood  (1990). 
5.5.2.  Results  and  discussion 
It  is  evident  from  the  results  of  analyses  that  the  MELANIE  soil  model  has  overall, 
provided  a  more  accurate  prediction  of  the  observed  foundation  response.  However, 
surface  settlement  predictions  using  the  modified  Cam  clay  soil  model,  Fig  5.6,  are, 
particularly  in  the  long-term,  more  accurate.  Both  the  MELANIE  and  modified  Cam 
clay  soil  models  are  unable  to  predict  the  initial  measured  settlement  response.  The 
measured  initial  settlement  response  is  occurring  significantly  faster,  particularly  in  the 
top  2-4m  of  foundation,  Figs  5.34  and  5.7,  than  was  computed  using  the  MELANIE 
and  modified  Cam  clay  soil  model. 
Lateral  displacement  predictions  using  the  MELANIE  soil  model  Fig  5.36  are  after 
approximately  t--46  days,  significantly  more  accurate  that  those  obtained  using  the 
modified  Cam  clay  analyses,  Fig  5.10.  In  the  short-term  both  MELANIE  and 
modified  Cam  clay  analyses  are  overpredicting  the  observed  lateral  displacements. 
However,  the  differences  between  predicted  and  observed  lateral  displacements  using 
the  MELANIE  soil  model  are  not  as  acute  as  was  found  for  the  modified  Cam  clay  soil 
model. 
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those  obtained  using  the  modified  Cam  clay  soil  model,  Fig  5.12.  Excess  pore  water 
pressure  predictions  are  however  in  the  short-term  more  accurate  using  the  MELANIE 
soil  model. 
Even'  though  some  differences  remain  between  the  MELANIE  soil  model  solution 
and  observations,  introducing  a  certain  amount  of  compressibility  of  the  pore  fluid 
(corresponding  to  Sr=0.98)  has  provided  a-more  accurate  solution.  This  is  particularly 
the  case  for  predictions  of  lateral  displacements.  Again  it  is  evident  that  soil 
characteristics  such  as  anisotropy  and  the  presence  of  gas  within  the  pores  of  the  soil 
have  a  significant  influence  on  the  accuracy  of  the  predicted  solution. 
I 
5.6  Conclusions 
The  modified  Cam  clay  soil  model  has  provided  reasonable  predictions  of  the 
observed  settlements  and  excess  pore  water  pressures.  Accurate  simultaneous 
predictions  of  observed  settlements  and  lateral  displacements  was  however  not 
possible.  Predicted  lateral  displacements  were  as  much  as  a  factor  of  two  greater  than 
those  observed.  Greatest  discrepancy  between  computed  and  observed  lateral 
displacements  arose  at  the  end  of  construction  of  the  embankment. 
Values  of  critical  embankment  height,  11.,  c,  suggest  that  yield  of  the  soft  clay 
foundation  will  not  start  to  occuruntil  completion  of  the  embankment.  As  a  result, 
during  construction  the  foundation  will  be  predominantly  following  a  drained 
response.  Consequently,  to  improve  lateral  displacement  predictions  initial  estimates 
using  consolidation  analyses  were  adjusted  in  relation  to  the  magnitude  of  lateral 
displacement  arising  at  the  end  of  construction  assuming  a  fully  drained  foundation 
response. 
Additional  estimates  of  the  end  of  construction  (short-term)  and  long-term  lateral 
displacements  under  the  toe  of  the  embankment  (TI  1  i)  were  made  using  empirical 
correlations  (Tavenas  and  Leroueil,  1980  and  Ler6ueil  et  al.,  1985).  The  depth  profiles 
of  lateral  displacement  obtained  using  these  methods  were  in  reasonable  agreement 
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finite  element  analysis. 
For  comparison  estimates  of  the  surface  settlement  beneath  the  centre  of  the 
embankment  for  both  the  short-term  and  long-term  were  performed  using  empirical 
correlations  (Leroueil  et  al.,  1985).  These  methods  provided  reasonable  estimates  of 
the  observed  long-term  surface  settlement.  In  the  short-term  these  empirical 
correlations  tended  to  underestimate  the  observed  settlement.  Settlements  and  excess 
pore  water  pressures  computed  using  finite  element  analysis  displayed  a  similar 
behaviour.  This  behaviour  is  thought  to  be  due  to  different  rates  of  excess  pore  water 
pressure  dissipation  in  the  short-term  and  long-term.  Measured  settlement  and  excess 
pore  water  pressure  data  indicate  that  the  permeability  of  the  soil  decreases  with 
increasing  magnitude  of  effective  stress.  Allowing  permeability  to  vary  with  effective 
stress  (or  void  ratio)  may  therefore  provide  more  accurate  predictions  of  settlement  and 
excess  pore  water  pressures  (Almeida  et  al.,  1986  and  Chai  and  Bergado,  1993). 
Many  analyses  were  performed  in  order  obtain  the  presented  predictions.  The  greatest 
difficulty  throughout  the  study  was  the  selection  of  values  of  permeability.  The 
permeability  was  found  to  have  a  significant  influence  on  the  predicted  results.  Here, 
final  values  of  horizontal  permeability  are  similar  (approximately)  to  minimum  values 
obtained  from  in  situ  testing  (or  maximum  values  obtained  from  laboratory  testing). 
This  is  consistent  with  initial  values  of  horizontal  permeability  selected  for  studies 
performed  by  Chai  and  Bergado  (1993)  and  Indraratna  et  al.  (1992).  Values  of  vertical 
permeability  were  selected  from  ratios  of  k,,  /ky  from  laboratory  testing.  Some  check 
on  the  selected  values  of  permeability  could  be  provided  by  back  analysing  estimates 
of  excess  pore  water  pressure  calculated  by  hand.  Alternative  methods  of  estimating 
excess  pore  water  pressures  were  discussed  in  chapter  4. 
Plastic  strains  were  found  to  dominate  the  foundation  behaviour.  As  a  result,  accurate 
selection  of  values  of  X  (describing  the  magnitude  of  plastic  strains)  was  found  to  be 
important.  From  back  analysis  optimum  values  of  ),  were  similar  to  approximately 
maximum  values  of  X  obtained  from  available  oedometer  normal  compression  data. 
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with  plasticity  index  (Muir  Wood,  1990),  (see  section  5.3). 
Despite  the  dominance  of  plastic  strains  throughout  analyses  short-term  and  long-term 
settlement  predictions  were  found  to  be  influenced  by  the  magnitude  of  elastic 
stiffness.  In  Cam  clay  the  magnitude  of  elastic  stiffness  is  influenced  by  the  values  of 
Y,.  Here,  optimum  values  of  r,  were  selected  from  values  of  K  estimated  using  the 
average  slope  of  oedometer  unload-reload  data.  Using  this  method  resulting  values  of 
elastic  stiffness  corresponded  to  a  strain  level  of  approximately  0.3-0.4%. 
An  improved  estimate  of  the  lateral  displacements  (both  short-term  and  long-term) 
could  be  achieved  using  the  MELANIE  soil  model  (Mouratidis  and  Magnan,  1983). 
Additionally,  more  accurate  predictions  of  the  short  term  excess  pore  water  pressures 
was  achieved  using  the  MELANIE  soil  model  (Mouratidis  and  Magnan,  1983).  Again 
the  reason  for  this  improved  accuracy  is  thought  to  be  the  inclusion  of  the  anisotropic 
elastic  and  plastic  properties  and  the  presence  of  gas  within  the  pores  (Leroueil  et  al., 
1985). 
Neither  the  modified  Cam  clay  soil  model  nor  the  MELANIE  soil  model  (Magnan  et 
al.,  1983)  were  able  to  accurately  reproduce  the  end  of  construction  lateral 
displacements.  Predictions  of  the  end  of  construction  lateral  displacements  were  least 
accurate  using  the  modified  Cam  clay  soil  model.  The  elements  of  a  soil  model 
required  to  accurately  model  lateral  displacements  arising  due  embankment 
construction  are  as  yet  still  not  fully  understood  (Gens,  1994).  However,  good 
predictions  of  both  short-term  (construction  induced)  and  long-term  lateral 
displacements  beneath  an  embankment  toe  (Yanai  city,  Japan)  were  reported  by  Miki 
et  al.  (1994)  using  Sekiguchi  and  Ohta's  (1977)  (also  see  Sekiguchi  et  al.,  1982) 
elasto-viscoplastic  soil  model.  Sekiguchi  and  Ohta's  elasto-viscoplastic  soil  model  is 
an  extension  of  the  anisotropic  Cam  clay  soil  model  developed  by  Ohta  and  Wroth 
(1976).  The  formulation  of  these  soil  models  is  based  on  the  original  Cam  clay  soil 
model  (Bullet-shaped  yield  locus)  (Roscoe  and  Schofield,  1963  and  Schofield  and 
Wroth,  1968)  however  the  quantity  il=q/p'  in  the  original  formulation  is  replaced  by 
il=q/p'-qýp'a  (where  qa  and  p'.  are  the  values  of  q  and  p'  at  the  end  of  anisotropic 
206 consolidation)  in  the  anisotropic,  Cam  clay  soil  model.  This  causes  a  rotation  of  the 
yield  surface  around  the  stress  origin  resulting  in  the  yield  surface  shown  in  Fig  5.38. 
As  can  be  seen  from  Fig  5.38  the  resulting  yield  surface  has  some  similarities  to  that 
used  in  the  MELANIE  soil  model. 
It  has  long  been  recognised  that  under  very  rapid  loading  much  higher  stresses  can  be 
momentarily  sustained  by  soft  soils.  Studies  performed  by  Ansal  et  al.  (1979)  show 
that  the  viscoplasticity  (time-dependency)  of  normally  consolidated  clays  is  an 
important  aspect  of  soil  behaviour.  Consequently,  to  include  the  effects  of  loading  rate 
dependency  of  soft  soils  Sekiguchi  and  Ohta  (1977)  and  Sekiguchi  et  al.  (1982)  have 
extended  the  anisotropic  soil  model  to  included  the  effects  of  viscosity.  The  associated 
flow  rule  of  the  original  Cam  clay  model  was  maintained.  It  is  appears  from  the 
results  presented  by  Miki  et  al.  (1994)  that  the  inclusion  of  viscosity  within  a  soil 
model  may  be  significant,  particularly  if  accurate  predictions  of  lateral  displacements 
induced  beneath  embankments  are  required. 
From  the  above  discussion  it  is  evident  that  anisotropy,  the  presence  of  gas  within  the 
soil  pores  and  viscosity  are  important  elements  of  soil  behaviour  which  need  to  be 
considered  within  a  numerical  framework  if  accurate  predictions  of  lateral 
displacements  induced  beneath  an  embankment  are  required.  Parameter  selection  for 
the  resulting  soil  model  may  not  be  straightforward  as  inclusion  of  these  additional  soil 
characteristics  within  a  numerical  framework  will  require  the  selection  of  additional 
soil  parameters  which,  except  for  sensitive  designs,  will  not  make  their  introduction 
into  a  numerical  framework  attractive. 
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C14 Table  5.2.  Enhanced  values  of  permeability. 
LAYER  No  DEPTH  (m)  k,,  (m/day)  ky(m/day)  k,,,,,,,  (nVday) 
1  0-1.0 
2  1.0-1.75  5.5xlO-4  2.6xlO'  6.9xlO' 
3  1.75-4.0  2.24x  10"'  _  5.2xlO-4  1.73xlO' 
4  1  4.0-6.0  1  5.2xlO"  I  8.64xlO'  I  1.3xlO-"  j 
x  10- 
5  6.0-9.0  1.5xlO""'  7xlO-*  2.  O=xlO 
Table  5.3.  Reconsolidation  settlement,  S.  j. 
LAYER 
Hi  (m) 
1+e,,  i  Csi 
(Kln  10) 
C79  A 
(kPa) 
CFI)  vi+Acrv 
(kPa) 
ý&i 
I+eo 
14  a:,  +  Ao,  Sri 
(mm) 
0-1.0  2.1  0.046  8.5  56.5  0.022  0.823  18 
1.0-1.75  3.92  0.069  19.5  65.5  0.013  0.526  7 
1.75-4.0  3.86  0.23  27  74.8  0.134  0.443  60 
4.0-6.0  3.1  0.15  37  84.8  0.097  0.36  35 
6.0-9.0  3.33  0.14  49.5  94.5  0.126  0.281  35 
Table  5.4.  Primaxy  consolidation  settlement,  Sd. 
LAYER 
Hi  (m) 
I+eol  cl 
(%InIO) 
cy"'i 
(kPa) 
aI  vp 
(kPa) 
M. 
I+e 
0 
lo  llý) 
Sdi 
i 
(mm) 
0-1.0  2.1  0.58  8.5  50  0.26  0.77  200 
1.0-1.75  3.92  1.5  19.5  43  0.287  0.34  100 
1.75-4.0  3.86  1.84  27  41  1.07  0.181  194 
4.0-6.0  3.1  1.61  37  57  1.04  0.188  195 
6.0-9.0  3.33  1.73  49.5  56  1.56  0.054  85 
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Fig  5.1.  Construction  sequence  for  embankment  B  at  Cubzac-les-Ponts  (Magnan  et 
et  al.,  1983) 
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Fig  5.2.  Dimensions  of  embankment  B  at  Cubzac-les-Ponts.  (NOT  TO  SCALE) 
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Fig  5.3.  Instrumentation  section  K-K  showing  (a)  settlement  gauges  (b)  inclinometer 
locations  and  (c)  piezometer  locations. (b) 
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Fig  5.4.  Finite  element  mesh  used  to  describe  embankment  B  and  foundation  at 
Cubzac-les-Ponts. 
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-i FIGURE  5.5 
SELECTED  VALUES  OFXCOMPARED  TO  MUIR  WOOD'S  EMPIRICAL  RELATION. 
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FIGURE  5.6 
COMPUTED  AND  OBSERVED  SURFACE  SETTLEMENTS  BENEATH  EMBANKMENT  B. 
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PLASTICITY  INDEX  Ip FIGURE  5.7 
COMPUTED  AND  OBSERVED  SETTLEMENTS  IN  SOIL  LAYERS  BENEATH  EMBANKMENT  B. 
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FIGURE  5.8 
COMPUTED  AND  OBSERVED  SETTLEMENTS  IN  SOIL  LAYERS  BENEATH  EMBANKMENT  B. 
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213 FIGURE  5.9 
COMPUTED  AND  OBSERVED  LATERAL  DISPLACEMENTS  AT  INCLINOMETER  T7i 
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FIGURE  5.10 
COMPUTED  AND  OBSEPVED  LATERAL  DISPLACEMENT  AT  INCLINOMETER  Tl  1i 
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214 FIGURE  5.1  1 
COMPUTED  AND  OBSERVED  LATERAL  DISPLACEMENTS  AT  INCLINOMETER  Tl  5i 
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FIGURE  5.12 
EXCESS  PORE  WATER  PRESSURES  BENEATH  CENTRE  LINE  OF  EMBANKMENT  B 
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215 FIGURE  5.13 
EXCESS  PORE  WATER  PRESSURES  AT  4m  FROM  CENTRE  OF  EMBANKMENT  B. 
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FIGURE  5.14 
EXCESS  PORE  WATER  PRESSURE  UNDER  TOE  OF  EMBANKMENT  B. 
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216 FIGURE  5.15 
COMPUTED  AND  OBSERVED  SURFACE  SETTLEMENTS  BENEATH  EMBANKMENT  B 
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FIGURE  5.16 
COMPUTED  AND  OBSERVED  SETTLEMENTS  IN  SOIL  LAYERS  BENEATH  EMBANKMENT  B. 
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217 FIGURE  5.17 
COMPUTED  AND  OBSERVED  SETTILEMEt-IT'S  IN  SOIL  LAYERS  BENEATH  EMBANKMENT  B. 
0 
..................... 
-100 
E 
F-  -200 
z.  A 
LAJ 
W  -6m  (COMP) 
-i  -300  A  -6m  (OBSD) 
i- 
LLJ  -------  -8m  COMP) 
(A 
-8m 
NSID) 
-400 
-50o 
u  200  400  600  800  1000  1200  1400  1600  1800  2000  2200 
TIME  (DAYS) 
Fig  5.18.  Effective  stress  path  and  'settlement-horizontal  displacement'  relationship 
(Leroueil  et  al.,  1985). 
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218 FIGURE  5.19 
COMPUTED  (DRAINED)  AND  OBSEPVED  LATERAL  DISPLACEMENTS  AT  INC  LINO  METER  TT 
FIGURE  5.20 
COMPUTED  (DRAINED)  AND  OBSEPVED  LATERAL  DISPLACEMENT  AT  INCLINOMETER  Tl  1 
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HORIZONTAL  DISPLACEMENT  AT  T71  (mm) FIGURE  5.21 
COMPUTED  (DRAINED)  AND  OBSERVED  LATERAL  DISPLACEMENTS  AT  INCLINOMETER  Tl  5i 
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FIGURE  5.22 
CORRECTED  LATERAL  DISPLACEMENT  AT  INCLINOMETER  T7i 
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HORIZONTAL  DISPLACEMENT  AT  Tl  51  (mm) FIGURE  5.23 
CORRECTED  LATERAL  DISPLACEMENT  AT  INCLINOMETER  Tl  1i 
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FIGURE  5.24 
CORRECTED  LATERAL  DISPLACEMENTS  AT  INCLINOMETER  Tl  5i 
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221 FIGURE  5.25 
COMPUTED  (RELATION  5-3)  AND  OBSERVED  LATERAL  DISPLACEMENTS  UNDER  TOE 
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Fig  5.26.  Distribution  of  lateral  displacement  with  depth  (Tavenas  et  al.,  1979). 
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during  long-term  consolidation  under  different  embankment  on  soft  clays  (Tavenas 
and  Leroueil  j  980). 
FIGURE  5.28 
COMPUTED  (RELATION  5.5)  AND  OBSERVED  LATERAL  DISPLACEMENTS  UNDER  TOE. 
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223 FIGURE  5.29 
EXCESS  PORE  WATER  PREGSURE  UNDER  CENTRE  LINE  OF  EMBANKMENT  B. 
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FIGURE  5.30 
EXCESS  PORE  WATER  PRESSURE  4m  FROM  CENTRE  OF  EMBANKMENT  B. 
INCREASE  IN  PERMEABELITY 
F.  ..  *V  . 
E 
Lli 
C) 
-2  -V 
-3 
E3  j)  v 
-5 
-6 
-7  CCC27(0) 
......  CCC27  57) 
-8  -ID  CCC27ý500) 
----------------  .....  CCC27  I  100) 
CCC27  2030) 
-9  V  MEAS(O) 
0  MEAS(57) 
-10 
0  10  20  30  A  MEAS(500) 
0  MEAS(I  100) 
EXCESS  PORE  WATER  PRESSURE  (kPa) 
IV 
MEAS(2030) 
224 FIGURE  5.31 
EXCESS  PORE  PRESSURES  UNDER  TOE  OF  EMBANKMENT  B 
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Fig  5.32.  Relation  between  void  ratio,  e,  and  permeability,  k,  obtained  in  the 
oedometer  (Tavenas  et  al.,  1983b). 
225 Fig  533.  Computed  (MELANIE)  (--)  and  measured  (-)settlements  at  surface  of  soil 
beneath  embankment  B  at  Cubzac-les-Ponts  (Magnan,  Mieussens  and  Queyroi,  1983 
and  Mouratidis  and  Magnan,  1983). 
'W.  -  --  .  1111 
0 
F4-6 
0.2  45 
546 
1046 
2046\ 
A. 
1112 
6046\ 
days 
-  -0.8  2036  days 
1.2 
set  tlem  ent,  rn 
Fig  5.34.  Computed  (MELANIE)  (--)  and  measured  (-)  settlements  in  soil  layers 
beneath  embankment  B  at  Cubzac-les-Ponts  (a)  layers  0-1m,  1-2m,  2-4m.  (Magnan, 
Mieussens  and  Queyroi,  1983  and  Mouraticlis  and  Magnan,  1983). 
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Fig  5.35.  Computed  (MELANIE)  (--)  and  measured  (-)  settlements  in  soil  layers 
beneath  embankment  B  at  Cubzac-les-Ponts  (a)  layers  4-6m  and  6-9m  (Magnan, 
Mieussens  and  Queyroi,  1983  and  Mouratidis  and  Magnan,  1983). 
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226 Fig 5.36.  Computed  (MELANIE)  (--)  and  measured  (-)  inclinometer  profiles  for  toe 
(TI  I  i)  of  embankment  B  (Magnan,  Mieussens  and  Queyroi,  1983  and  Mouratidis  and 
Magnan,  1983). 
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Fig  5.37.  Computed  (MELANIE)  (--)  and  measured  (-)  excess  pore  pressures 
beneath  the  centre  of  embankment  B  (Magnan,  Mieussens  and  Queyroi,  1983  and 
Mouratidis  and  Magnan,  1983). 
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Fig  5.38.  Yield  surface  for  K,,  -consolidated  soil  as  described  by  the  anisotropic 
elastic,  viscoplastic  soil  model  (Sekiguchi  and  Ohta,  1977  and  Sekiguchi  et  al.,  1982). 
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227 CHAPTER  6 
6.  Soft  clay;  conclusions 
6.1  Trial  loading 
Back  analyses  of  the  trial  loading  described  in  chapter  3  were  performed  using  the 
isotropic  linear  elastic,  elastic-perfectly  plastic  Tresca  and  elasto-plastic  modified  Cam 
clay  soil  models.,  From  comparison  of  the  computed  and  observed  responses  the 
following  main  conclusions  have  emerged: 
1.  During  the  trial  loading  the  initial  settlement  response  was  observed  to  be  stiff 
(Schnaid  et  al.,  1993).  Back  analysis  of  the  initial  stiff  foundation  response  using  the 
isotropic,  linear  elastic  soil  model  determined  that  high  values  of  elastic  stiffhess  were 
required  to  accurately  model  the  observed  settlement  response.  Suitable  values  of 
elastic  stiffness  were  deduced  from  a  single  isotropically  consolidated  undrained  triaxial 
test  performed  at  low  strain  (e,  <0.05%).  Optimum  estimates  of  the  elastic  stiffhess 
giving  the  most  accurate  displacement  solution  were  obtained  once  parameter  selection 
was  performed  with  an  appreciation  of  the  deformation  and  stress  changes  expected 
within  the  ground. 
2.  The  undrained  shear  strength  of  the  surface  crust  was  found  to  significantly  influence 
the  bearing  capacity  of  the  foundation.  Using  the  linear  elastic-perfectly  plastic  Tresca 
soil  model  local  failure  in  the  crust  was  found  to  be  occurring  at  undrained  shear 
strengths  some  1.5-2  times  smaller  than  maximum  strength  values.  Back  analysed  crust 
strengths  were  comparable  with  strengths  estimated  from  triaxial  compression  tests.  In 
the  modified  Cam  clay  soil  model  local  failure  in  the  crust  was  modelled  by  using  values 
of  p'o  estimated  from  triaxial  compression  test  undrained  shear  strengths. 
3.  Back  analysis  using  the  Tresca  soil  model  have  also  shown  that  the  undrained  shear 
strength  for  the  underlying  soft  clay  is  most  accurately  described  using  the  corrected  in 
situ  vane. 
4.  The  observed  foundation  behaviour  was  most  accurately  described  using  the 
modified  Cam  clay  soil  model.  However,  application  of  the  modified  Cam  clay  soil 
model  was  not  straightforward  but  frustrated  by  sparse  soil  data  from  which  to  select  the 
required  material  parameters.  Available  soil  data  were  more  suited  to  the  simple  Tresca 
soil  model. 
228 5.  The  reasonable  predictions  of  the  observed  behaviour  using  the  modified  Cam  clay 
soil  model,  indicate  that  -for,  this  trial:  loading  modified  ý  Cam  clay  incorporates  the 
necessary  features  of  soil  behaviour.  However,  differences  still  remain,  particularly 
between  computed  and  observed  lateral  displacements.  From  comparison  of  published 
data  (Mouratidis  and  -Magnan,  1983;  Leroueil  et  al.,  1985  and  Poulos,  1972) 
improvement  of  the  predicted  lateral  displacement  solution  may  be  achieved  if 
anisotropy  is  also  included  within  the  constitutive  relation. 
6.2  Embankment  A 
The  main  conclusions  which  have  emerged  from  back  analysis  of  embankment  A  using 
the  modified  Cam  clay  soil  model  are  briefly  summarised  below. 
1.  Overall  the  modified  Cam  clay  soil  model  has  not  provided  a  reasonable  description 
of  the  observed  soil  behaviour.  However,  predicted  settlements  are  reasonable;  lateral 
displacements  and  excess  pore  water  pressures  are  not. 
2.  Reasonable  predictions  of  lateral  displacements  and  excess  pore  water  pressures 
were  made  using  empirical  and  semi-empirical  hand-calculations  (Tavenas  et  al.,  1979 
and  Tavenas  and  Leroueil,  1980). 
3.  Previous  analysis  of  embankment  A  using  the  MELANIE  soil  model  (Mouratidis  and 
Magnan,  1983)  provided  a  good  description  of  the  observed  foundation  behaviour.  The 
MELANIE  soil  model,  unlike  modified  Cam  clay,  was  capable  of  simultaneously 
predicting  settlements,  lateral  displacements  and  excess  pore  water  pressures  to  a 
reasonable  degree  of  accuracy.  ,  The  good  comparison  between  the  computed  and 
observed  responses  provided  by  the  MELANIE  soil  model  indicates  that  this  model 
incorporates  the  necessary  features  of  soil  behaviour  required  to  accurately  describe  this 
type  of  embankment  loading. 
4.  The  inclusion  of  anisotropy  and  the  ability  to  vary  the  degree  of  saturation  of  the  soft 
clay  within  the  MIELANIE  soil  model  are  considered  to  be  the  main  strengths  of  this  soil 
model.  Additionally,  the  inclusion  of  a  non-associated  flow  rule  is  also  thought  to 
provide  some  improvement  to  the  prediction  of  lateral  displacements  induced  under 
embankments  (Zienkiewicz,  1976;  Leroueil  et  at.,  1985  and  Chen  and  Nfizuno,  1990). 
5.  Like  the  trial  loading  described  in  chapter  3,  high  values  of  elastic  stiffness  were 
required  to  match  the  observed  settlement  response.  Optimum  values  of  elastic  stiffhess 
were  selected  at  low  strains,  eq  ;  tý  0.1%. 
229 6.  Low  values  of  Poisson's  ratio  (ý=0.2)  were  required  to  ensure  a  suitably  low  ratio 
of  maximum  lateral  movement  to  maximum  vertical  movement. 
7.  For  consolidation  analyses  values  of  the  horizontal  permeability,  kh,  were  selected 
from  self-boring  permeameter  data.  Values  of  vertical  permeability,  kv,  were  estimated 
from  kh/kv  ratios  estimated  from  laboratory  tests.  Consolidation  analyses  using  the 
modified  Cam  clay  soil  model  did  not  improve  predictions  of  excess  pore  water 
pressures  nor  lateral  displacements. 
6.3  Embankment  B 
From  comparison  of  the  computed  and  observed  -responses  the  following  main 
conclusions  have  emerged. 
1.  Overall  the  modified  Cam  clay  soil  model  did  not  provide  a  good  description  of  the 
observed  foundation  behaviour  (short  term  and  long  term).  Lateral  displacements  were 
least  accurately  predicted. 
2.  Previous  analysis  of  embankment  B  using  the  NELANIE  soil  model  (Mouratidis  and 
Magnan,  1983)  provided,  in,  general,  -  good  predictions  of  the  observed  foundation 
behaviour.  However,  settlements  were  more  accurately  predicted  using  the  modified 
Cam  clay  soil  model. 
3.  As  mentioned  previously  the  improved  accuracy  provided  by  the  MELANIE  soil 
model  is  thought  to  be  the  inclusion  of  the  anisotropic;  elastic  and  plastic  properties  and 
the  presence  of  gas  within  the  pores  of  the  soil  (Leroueil  et  al,  1985).  However,  despite 
the  inclusion  of  these  properties  the  depth  profile  of  lateral  displacements  occurring 
beneath  the  embankment  toe  at  the  end  of  construction  were  overestimated  compared  to 
those  observed., 
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4.  Back  analysis  of  lateral  displacements  occurring  beneath  an  embankment  using 
Sekiguchi  and  Ohta's  elasto-viscoplastic  soil  model  Mki  et  al.,,  1994)  provided  good 
predictions  of  the  observed  short  term  and  long  term  behaviour.  The  results  presented 
by  Miki  et  al.  (1994)  indicate  that  the  inclusion  of  viscosity  may  also  be  an  important 
feature  within  a  numerical  framework,  particularly  if  accurate  predictions  of  lateral 
displacements  are  required. 
S.  Reasonable  estimates  of  the  end  of  construction  and  long  term  lateral  displacements 
occurring  under  the  embankment  toe  were  made  using  empirical  correlations  (Tavenas 
230 and  Leroueil,  '  1980'and  Leroueil  et  al.,  1985).  Predictions  of  the  lateral  displacements 
using  the  empirical  correlations  were  more  accurate  than  those  using  the  modified  Cam 
clay  soil  model. 
6.  Despite  the  dominance  of  plastic  strains  throughout  the  analyses,  settlement 
predictions  were  found  to  be  influenced  by  the  magnitude  of  elastic  stiffness.  Here 
optimum  values  of  elastic  stiffness  corresponded  to  a  strain  level  of  approximately  0.3- 
0.4%. 
7.  Constant  values  of  permeability  (isotropic  or  anisotropic)  for  all  effective  stress  states 
are  not  realistic.  Back  analysis  of  observed  excess  pore  water  pressure  data  indicate  that 
allowing  the  permeability  to  vary  with  effective  stress  (or  void  ratio)  may  provide  a 
more  accurate  description  of  the  foundation  behaviour. 
6.4  Necessary  site  investigation  requirements  for  soft  clay  analyses 
6.4.1.  Elastic  stiffness 
Within  the  soft  clay  case  histories  the'elastic  stiffness  has  been  estimated  using  triaxial 
testing  with  internal  and  external  strain  measurement,  oedometer  tests  and  the  self 
boring  pressuremeter.  Ideally,  preference  should  be  given  to  in  situ  testing  to  minimise 
sample  disturbance.  Consequently,  self  boring  pressuremeter  testing  is  recommended. 
Measurement  of  elastic  stiffness  at  small  strains  (e;  Zý0.1%)  is  attainable  provided 
expansion  of  the  cylinder  is  controlled.  In  addition  to  the  pressuremeter  tests,  the  elastic 
stiffness  should  also  be  estimated  from  triaxial  tests  performed  with  internal  strain 
measurement  on  high  quality  samples  (Piston  sampler;  Gouda  or  Laval  sampler). 
Triaxial  testing,  with  internal  strain  measurement  has  the  advantage  that  the  elastic 
stiffness  can  be  estimated  over  very  small  strains  and  strain  rates  can  be  carefully 
controlled,  especially  where  cycles  of  unloading  and  re-loading  are  necessary.  Use  of 
the  oedometer  test  to  estimate  the  elastic  stiffness  of  soil  is  not  recommended.  The 
strain  resolution  of  oedometer  tests  is  rarely  small  enough  to  permit  accurate 
measurement  of  the  elastic  stiffness  over  the  anticipated  strain  range. 
Values  of  Poisson's  ratio  were  selected  to  ensure  a  low  strain  ratio  of  lateral  to  vertical 
movement.  This  approach  requires  low  values  of  Poisson's  ratio.  Ideally,  the  in  situ 
value  of  Poisson'  s  ratio  should  be  estimated  from  drained  triaxial  tests. 
231 6.4.2  Shear  strength  parameters 
The  undrained  shear  strength  has  been  estimated  using  many  different  methods.  From 
back  analysis  the  following  testing  methods  were  found  to  provide  a  reasonable  estimate 
of  the  in  situ  undrained  shear  strength: 
1.  Undrained  triaxial  compression  tests  to  describe  the  strength  of  an  overconsolidated 
surface  crust. 
2.  Corrected  in  situ  shear  vane  (Bjerrum,  1973)  to  describe  the  strength  of  soft  normally 
consolidated  clays. 
Values  of  undrained  shear  strength  estimated  from  the  self  boring  pressuremeter  tests 
were  considered  to  be  too  high  for  use  in  the  embankment  studies.  A  good  estimate  of 
the  in  situ  undrained  shear  strength  was  also  obtained  using  the  static  cone 
penetrometer.  However,  the  cone  factor  was  estimated  using  corrected  in  situ  shear 
vane  undrained  shear  strengths. 
An  estimate  of  the  drained  shear  strength  parameters,  c'  and  ý',  and  the  critical  state 
parameter  M  can  be  accurately  estimated  from  direct  shear  tests  performed  using  the 
triaxial  apparatus. 
6.4.3  Plasticity  and  preconsolidation  parameters 
Values  of  the  plasticity  parameter  X  have  been  estimated  from  oedometer  and  triaxial 
(constant  rate  of  strain)  test  normal  compression  data.  Both  tests  have  provided  good 
estimates  of  %  (see  chapters  3  and  4).  However,  due  to  the  greater  testing  control 
associated  with  the  triaxial  apparatus  this  form  of  test  to  estimate  %  is  recommended. 
Like  the  plasticity  parameter  %,  the  preconsolidation  pressure  should  also  be  estimated 
from  constant  rate  of  strain  triaxial  tests.  This  is  again  due  to  the  greater  control 
associated  with  triaxial  testing,  but  also  the  occurrence  of  yield  is  better  defined  (change 
in  slope  of  the  normal  compression  line)  than  that  observed  in  a  conventional  oedometer 
test. 
231A 6.4.4  Permeability 
Estimates  of  the  in  situ  permeability  should  be  made  using  in  situ  testing  methods.  The 
self  boring  permeameter  was  used  in  chapters  4  and  5  to  estimate  the  in  situ  horizontal 
permeability.  The  self  boring  permeameter  is  considered  to  provide  the  most  accurate 
estimate  of  the  in  situ  horizontal  permeability  (Leroueil  et  al.,  1992).  Of  the  laboratory 
tests  the  radial  flow  cell  using  large  diameter  samples  (I  80mm)  is  considered  to  provide 
the  most  representative  estimate  of  the  in  situ  permeability.  In  view  of  this,  it  is 
recommended  that  the  horizontal  permeability,  kh,  is  estimated  from  the  self  boring 
permeameter  and  the  vertical  permeability,  kv,  is  estimated  from  kh/kv  ratios  determined 
from  the  radial  flow  cell. 
6.5  Empirical  and  semi-empirical  methods 
Throughout  the  soft  clay  studies  empirical  and  semi-empirical  methods  have  been  used 
to  supplement  and  check  available  ioils  data.  The  methods  which  were  considered  most 
useful  are  briefly  summarised  below. 
1.  Estimates  of  elastic  stiffness  were  checked  using  an  empirical  link  between 
normalised  elastic  stiffness  (normalised  with  respect  to  the  undrained  shear  strength), 
plasticity  index  and  the  overconsolidation  ratio  (Duncan  and  Buchigani,  1976). 
2.  Selected  values  of  Poisson's  ratio  can'be  checked  using  an  empirical  relationship 
between  Poisson's  ratio  and  plasticity  index  (Wroth,  1975  and  Muir  Wood,  1990). 
3.  Some  check  on  selected  values  of  X  was  provided  by  an  empirical  link  with  plasticity 
index  (Muir  Wood,  1990). 
4.  Values  of  the  critical  state  parameters  M  were  checked  using  empirical  correlations 
between  plasticity  index  (Nfitchell  and  Muir  Wood,  1990)  and  the  undrained  shear 
strength  and  preconsolidation  stress  (Diaz-Rodriguez,  et  al.,  1992). 
5.  Some  check  on  the  assumed  depth  profile  of  the  degree  of  overconsolidation  was 
obtained  from  the  depth  profile  of  undrained  shear  strength  (chapter  3  section  3.6.4.2); 
an  empirical  relation  between  the  preconsolidation  pressure,  the  in  situ  shear  vane  and 
plasticity  index  (chapter  3  section  3.4.3);  and  from  consideration  of  the  critical 
embankment  height  (chapters  4  and  5). 
231B CHAPTER  7 
7.  Flexible  culvert  analyses 
7.1  Introduction 
This  chapter  serves  as  an  introductory  chapter  for  the  flexible  culvert  finite  element 
studies  presented  in  chapters  8  and  9.  The  work  presented  in  these  chapters  forms 
part  of  a  three  year  research  contracted  awarded  to  Glasgow  University,  Department 
of  Civil  Engineering  by  the  Transport  and  Road  Research  Laboratory,  (TRRL),  to 
review  the  design  of  flexible  culverts.  To  satisfy  the  requirements  of  the  TRRL 
contract  the  original  research  team  (Davies,  Chan,  Stewart,  Muir  Wood  and  Bu,  1993) 
developed  an  analytical  model  to  aid  flexible  culvert  design  using  the  finite  element 
method  by  adapting  the  general  purpose  finite  element  program  CRISP,  (Britto  and 
Gunn,  1987).  CRISP  is  a  well-established  analytical  design  toot  used  for  many 
geotechnical  problems;  therefore  it  was  seen  as  advantageous  to  further  extend  the 
capabilities  of  CRISP  to  include  the  flexible  culvert  problem.  The  finite  element 
program  CRISP  and  the  adaptations  required  to  model  flexible  culverts  suitably  are 
briefly  described  in  chapter  2.  The  developed  analytical  model  makes  use  of  the  soil 
models  available  in  the  standard  version  of  CRISP  and  incorporates  the  backfilling 
construction  sequence.  For  simplicity,  the  adopted  approach  to  modelling  flexible 
culvert  behaviour  incorporates  a  linear  elastic,  perfectly  plastic  soil  model  with  a  non- 
associated  Mohr-Coulomb  yield  criterion  used  to  describe  the  backfill  material. 
Despite  some  reservations  over  the  limitations  of  using  a  linear  elastic  soil  model 
(Duncan,  1979,  Mohamedzein,  1989)  the  installation  of  field  culverts  typically  differs 
from  one  to  another  and  the  situation  during  construction  is  seldom  well  enough 
defined  or  controllable  to  justify  complex  numerical  analysis  (Richards,  1982).  This 
statement  is  investigated  in  chapters  8  and  9  by  assessing  the  accuracy  with  which  the 
developed  numerical  model  is  capable  of  modelling  the  observed  behaviour  of  two 
flexible  culverts. 
Previous  studies  presented  in  this  thesis  were  concerned  with  parameter  selection  to 
suitably  reproduce  the  observed  foundation  response  to  loading  derived  from  the 
construction  of  some  surface  structure.  In  this  study,  the  object  of  performing 
numerical  analyses  is  quite  different.  These  studies  were  performed  to  predict,  to  a 
reasonable  degree  of  accuracy,  the  behaviour  of  flexible  culverts  under  backfill  and  live 
loads.  The  main  concern  therefore  is  the  flexible  culvert  behaviour  and  not  directly 
that  of  the  foundation.  However,  the  behaviour  of  flexible  culverts  is  predominantly 
232 dependent  on  the  properties  and  behaviour  of  the  surrounding  backfill  (Watkins,  1964; 
Richards,  1982).  The  main  theme  of  parameter  selection  for  the  foundation  soil 
therefore  still  applies.  However,  the  parameter  selection  process  is  less  well  defined 
than  that  described  previously.  This  is  primarily  due  to  the  uncertainty  and  to  some 
extent  the  uncontrollable  nature  of  the  physical  properties  and  behaviour  of  the  backfill 
material  throughout  the  construction  procedure  which  ultimately  influences  its  final 
state.  Conversely,  the  behaviour  of  the  culvert  can  significantly  influence  the 
behaviour  and  distribution  of  stress  throughout  the  surrounding  backfill  due  to  the 
deformation  response  of  the  culvert  to  imposed  loads.  Additionally,  selected 
parameters  must  reflect  the  certainties  and  uncertainties  of  this  complex  earth  pressure 
problem  of  soil  structure  interaction.  In  this  case  parameter  selection  tended  to 
shadow  the  parametric  studies  performed  to  identify  the  effects  of  the  required  model 
material  parameters  on  the  finite  element  solution.  Using  this  approach  and  making 
use  of  published  field  and  laboratory  test  data,  a  framework  for  parameter  selection 
has  been  suggested.  Implications  are  drawn  concerning  the  feasibility  of  using  an 
adapted  general  purpose  finite  element  program  and  a  linear  elastic,  perfectly  plastic 
soil  model  to  describe  the  backfill  material  as  analytical  engineering  tools  with  which 
to  analyse  and  design  flexible  culverts. 
This  chapter  serves  to  set  the  scene  for  the  numerical  analyses  described  in  chapters  8 
and  9.  A  brief  description  of  culvert-soil  interaction  problems  and  the  influence  of  the 
construction  operations  on  the  interaction  is  presented  in  section  7.2.  A  description  of 
classical  and  more  recent  methods  used  to  analyse  and  design  flexible  culverts  is 
presented  in  section  7.3.  Additionally,  the  different  constitutive  soil  models  which 
have  been  used  to  describe  the  backfill  material  for  soil-culvert  systems  are  also 
discussed  at  the  end  of  section  7.3.  Modelling  assumptions  required  to  describe  the 
culvert,  backfill  material,  construction  operations,  and  live  loadings  are  discussed  in 
section  7.4. 
7.2  Soil  structure  interaction;  definition  of  the  problem 
Flexible  culverts  isolated  from  the  ground  are  very  flexible  and  fragile  structures  with 
very  little  strength.  Yet  when  buried  within  the  soil  the  load  carrying  capabilities  of 
these  simple  structures  are  remarkable.  Examples  of  their  use  include  highway  and 
water  way  underpasses  and  even  nuclear  storage  shelters. 
233 Throughout  this  study  the  response  of  the  culvert  to  backfill  and  live  loading  has  been 
described  in  terms  of  active  and  passive  earth  pressures.  These  terms  are  most  often 
used  to  describe  the  earth  pressure  conditions  leading  up  to  failure  behind  a  retaining 
wall  following  Rankine  or  Coulomb  earth  pressure  analysis.  In  this  study,  to  some 
extent,  these  terms  are  being  used  out  of  their  normal  context  as  their  use  to  describe 
the  culvert  response  primarily  refers  to  the  deformation  response  of  the  culvert  (which 
is  also  a  retaining  structure)  in  relation  to  the  backfill  which  is  assumed  to  be  on  the 
verge  of  failure.  Consequently  for  this  study  an  active  earth  pressure  condition  may  be 
developed  when  the  culvert  is  deforming  away  from  the  backfill  material. 
Alternatively  a  passive  earth  pressure  condition  may  be  developed  when  the  culvert 
deforms  towards  (or  into)  the  backfill  material. 
Flexible  culverts  carry  high  vertical  loads  through  their  ability  to  mobilise  high  passive 
pressures  within  the  soil  at  the  sides  of  the  culvert  (Spangler,  1941).  The  magnitude 
of  the  mobilised  passive  pressures  depends  on  the  flexibility  of  the  culvert  and  its 
ability  to  readily  deform  laterally  under  the  developing  active  pressures  forcing  the 
crown  of  the  culvert  downwards,  Fig  7.1.  The  development  of  active  and  passive 
earth  pressures  causes  the  applied  loads,  (dead  or  imposed  loads)  to  flow  through  the 
culvert  and  into  the  backfill  (Richards,  1982).  At  the  same  time  there  is  a  second 
related  but  distinctly  different  mechanism  for  redistribution  and  reorientation  of  the 
stress  field  around  the  flexible  culvert.  This  mechanism  is  called  arching  and  may  be 
either  positive  or  negative  depending  on  the  degree  of  flexibility  and  axial  stiffhess  of 
the  culvert.  Allgood  and  Takahashi  (1972)  define  arching,  A,  by  relation  (7.1) 
Cry 
where  ai  is  the  vertical  pressure  on  the  structure  at  the  crown  and  ay  is  the  free-field 
(no  culvert)  vertical  stress  at  the  elevation  of  the  crown. 
If  the  culvert  is flexible  and  axially  less  stiff  than  the  surrounding  backfill  (ai<cry  and 
A>O)  then  load  (weight  of  backfill  and  applied  live  loads  above  the  culvert  crown)  is 
transferred  to  the  adjoining  backfill  and  away  from  the  culvert  (Selig,  1972).  This 
mechanism  arises  because  the  contact  stresses  which  form  at  the  culvert-soil  interface 
cannot  be  supported  by  the  culvert  crown  which  therefore  displaces  downwards.  This 
displacement  causes  approximately  vertical  shear  planes  to  develop  within  the  backfill 
above  the  culvert  crown,  Fig  7.2.  However,  vertical  shear  slippage  of  the  backfill 
above  the  culvert  is  prevented  by  the  adjacent  unyielded  areas  of  backfill  and,  as  a 
234 result,  load  is  transferred  away  from  the  culvert  and  into  the  surrounding  backfill,  Fig 
7.3.  Alternatively,  negative  arching  (A<O)  will  occur  if  the  culvert  is  stiffer  than  the 
surrounding  backfill  (ai>ay  and  A<O)  and  load  will  be  transferred  to  the  culvert  from 
the  surrounding  backfill.  In  flexible  culvert  design  positive  arching,  is  promoted,  and 
negative  arching  can  be  catastrophic  for  flexible  culverts  unless  it  is  anticipated. 
For  an  effective  culvert  design  where  the  load  carrying  capabilities  of  the  surrounding 
backfill  are  effectively  utilised,  the  response  of  the  culvert  should  be  as  shown  in  Fig 
7.1.  Active  earth  pressure  is  mobilised  over  the  top  region  of  the  culvert  and  the 
crown  is  displaced  downwards,  this  forces  the  culvert  sides  to  push  outwards  which 
mobilises  passive  earth  pressure  along  the  culvert  sides.  The  passive  earth  pressures 
resist  the  lateral  movement  of  the  culvert  and  provide  the  culvert  with  lateral  support. 
The  downward  movement  of  the  culvert  crown  under  the  mobilised  active  earth 
pressures  generates  the  beneficial  positive  arching  mechanism.  An  effective  culvert 
design  therefore,  hinges  on  the  mobilisation  of  active  earth  pressures  above  the  culvert 
crown  and  this  itself  depends  on  the  ability  of  the  culvert  to  deform  readily.  The 
magnitude  of  passive  earth  pressures  which  can  be  mobilised  along  the  culvert  sides 
depends  primarily  on  the  quality  of  the  backfill  and  the  standard  of  compaction 
employed  during  construction.  Ideally  a  very  dense  highly  compacted  fill  is  required 
to  provide  the  necessary  lateral  support.  Ideally  the  culvert  should  be  as  flexible  as 
possible  in  order  to  utilise  effectively  the  load  carrying  capabilities  of  the  surrounding 
backfill  (Richards,  1982).  The  flexible  culvert  therefore  serves  only  as  a  liner 
(Richards,  1982)  or  reinforcement  (Watkins,  1964)  to  maintain  the  shape  of  the 
passageway  and  it  is  the  backfill  which  serves  as  the  main  load  carrying  structure 
(Watkins,  1964;  Richards,  1982). 
The  flexible  culvert  soil  interaction  problem  is  mainly  one  of  earth  pressure.  However, 
other  factors  such  as  culvert  flexibility  and  construction  quality  are  also  important  and 
cannot  be  considered  separately  as  these  effects  interact  (Duncan,  1979;  Richards, 
1982).  The  construction  operations  and  quality  directly  affect  the  soil-culvert 
behaviour  and  efficiency  to  support  loads.  The  construction  process  generates  a  stress 
history  within  the  culvert;  therefore  if  accurate  predictions  of  the  behaviour  of  the 
culvert-soil  system  are  to  be  made  then  the  construction  process  must  be  simulated  in 
analyses  (Duncan,  1979).  A  brief  outline  of  the  accepted  correct  sequence  of 
construction  operations  is  presented  below  (Richards,  1982). 
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Typically  the  culvert  is  fabricated  in  the  field  by  bolting  together  curved  sections  of 
corrugated  steel  or  aluminium  sheet.  The  backfill  is  placed  in  thin  layers  and 
compacted,  ideally  to  90-100%  relative  compaction.  As  backfilling  progresses  the 
flexible  culvert  deforms  upwards  at  the  crown  due  to  lateral  earth  pressures  (active) 
mobilised  within  the  fill  pushing  the  culvert  sides  inwards,  Fig  7.4(a)  (backfill  should 
be  placed  simultaneously  on  both  sides  of  the  culvert).  If  the  depth  of  cover  above  the 
culvert  crown  is  large,  placement  and  compaction  of  fill  above  the  culvert  pushes  the 
crown  of  the  culvert  back  down  which  in  turn  forces  the  culvert  sides  outwards 
rendering  the  culvert  in  an  active  earth  pressure  condition  as  shown  in  Fig  7.4(b). 
Until  there  is  sufficient  weight  of  backfill  above  the  culvert  crown  to  push  it 
downwards  the  culvert  will  remain  in  a  passive  earth  pressure  condition.  For  positive 
arching  to  be  mobilised  an  active  earth  pressure  condition  must  be  developed.  This 
can  only  exist  if  the  culvert  crown  moves  downwards.  The  upward  movement  of  the 
culvert  crown  serves  to  'pre-stress'  this  top  region  of  the  culvert,  which  at  low  fill 
depths  enables  the  culvert  to  safely  sustain  the  weight  of  construction  equipment.  For 
flexible  culverts  with  shallow  cover,  a  cover  depth  to  culvert  span  ratio  of  IVS<0.25, 
this  action  also  serves  to  provide  the  culvert  with  extra  flexural  stiffhess  and 
movement  resistance  to  prevent  the  culvert  collapsing  during  the  action  of  live  loads 
(Duncan,  1979). 
Because  of  the  rigours  and  uncertainty  of  the  construction  procedure  culverts  typically 
have  a  larger  flexural  and  axial  stiffness  than  would  usually  be  required  to  promote  an 
effective  design.  For  shallow  culverts  the  depth  of  the  backfill,  H,  and  imposed  live 
loads  may  not  be  of  sufficient  magnitude  to  push  the  crown  of  a  stiff  culvert  down  and 
hence  unable  to  mobilise  a  condition  of  active  pressure.  If  this  condition  arises  a  state 
of  passive  pressure  will  remain  and  the  culvert  will  carry  the  weight  of  the  backfill 
above  the  crown  and  possibly  any  imposed  loads.  Additionally,  if  the  culvert  is  axially 
stiffer  than  the  surrounding  soil  then  the  condition  of  negative  arching  may  occur. 
Current  construction  techniques  are  designed  to  promote  positive  arching.  Such 
techniques  include  decreasing  the  axial  stifffiess  of  the  culvert  wall  by  providing  slip 
joints  and/or  promoting  tangential  slippage  at  the  interface  by  lubricating  the  culvert 
with  grease  and  placing  a  plastic  sheet  over  the  culvert  prior  to  backfilling 
. 
If 
successful  these  techniques  will  generate  the  required  earth  pressure  condition,  Fig 
7.1  (a). 
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The  design  of  flexible  culverts  is  typically  divided  into  two  categories  depending  on 
the  ratio  between  the  height  of  cover,  H,  above  the  culvert  crown  and  the  culvert  span, 
S  (Duncan,  1979).  If  the  cover  depth  to  culvert  span  ratio  is less  than  0.25  then  the 
culvert  design  is  classed  as  shallow.  Alternatively,  if  the  cover  depth  to  culvert  span 
ratio,  IVS,  is  greater  than  0.25  the  culvert  design  is  classed  as  deep. 
For  deep  cover  conditions  (IVS>0.25)  culverts  need  only  be  designed  for  thrust  (ring 
compression  forces)  and  no  consideration  need  be  given  to  bending  moments  except 
during  backfilling  (Peck  and  Peck,  1948;  Duncan,  1979;  Richards  1982).  Under  deep 
cover  conditions  a  good  quality,  well  compacted  backfill  will  restrain  the  deformation 
of  the  culvert  from  buckling  under  imposed  loads  (Peck  and  Peck,  1948;  Duncan, 
1979). 
Culverts  under  shallow  cover  (IVS<0.25)  need  to  be  designed  for  thrust  but  must 
also  have  sufficient  flexural  stiffness  and  moment  capacity  to  prevent  excessive 
deformation  and  collapse  of  the  culvert.  Unlike  culverts  under  deep  cover  conditions, 
shallow  cover  culverts  cannot  entirely  resist  imposed  live  loads  through  ring 
compression.  As  for  deep  cover  conditions  separate  consideration  of  buckling  in  the 
design  need  not  be  considered  provided  the  backfill  is  of  good  quality  and  well 
compacted.  Additionally  culvert  plate  sections  are  typically  much  larger  than  required 
to  allow  for  durability  and  loss  of  capacity  due  to  possible  corrosion  of  the  structure. 
This  extra  capacity  of  the  structure  provides  an  extra  factor  of  safety  against  buckling 
(Richards,  1982).  A  detailed  description  of  buckling  is  therefore  not  presented  here. 
in  this  section  a  description  of  methods  used  to  analyse  and  design  flexible  culverts  is 
presented.  Classical  methods,  closed-form  analytical  solutions  and  finite  element 
solutions  are  considered.  Additionally,  the  different  constitutive  soil  models  which 
have  been  used  to  describe  the  backfill  material  for  soil-culvert  systems  using  finite 
element  analysis  are  briefly  discussed  at  the  end  of  this  section. 
7.3.1  Classical  concepts 
In  the  previous  section  it  was  seen  that  the  magnitude  and  distribution  of  earth 
pressure  around  the  soil-culvert  interface  are  primarily  dependent  on  the  deflection  of 
the  culvert.  Early  researchers  (Marston  and  Anderson,  1913;  Spangler,  1941)  of  the 
flexible  culvert  problem  linked  this  deformation  induced  earth  pressure  behaviour  to 
237 Rankine's  earth  pressure  theory.  Using  this  approach  the  behaviour  of  flexible  culverts 
was  characterised  by  the  active  and  passive  earth  pressure  conditions,  Fig  7.4.  The 
difference  in  the  conditions  is  determined  by  the  direction  of  the  soil  stress  produced 
by  culvert-soil  deformation. 
7.3.1.1.  Spangler  deflection  theory 
Spangler  (1941)  assumed  an  active  soil  pressure  condition,  Fig 7.5,  for  predicting  the 
deflection  of  buried  flexible  culverts,  relation  (7.2)  (IOWA  deflection  formula) 
DIKQcR 
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AX=-  (7.2) 
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where  AX  is  the  horizontal  deflection  of  the  culvert,  D,  is  the  deflection  lag  factor  (see 
below);  K  is  the  bedding  constant  whose  value  depends  -on  the  bedding  angle  (see 
below);  Qc  is  the  vertical  load  per  unit  length  of  the  culvert;  R  is  the  mean  radius  of 
the  culvert;  ;  OR  is  the  modulus  of  soil  reaction  of  the  backfill  material;  Ec  is  Young's 
modulus  of  elasticity  of  the  culvert  and  Ic  is  the  moment  of  inertia  of  the  culvert  wall. 
This  concept  recognised  that  passive  soil  pressure  is  mobilised  at  the  culvert  sides  by 
horizontal  expansion  of  the  culvert,  which  Spangler  assumed  accounted  for  the  ability 
of  flexible  culverts  to  carry  more  load  than  in  the  unrestrained  condition.  Spangler 
proposed  that  the  mobilised  passive  pressure  could  be  estimated  from  the  computed 
lateral  deflection  using  relation  (7.3). 
Ph  :- 
OR  AX 
(7.3) 
D 
where  Ph  is  the  maximum  pressure  at  the  extreme  horizontal  diameter;  E'R  is  the 
modulus  of  soil  reaction  of  the  backfill  material  and  D  is  the  nominal  diameter  of  the 
pipe. 
The  Spangler  Iowa  formulae  has  been  subject  to  a  wide  range  of  criticism  because  of 
the  empirical  and  simplified  nature  of  the  deflection  expression  (7.2).  The  parameters 
in  this  expression  which  are  thought  to  be  most  difficult  to  quantify  are  discussed 
below. 
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1.0  immediately  after  construction  and  then  increases  with  time.  Spangler 
recommended  a  maximum  value  of  2  and  an  average  value  of  1.25  for  well  compacted 
soil.  However,  field  studies  suggest  that  DI  may  be  as  high  as  6  (Howard,  1977; 
McVay  and  Papadopoulos,  1986). 
The  bedding  factor,  K,  incorporates  the  effect  of  the  distribution  of  soil  reactions  at 
the  base  of  the  culvert.  It  is  assumed  that  the  bedding  applies  a  distributed  reaction 
across  the  base  of  the  culvert.  In  this  case  K  is  assumed  equal  to  0.083.  For  the  case 
of  no  bedding  material,  K  is  assumed  equal  to  0.11  and  the  reaction  of  the  invert  is  a 
point  load. 
The  modulus  of  soil  reaction,  ER,  is  equal  to  the  modulus  of  passive  resistance  (unit 
pressure  developed  as  the  side  of  a  culvert  moves  outward  a  unit  distance  against  the 
side  fill)  multiplied  by  the  radius  R  of  the  culvert.  Numerical  studies  have  found  that 
E'R  is  the  most  difficult  parameter  to  quantify  (Leonards  and  Roy,  1976;  Wu,  1977). 
The  United  States  Bureau  of  Reclamation  conducted  laboratory  and  field  studies  to 
determine  values  of  E'R  for  a  range  of  soils  in  various  states  of  compaction,  the  main 
results  are  shown  in  Table  7.1  (Howard,  1977;  Spangler  and  Hardy,  1982). 
Hartley  and  Duncan,  (1987)  suggest  that  ER  is  approximately  equal  to  the 
constrained  modulus  of  elasticity,  Mf,  of  the  soil.  The  constrained  modulus,  Mf,  is 
given  by  relation  (7.4). 
Ef  (I  -  v,  ) 
(7.4)  M' 
(I  -2  vf)(I  +  vf) 
where  Ef  and  vf  are  the  backfill  Young's  modulus  and  backfill  Poissods  ratio. 
Nielson  (1967)  and  Stankowski  and  Nielson  (1969)  have  found  that  the  modulus  of 
soil  reaction,  E'R  is  of  the  range 
, 
between  ER  =Mf  and  ER  =1.5Mf  Live  load 
deflections  calculated  using  the  IOWA  deflection  formula  agree  more  accurately  with 
field  observations  using  E'R=Mf  (Hartley  and  Duncan,  1987). 
For  design  purposes  the  deflection  is  required  to  be  less  than  5%  of  the  undeformed 
culvert  diameter.  Many  culverts  have  been  known  to  deflect  up  to  20%  from  their 
original  diameter  without  structural  failure  or  loss  of  serviceability  (Durazo,  1974).  A 
review  of  the  performance  of  flexible  large  diameter  pipes  (Jeyapalan  and  Boldon, 
1986)  determined  that  the  5%  deflection  design  limit  will  typically  provide  a  safe  and 
serviceable  design  for  the  following  reasons. 
1.  If  the  pipe  is  poorly  restrained  laterally,  (poor  compaction  or  weak 
239 embedment  material  used)  failure  may  occur  due  to  excessive  deformation. 
This  will  cause  the  culvert  crown  to  invert,  become  concave  upwards. 
2.  Flexible  pipes/culverts  typically  continue  to  deflect  with  time  due  to  creep. 
Limiting  deflection  to  5%  helps  to  prevent  excessive  deformation  over  the 
design  life  of  the  culvert. 
3.  The  5%  deflection  limit  will  maintain  a  substantial  factor  of  safety  against 
structural  collapse. 
7.3.1.2.  Ring  compression  theory 
Unlike  Spangler,  (1941)  White  and  Layer  (1960)  assume  the  failure  of  buried  culverts 
is  dependent  on  ring  compression  rather  than  deflection.  White  and  Layer's  theory 
assumes  a  uniform  normal  pressure,  p,  across  a  horizontal  section  above  the  culvert 
equal  to  the  density,  y,  of  the  soil  times  its  height,  H,  Fig  7.6  This  pressure  produces  a 
compressive  force,  N,  in  the  culvert  equal  to  the  circumferential  pressure  times  the 
culvert  radius,  R,  relation  (7.5). 
N=pR  (7.5) 
where  N  is  the  compressive  force  or  thrust  per  metre  length  of  culvert  at  the 
springline. 
This  theory  assumes  that  the  ring  deflection  of  the  structure  is  negligible  and  failure 
occurs  by  crushing  of  the  culvert  walls.  No  bending  moment  is  assumed  to  act  in  the 
culvert. 
The  theory  was  originally  developed  from  extensive  field  observations  of  circular 
culverts.  For  pipe  arch  or  elliptical  culverts  the  thrust  should  be  calculated  using  the 
radius  of  the  top  arc,  Fig  7.7. 
Design  of  flexible  culverts  is  still  very  often  based  on  this  simple  approach.  The 
compressive  stress,  ac,  in  the  culvert  wall  is  compared  to  the  yield  stress  of  the  culvert 
material.  The  compressive  stress  is  given  by  relation  (7.6). 
N 
ac  Aý 
(7.6) 
240 where  AC  is  the  cross  sectional  area  of  the  culvert  per  metre  length.  A  factor  of  safety 
of  two  is  generally  applied  to  yield  stress  of  the  culvert  material. 
This  design  approach  assumes  neutral  arching  at  the  crown  but  leads  to  cross 
sectional  areas  of  culverts,  Ac,  larger  than  required  resulting  in  a  culvert  that  is 
flexurally  and  axially  stiffer  than  is  necessary  (Richards,  1982).  Consequently,  some 
negative  arching  may  occur  with  higher  thrusts  at  the  crown  than  predicted.  Finite 
element  solutions  (Duncan,  1979)  and  field  measurements  for  deep  and  shallow  buried 
culverts  (Duncan,  1979;  Selig  et  al.,  1979  and  Beal,  1982)  indicate  that  some  negative 
arching  does  develop  and  pressures  and  thrusts  can  be  as  much  as  30-40%  greater  than 
those  calculated  from  ring  compression  theory.  Inclusion  of  a  factor  of  safety  of  two 
in  design  typically  compensates  for  this. 
Current  design  practice  for  flexible  culverts  generally  uses  a  combination  of  the  ring 
compression  theory  (White  and  Layer,  1960)  and  the  IOWA  deflection  formula, 
(Spangler,  1941).  Most  design  codes  require  a  culvert  thick  enough  to  resist  the  ring 
compression  force  (Duane  et  at.,  1986).  Using  thicknesses  established  by  ring 
compression  theory,  deflection  is  required  to  be  less  than  5%  (Jeyapalan  and  Boldon, 
1986)  as  calculated  using  the  IOWA  deflection  formula, 
7.3.2.  Closed-form  analytical  solutions 
Many  analytical  solutions,  based  on  elasticity  theory,  have  been  developed  to  for  the 
culvert  problem.  In  this  section  only  one  closed  form  solution  has  been  considered, 
namely  that  of  Burns  and  Richard  (1964),  which  is  the  most  widely  used  and 
acclaimed.  This  methods  assumes  that  the  culvert-soil  system  is  an  elastic  cylinder 
embedded  in  an  elastic  infinite  space  and  subject  to  a  uniform  vertical  pressure  at  an 
infinite  vertical  distance  above  the  culvert.  The  soil  is  assumed  to  be  an  isotropic  and 
homogenous  continuum  and  the  culvert  a  thin  elastic  shell,  Fig  7.8.  Two  interface 
conditions  are  considered,  bonded  and  unbonded  conditions.  The  plane  strain 
solutions  for  the  two  conditions  are  presented  below.  Symbols  used  are  defined  at  the 
end  of  this  section. 
241 1.  Bonded  interface 
In  the  bonded  case,  shear  stress  exists  at  the  interface  between  the  culvert  and  backfill. 
For  the  bonded  case  the  interaction  pressures  are 
P=P.  (B(I  -  a')  -  C(I  -  3a"  -  4b')cos2  6)  (7.7) 
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The  culvert  displacements  are  given  by  relation  (7.8). 
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The  culvert  thrust  and  moment  are  given  by  relations  (7.9)  and  (7.10) 
No  =  P.  r(B(I  -  a)  +  C(I  +  a')cos2  0)  (7.9) 
02 
=Pr 
2((CLTF)(I 
-a. 
)  +!  C(I  -a'  -  2b')cos2  (7.10) 
6VF  222 
0) 
2.  Unbonded  case 
In  the  unbonded  case,  shear  stress  is  zero  at  the  culvert  soil  interface.  For  the 
unbonded  case,  the  interaction  pressures  are 
P=P.  (B(I  -  ýij  -  C(I  -  3'g,.  -  4ý2)cos26)  (7.11) 
The  culvert  displacements  are  given  by  relation  (7.12) 
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The  culvert  thrust  and  moment  are 
No  =  P.  r  B(I  -  5.  )  +I  C(I  +  H2-  4Ucos2  (7.14) 
3 
and 
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The  uniform  pressure,  Po.  is  computed  as  the  equivalent  overburden  pressure  of  the 
fill  above  the  culvert.  Parameter  0  is  the  rotation  angle  with  reference  to  the  culvert 
springline. 
The  soil  parameters  are  as  follows, 
Mf-constrained  modulus  of  elasticity,  given  by  relation  (7.4) 
Ef-Young's  modulus  of  elasticity 
vf=Poissods  ratio 
K=earth  pressure  coefficient  given  by  relation  (7.16) 
K=I 
Vf 
Vf 
(7.16) 
The  culvert  parameters  are  as  follows, 
R=mean  radius 
D=diameter  of  the  culvert 
Ecý=Young's  modulus  of  the  culvert  material 
Acý=cross  sectional  are  of  the  culvert  wall  per  unit  longitudinal  length 
lemoment  of  inertia  of  the  culvert  wall  per  unit  longitudinal  length 
The  load  parameters  are  as  follows, 
B=I  (I  +  K),  uniform  pressure  component  2 
C=II-K,  variational  pressure  component  2 
UF  = 
MfDB 
,  relative  extensional  flexibility 
ErAc 
'\T  = 
2MfD'C 
,  relative  bending  flexibility 
48EcIc 
The  dimensionless  constants  for  the  bonded  culvert  are, 
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The  dimensionless  constants  for  the  unbonded  culvert  are  as  follows, 
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The  simplifying  assumptions  of  this  model,  that  the  soil  is  linear,  isotropic  elastic, 
homogenous  infinite  in  extent,  have  made  this  method  impractical  as  a  design  tool 
(Duane  et  al.,  1986)  particularly  for  shallow  buried  culverts  as  elements  of  the  backfill 
above  the  crown  have  been  found  to  yield  on  application  of  compaction  and/or  live 
loads  (Katona  et  al.,  1976).  However,  this  method  is  of  interest  because  it  provides  a 
limiting  case  check  for  either  empirical  models  or  analytical  models  based  on  numerical 
methods  of  solution  (Duane  et  al.,  1986). 
244 7.3.3.  Duncan's  design  method 
The  third  design  method  considered  here  is  a  semi-empirical  analytical  method 
proposed  by  Duncan  (1979)  which  can  be  used  to  design  long-span  culverts  for  both 
deep  and  shallow  cover  conditions.  This  method  is  based  on  finite  element  studies 
(Duncan,  1979)  and  field  and  laboratory  studies  (Duncan,  1979;  Allgood,  1964; 
Luscher,  1964  and  Bartkus  and  Vey,  1956)  and  assumes  that  negative  arching  will 
occur  over  the  entire  width  of  the  culvert  crown  irrespective  of  the  cover  depth. 
Maximum  thrust,  N,  in  the  culvert  is  given  by  relation  (7.17) 
N=K  PI 
7S2  +Kp2ýHS+KMLL  (7.17) 
where  N  is  the  thrust  in  the  culvert;  KpI  is  a  coefficient  for  axial  force  due  to  backfill 
up  to  the  culvert  crown;  KP2  is  a  coefficient  for  axial  force  due  to  cover  over  the 
crown;  KP3  is  a  coefficient  for  axial  force  due  to  the  live  load;  yf  is  the  soil  density;  S 
is  the  culvert  span;  H  is  the  height  of  cover  above  the  culvert  crown  and  LL  is  the  live 
load. 
Axial  force  coefficients  are  shown  in  Fig  7.9. 
Maximum  bending  moment,  MB  in  the  culvert  due  to  backfill  loads,  is  given  by 
relation,  (7.18). 
MB=  RB(Km,  yS'-KM2 
ýS2  H)  (7.18) 
where  RB  is  a  moment  reduction  factor  for  backfill  moments  that  varies  with  the 
culvert  rise,  R,  to  span,  S,  ratio,  R/S,  Fig  7.10;  KmI  is  a  moment  coefficient  that  varies 
with  the  flexibility  number,  Nf  of  the  culvert,  Fig  7.11  (a);  KM2  is  a  moment  coefficient 
which  varies  with  the  culvert  flexibility  number,  Fig  7.11  (b). 
The  flexibility  number,  Nf,  given  by  relation  (7.19),  describes  the  stiffness  of  the 
backfill  relative  to  the  culvert  in  the  form  of  a  dimensionless  ratio. 
Nf  = 
E. 
's,  (7.19) 
EcI 
c 
where  Es  is  the  secant  modulus  of  the  backfill  soil;  S  is  the  culvert  span;  Ec  is  the 
Young's  modulus  of  the  culvert  material  and  Ic  is  the  moment  of  inertia  of  the  culvert 
pre  metre  length. 
245 Field  studies  for  conditions  of  shallow  cover  indicate  that  the  effects  of  the  backfill 
and  applied  live  loads  above  the  culvert  combine  to  produce  a  moment  at  the  quarter 
point  that  is  larger  than  the  moment  at  any  other  point  on  the  culvert.  The  magnitude 
of  the  change  in  quarter  point  moment,  'AML,  due  to  imposed  live  loads  can  be 
calculated  from  relation,  (7.20). 
AMLI,  =  RLKM3SLL  (7.20) 
where  RL  is  a  reduction  factor  for  the  live  load  moment,  which  varies  with  cover 
depth  and  flexibility  number,  Fig  7.13.;  KM3  is  a  live  load  moment  coefficient  which 
varies  with  flexibility  number,  Fig  7.12. 
For  the  purposes  of  design,  Duncan  (1979)  recommends  that  shallow  flexible  culverts 
should  have  a  factor  of  safety  of  1.65  or  more  against  the  development  of  a  plastic 
hinge,  considering  both  the  thrust  and  the  bending  moment  (backfill  and  live  load 
moments  combined).  The  factor  of  safety  Fp,  can  be  calculated  using  relation  (7.21). 
Fp  =  0.5 
ý! 
-p  (7.21) 
N(  -ýrmp)(e» 
where  Np  is  the  fully  plastic  thrust  with  no  moment;  M  is  the  combined  backfill  and 
live  load  bending  moment  and  Mp  is  the  fully  plastic  bending  moment,  with  no  axial 
force. 
The  factor  of  safety,  Fp  equal  to  1.65  is  thought  to  be  suitable  for  design  (Richards, 
1982)  because  the  margin  of  safety  in  terms  of  additional  load  required  to  cause 
collapse  will  be  greater  than  1.65.  Duncan  outlines  three  reasons  why  this  should  be. 
1.  For  an  arch  structure  the  formation  of  a  single  plastic  hinge  will  not  result  in  the 
formation  of  a  failure  mechanism.  Four  plastic  hinges  are  required  to  initiate  failure  in 
an  arch  structure. 
2.  Even  after  sufficient  hinges  have  developed  in  the  structure  to  form  a  failure 
mechanism,  the  soil  will  continue  to  restrain  the  deformations  of  the  structure. 
3.  Both  aluminium  and  steel  harden  when  deformed  plastically.  Therefore,  use  of  Np 
and  Mp  based  on  minimum  values  of  yield  stress,  provides  a  conservative  estimate  of 
the  ultimate  resistance  of  the  culvert  metal. 
246 On  the  basis  of  experimental  and  theoretical  evidence,  Duncan  (1979)  does  not 
consider  buckling  to  be  a  problem  provided  the  backfill  is  of  good  quality  and  is  well 
compacted. 
The  design  procedure  proposed  by  Duncan  (1979)  was  used  to  estimate  the  forces  in 
an  8.7m  span,  3.6m  rise  (spring  line  to  crown)  pipe  arch  culvert  (Beal,  1982).  The 
height  of  cover  above  the  culvert  crown  was  0.6m,  giving  a  H/S  ratio  of  approximately 
0.07  (<  0.25,  shallow  cover  conditions).  Calculated  values  of  bending  moment  using 
Duncan's  method  underestimated  the  observed  bending  moments  by  nearly  100%. 
Conversely,  calculated  values  of  thrust  overestimated  the  observed  thrusts  by  as  much 
as  100%.  Observed  values  of  thrust  at  the  spring  line  were  some  3040%  less  than 
those  estimated  using  ring  compression  theory  (White  and  Layer,  1960),  which 
assumes  a  condition  of  neutral  arching.  From  this  Beal,  (1982),  concluded  that  a 
positive  arching  mechanism  had  developed  rather  that  the  negative  arching  mechanism 
as  assumed  by  Duncan's  design  procedure. 
7.3.4  Constitutive  soil  models  used  to  describe  soil-culvert  systems 
7.3.4.1  Introduction 
In  this  section  the  different  constitutive  soil  models  which  are  more  commonly  used  to 
describe  the  backfill  material  surrounding  a  culvert  are  discussed.  Full  mathematical 
descriptions  of  the  models  included  in  this  discussion  are  not  presented  here  but  can  be 
found  in  texts  such  as  and  Chen  and  Nfizuno,  (1990). 
7.3.4.2  Constitutive  soil  models 
In  practice  flexible  culverts  are  typically  designed  to  the  serviceability  limit  state 
(strictly  elastic  behaviour)  and  as  a  result  linear  or  non-linear  elastic  soil  models  are 
most  used.  Plasticity  is  very  seldom  included  in  the  design  process. 
Linear  elasticity  is  the  simplest  soil  model  used  to  describe  soil  behaviour  and  is  still 
widely  used  in  situations  where  the  culvert  design  is  straightforward  and  an  insight  into 
the  possible  culvert  deflection  behaviour  may  be  required.  The  main  advantage  of  this 
model  is  that  it  is  completely  defined  by  two  elastic  parameters,  Young's  modulus  E, 
Poissods  ratio  v.  The  elastic  shear  modulus  G  can  be  obtained  from  E  or  v.  Simple 
tests  can  be  performed  to  estimate  E,  v  or  G,  however  in  practice  these  parameters  are 
247 typically  selected  from  a  data  base  compiled  from  material  properties  of  similar 
backfills. 
In  numerical  modelling  of  soil-culvert  systems  constant  elastic  stiffness  within  the 
linear  elastic  soil  model  poses  a  particular  problem  as  experimental  observations  have 
found  that  the  stress-strain  behaviour  of  a  soil  is  dependent  largely  on  the  strain/stress 
level  within  the  soil  mass  (Seed  and  Duncan,  1986).  During  construction  compaction 
of  the  backfill  may  significantly  increase  the  stress  within  the  backfill  and  consequently 
will  induce  a  gradient  of  elastic  stiffness  within  the  soil  mass.  In  view  of  this  there  is 
really  no  basis  for  selection  of  single  values  of  the  elastic  parameters,  E,  v  or  G  to 
describe  an  entire  range  of  stress  conditions  induced  within  the  backfill.  Studies 
performed  by  Nayak  et  al.  (1977)  and  Duane  et  al.  (1986)  using  the  linear  elastic  soil 
model  have  found  that  culvert  displacements  and  normal  soil  pressures  on  the  culvert 
underestimate  those  observed  from  experimental  and  full-scale  field  studies.  Many 
researchers  (Duncan,  1979;  McVay  and  Selig,  1982;  Leonards  et  al.,  1985  and  Seed 
and  Duncan,  1986)  describe  predictions  using  the  linear  soil  model  as  erratic  and  do 
not  recommend  its  use  in  flexible  culvert  design.  Despite  the  shortcomings  of  this  soil 
model  it  is  still  widely  used,  particularly  in  Britain.  However,  designs  based  on  this 
model  typically  incorporate  high  factors  of  safety  of  3  or  more.  Additionally  studies 
by  Rude  (1982)  found  that  numerical  predictions  using  this  model  are  very  sensitive  to 
the  value  of  PoissoWs  ratio  selected  and  as  will  be  shown  later,  any  inaccuracy 
associated  with  the  constant  elastic  stiffness  can  be  compensated  for  by  performing 
predictions  with  low  values  of  Poisson's  ratio. 
A  more  detailed  analysis  of  the  backfill  elastic  behaviour  can  be  performed  using  a 
non-linear  elastic  soil  model.  Such  soil  models  are  significantly  more  complex  than  the 
linear  elastic  soil  models  and  require  a  greater  number  of  soil  material  parameters  in 
order  to  describe  the  response.  These  soil  models  are  not  often  used  in  the  Great 
Britain  as  typically  required  culvert  designs  are  rarely  complex  enough  to  warrant  their 
use.  In  the  United  States  of  America  where  soil-culvert  systems  are  routinely  complex 
these  types  of  models  are  frequently  used.  The  non-linear  Duncan-Chang  soil  model 
(Duncan  and  Chang,  1970)  is  perhaps  the  most  frequently  used  and  accepted  soil 
model.  The  reason  for  the  wide  acceptance  of  this  model  is  primarily  the  good 
predictions  of  soil-culvert  behaviour  for  situations  where  the  loading  is  monotonically 
increasing  in  the  absence  of  plastic  deformations  in  the  soil  (Leonards  et  al.,  1985  and 
Seed  and  Duncan,  1986). 
The  Duncan-Chang  soil  model  is  a  hypoelasticity  model  within  which  the  stress  and 
strain  increments  are  linearly  related  through  variable  tangent  moduliý  which  are 
functions  of  stress  and  strain.  As  a  result  this  model  is  stress  (strain)-path  dependent. 
It  is  this  aspect  of  this  model  which  makes  it  particularly  advantageous  when  using  it 
248 to  describe  the  soil-culvert  response  as  variations  of  the  backfill  stiffness  following 
application  of  compaction  pressures  can  be  suitably  modelled. 
The  Duncan-Chang  model  is  described  in  terms  of  the  tangent  Young's  modulus,  Et 
and  the  tangent  Poisson!  s  ratio,  vt.  The  tangent  Young's  modulus  is  given  by  relation 
(7.22) 
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G-  Flog 
a3 
(P. 
D(ul  - 
u3) 
,_ 
Rf  (ul  -  u3)(1  -  sin  0)  )KP.  ( 
or  3 
n' 
2ccoso+2osino  p. 
(7.32) 
where  a,  and  c73  are  the  major  and  minor  principal  stresses;  Pa  is  the  atmospheric 
pressure;  ý  and  c  are  the  Mohr-Coulomb  shear  strength  parameters;  K,  n,  Rf,  G,  F  and 
D  are  model  parameters  to  be  determined  experimentally.  The  wide  use  of  this  model 
has  enabled  an  extensive  data  base  for  these  material  parameters  to  be  compiled  for  a 
wide  range  of  backfill  types  and  loading  conditions. 
Experimental  studies  have  shown  that,  particularly  for  culverts  under  shallow  cover 
conditions,  local  shear  failure  can  develop  in  the  backfill  surrounding  the  culvert 
(Dessouki  and  Monforton,  1986;  Duane  et  al.,  1986  and  Mohamedzein,  1989). 
Consequently  to  suitably  model  this  behaviour  models  incorporating  plasticity  will 
need  to  be  used. 
The  simplest  models  incorporating  plasticity  are  the  traditional  linear  elastic,  perfectly 
plastic  soil  models  with  the  onset  of  failure  described  by  the  Von  Nfises,  Mohr- 
Coulomb  or  Drucker-Prager  failure  surfaces.  Use  of  these  models  in  soil-culvert 
interaction  has  largely  been  avoided  because  these  models  cannot  simulate  the  non- 
linear  behaviour  of  the  backfill  during  compaction.  As  a  result  researchers  of  the 
flexible  culvert  problem,  particularly  in  the  United  States  of  America,  have  focused  on 
the  development  of  soil  models  which  incorporate  more  of  the  important  factors 
249 affecting  the  soil-culvert  system.  Despite  this,  these  models  have  helped  the 
understanding  of  the  propagation  of  failure  within  the  backfill  surrounding  the  culvert 
(Valliappan  et  al.,  1977  and  Dessouki  and  Monforton,  1986). 
The  most  detailed  study  incorporating  plasticity  into  soil-culvert  interaction  has  been 
performed  by  Mohamedzein  (1989)  using  a  non-linear  elastic-perfectly  plastic  soil 
model  incorporating  an  elasto-plastic  cap  hardening  surface,  Fig  7.14.  The  onset  of 
failure  was  described  using  the  Drucker-Prager  failure  surface.  In  Mohamedzeids 
study  non-linear  elasticity  was  described  using  the  Duncan-Chang  soil  model.  An 
associative  flow  rule  was  assumed  throughout.  This  soil  model  is  complex  and  is  not 
often  used  in  practice  except  in  special  circumstances,  i.  e.  multiple  culvert  installations, 
where  a  more  rigorous  and  detailed  design  is  required.  Use  of  this  model  requires  the 
selection  of  thirteen  material  parameters,  eight  to  describe  the  non-linear  elastic 
Duncan-Chang  soil  model,  two  to  describe  the  Drucker-Prager  soil  model  and  three  to 
describe  the  cap  hardening  surface.  In  the  absence  of  published  field  data  for  a 
particular  project,  detailed  soils  laboratory  testing  is  required  to  determine  these 
parameters. 
Mohamedzein  (1989)  has  demonstrated  the  ability  of  this  soil  model  to  provide 
accurate  predictions  of  soil-culvert  behaviour  using  several  case  histories,  the  most 
noted  of  which  was  the  Tice  Valley  culvert,  which  is  an  8m  span,  elliptical  flexible 
culvert  embedded  under  shallow  cover  conditions,  I-VS=0.15.  This  culvert  was 
previously  analysed  by  Duncan  (1979)  and  Duncan  and  Jeyapalan  (1982)  using  the 
non-linear  Duncan-Chang  soil  model.  Better  agreement  of  the  observed  behaviour 
was  obtained  using  the  non-linear  elastic  cap  model.  This  was  attributed  to  the  more 
accurate  representation  of  plastic  compression  of  the  backfill  (Mohamedzein,  1989). 
However  the  difference  between  the  predicted  solutions  was  small. 
7.3.4.3  Discussion 
Selection  of  a  suitable  method  of  analysis  for  a  particular  soil-culvert  system  depends 
on  the  complexity  of  the  system,  the  sensitivity  of  the  structure  in  relation  to  existing 
structures  and  perhaps  the  most  important  factor,  the  time  available  for  the  design.  In 
most  flexible  culvert  design  problems  the  empirical  and  semi-empirical  methods  of 
analysis  described  in  section  7.2,  used  in  conjunction  with  a  suitable  factor  of  safety, 
will  suffice.  However  design  situations  do  arise  where  a  more  detailed  design  study  is 
required  and  finite  element  analysis  is  often  used  to  provide  the  necessary  information. 
The  decision  to  use  finite  element  analysis  then  requires  judgement  as  to  the 
appropriate  level  of  complexity  of  analyses  and  consequently  selection  of  an 
250 appropriate  soil  model  with  which  to  describe  the  problem.  Ideally  the  selected  soil 
model  should  be  capable  of  reproducing  the  essential  elements  of  soil-culvert 
behaviour,  such  as  the  complex  non-linear  elastic  and  non-linear  elastic,  elasto-plastic, 
cap  hardening  soil  models  described  latterly  in  section  7.3.4.2.  However  as  noted 
previously  these  models  require  a  greater  number  of  material  parameters  which  will 
require  careful  selection  from  a  data  base  compiled  from  laboratory  testing.  The  gains 
associated  with  the  use  of  the  simpler  linear  elastic,  perfectly  plastic  soil  models  are 
self-evident.  Despite  the  shortcomings  of  the  linear  elastic  assumption,  these  models 
require  fewer  material  parameters  and  are  typically  less  time  consuming  to  use  for 
analysis.  Additionally,  the  sensitivity  of  analyses  to  Poissorfs  ratio  and  the  angle  of 
internal  friction  and  angle  of  dilation  (see  chapter  8)  may  be  advantageous  as 
performing  analyses  with  extreme  quantities  of  these  parameters  may  ensure  that  the 
most  adverse  design  condition  has  been  considered. 
In  this  study  a  linear  elastic,  perfectly  plastic  soil  model  with  the  onset  of  failure 
described  using  the  Mohr-Coulomb  criterion  has  been  used.  Additionally  the  soil 
model  is  assumed  to  have  a  non-associated  flow  rule.  Incorporation  of  a  non- 
associated  flow  rule  is  known  to  significantly  improve  displacement  predictions  of 
granular  materials  (Graham  et  al.,  1983).  This  feature  is  thought  to  improve 
estimation  of  compaction  induced  displacements  and  consequently  compensates  to 
some  degree  for  the  absence  of  stress-strain  path  dependency  of  the  soil  elastic 
parameters. 
Successful  use  of  the  simpler  linear  elastic,  perfectly  plastic  soil  model  may  provide  a 
half-way  house  between  the  very  simple  and  more  complex  soil  models  and  therefore 
assist  the  engineer  with  the  decision  of  whether  or  not  a  more  complex  method  of 
analysis  is  required  for  a  particular  design  problem. 
7.4  Finite  element  modelling 
In  this  section  the  modelling  assumptions  required  to  define  the  culvert-soil 
interaction  problem  are  briefly  described.  This  discussion  includes  the  culvert  and 
backfill  modelling  assumptions  as  well  as  the  modelling  of  the  construction  process 
and  representation  of  applied  live  loadings. 
251 7.4.1.  Modelling  the  culvert  and  backfill  ' 
Two  dimensional  plane  strain  finite  element  analyses  have  been  performed  to  represent 
a  slice  of  unit  thickness  through  the  culvert  and  backfill.  In  analyses  it  is  assumed  that 
the  slice  analysed  is  representative  of  any  section  along  the  length  of  the  culvert.  The 
culvert  was  modelled  using  eight  isoparametric  linear  strain  quadrilateral  elements,  the 
backfill  was  modelled  using  a  combination  of  isoparametric  linear  strain  quadrilateral 
and  linear  strain  triangular  elements.  The  geometry  and  loading  of  the  flexible  culverts 
described  in  this  thesis  are  essentially  symmetric,  therefore  only  half  of  the  system  was 
modelled. 
The  actual  culvert  cross-sections  described  in  this  thesis  are  not  rectangular  but  rippled 
because  of  the  corrugated  steel  sections  used  to  construct  the  culvert.  -  As  already 
noted  the  culvert  is  modelled  using  smooth  rectangular  elements.  To  ensure  that  the 
model  culvert  elements  have  the  same  deformation  characteristics,  i.  e.  same  axial 
stiffness  and  flexible  rigidity,  as  the  original  corrugated  culvert  sections,  an  equivalent 
thickness,  T*,  and  Young's  Modulus,  E*,  must  be  determined  for  the  model  culvert. 
The  equivalent  culvert  thickness  is  given  by  relation  (7.22) 
T*  = 
11  F2I.,. 
(7.22) 
1  tt 
where  Ic  is  the  second  moment  of  area  of  the  culvert  per  unit  length  and  t  is  the  actual 
corrugated  plate  thickness. 
The  equivalent  Young's  modulus,  E*  is  given  by  relation  (7.23), 
E*  = 
Et 
(7.23) 
T* 
where  E  is  the  value  of  Young's  modulus  for  steel,  assumed  equal  to  205xIO6kPa. 
7.4.2  Modelling  of  soil-culvert  interface 
The  buried  culvert  problem  involves  the  interaction  between  two  different  materials 
each  of  very  different  material  properties,  gravel  and  metal.  In  numerical  analysis  of 
soil-structure  interaction  such  as  the  culvert  problem,  an  interface  element  can  be 
introduced  into  the  finite  element  mesh  between  the  culvert  and  backfiJI  to  bridge  the 
boundary  between  the  two  materials  and  therefore  allow  the  actual  relative  movement 
to  occur  between  the  soil  and  culvert.  Three  types  of  movement  have  been  identified 
252 to  occur  at  the  culvert-s 
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interface:  debonding,  rebonding  and  slip  (Leonards  et  al, 
1982).  Debonding  is  the  separation  of  the  soil  and  culvert  normal  to  the  interface 
element  typically  arising  due,  to  tension  developing  in  the  soil  above  the  culvert. 
Rebonding  is  the  opposite  movement  and  typically  arises  due  to  the  development  of 
compressive  contact  stresses  at  the  interface.  Slip  relates  to  tangential  movement 
between  the  culvert  and  the  soil  and  is  characterised  by  concentrations  of  shear 
displacements  once  certain  shear  stress  levels  are  reached. 
In  this  study,  as  with  most  problems  of  soil-structure  interaction  (Griffiths,  1988)  it  is 
assumed  that  the  stresses  at  the  soil-culvert  interface  are  compressive,  therefore  no 
separation  of  the  culvert  and  soil  can  occur.  The  only  movement  between  the  culvert 
and  soil  considered  was  interface  slip.  The  interface  behaviour  was  modelled  by 
refining  the  finite  element  mesh  in  the  vicinity  of  the  soil-culvert  interface  and 
introducing  a  thin  quadrilateral  element,  of  the  same  shape  and  dimensions  as  the 
culvert  elements,  to  model  the  interfacial  fill  region,  Fig  7.15.  These  elements  can  be 
prescribed  reduced  frictional  shear  strength,  parameters  to  model  some  degree  of 
interface  slip.  This  simple  approach  is  believed  to  be  adequate  for  most  culvert  design 
problems  (Griffiths,  1988;  Davies  et  al.,  1993).  Studies  show  that  interfacial  shear 
stresses  are  substantially  lower  than  those  required  to  mobilise  the  full  frictional 
strength  of  the  backfill  material,  therefore  it  can  be  assumed  that  for  design  unless  the 
interface  is  perfectly  smooth,  as  with  some  aluminiurn  culverts,  interface  slip  is  not 
significant  (Duncan,  1979;  Davies  et  al.,  1993). 
In  these  studies  the  soil-culvert  interface  was  modelled  as  rough  and  the  interface 
elements  were  assumed  to  have  the  same,  properties  as  the  surrounding  backfill. 
Consequently,  failure  or  slip  will  occur  not  at  the  interface  itself  but  at  the  nearest 
stress  point  in  the  weaker  of  the  two  materials  sandwiching  the  interface,  (Griffiths, 
1988).  The  method  used  to  model  the  interface  behaviour  in  this  study  is  simple  and 
assumes  the  culvert  and  soil  are  continuously  in  contact.  For  more  complex  problems 
of  soil-structure  interaction,  where  debonding  and  rebonding  will  occur  readily  under 
working  loads  and  therefore  cannot  be  neglected,  more  specialised  interface  elements 
and  advanced  modelling  techniques  will  need  to  be  used.  Examples  of  such  complex 
interaction  problems  are  described  by  Goodman  et  al.  (1988);  Ghaboussi  et  al.  (1973); 
Mohamedzein  (1989). 
253 7.4.3  Modelling  the  construction  sequence 
An  outline  of  the  modelled  construction  sequence  is  presented  below. 
Iý  Place  and  compact  bedding  layer  elements. 
2  Construct  culvert 
3  Place  and  compact  backfill  around  culvert  in  thin  layers  of  approximately 
0.5-0.7m  thick 
CRISP  is  particularly  situated  to  modelling  the  required  sequence  of  construction  as  it 
is  straightforward  to  add  elements  to  the  mesh  as  they  are  required. 
To  simulate  compaction  of  the  backfill,  a  pressure  loading  was  applied  to  the  surface 
of  each  layer.  The  pressure  loading  (compacting  pressure)  was  removed  by  applying 
an  equal  and  opposite  pressure  loading  to  the  surface  layer  in  the  next  increment 
block. 
The  proper  magnitude  of  the  compaction  pressure  used  in  each  of  the  case  studies 
presented  is  not  known.  An  appropriate  magnitude  of  compaction  pressure  for  each 
case  was  primarily  determined  by  trial  and  error.  However,  some  indication  of  the 
required  magnitude  of  compaction  pressure  was  obtained  from  work  reported  by 
previous  researchers  of  the  flexible  culvert  problem.  In  each  case  selection  of  the  final 
magnitudes  of  compaction  pressure  shown  below  was  arbitrary. 
Chang  et  al.,  (1980) 
Selig  and  Musser,  (1985) 
Sharp  et  al.,  (1985) 
35kPa  (solutions  for  0,21  and  35kPa) 
105kPa 
70kPa 
7.4.4  Representation  of  live  loads' 
Imposed  live  loads,  applied  above  the  culvert  crown  on  the  top  of  the  backfill, 
represent  traffic  loading.  To  perform  two-dimensional  analyses  of  live  load  effects  it  is 
necessary  to  represent  the  actual  three-dimensional  traffic  load  by  an  equivalent 
loading  that  is  continuous  along  the  length  of  the  structure.  Values  of  equivalent 
continuous  loading  were  determined  by  calculating  the  intensity  of  a  continuous  live 
load,  Q(kN/m),  that  produces  the  same  peak  vertical  stress,  c;  v,  on  the  crown  of  the 
culvert  as  does  the  loading  trailer  using  Boussinesq's  elasticity  solution.  Boussinesqýs 
254 solution  assumes  that  the  soil  mass  is  semi-infinite,  homogenous,  isotropic  and  has  a 
linear  stress-strain  relationship.  This  approach  to  estimating  the  equivalent  loading  is 
similar  to  that  used  by  Katona  et  al.  (1976).  The  loading  trailer  is  of  dimensions 
shown  in  Fig  7.16,  with  a  single  axle  of  weight  equivalent  to  the  revised  BB  load 
defined  in  BS  5400  Part  2:  1978.  Referring  to  Fig  7.17,  the  vertical  stress,  av,  at 
point  X  on  the  culvert  crown  due  to  the  weight  of  the  loaded  trailer  is  given  by 
relation  (7.24). 
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where  P  is  the  wheel  point  load;  H  is  the  cover  depth  and  r  is  the  perpendicular 
distance  from  point  X  to  the  applied  wheel  load. 
Again  using  Boussinesq's  elasticity  solution  the  equivalent  line  load  Q  per  unit  length 
on  the  surface  is  given  by  relation  (7.25) 
Hira, 
(7.25) 
2 
The  load  acts  on  the  surface  of  the  backfill. 
7.4.5  Determination  of  stresses  around  culvert 
As  noted  earlier  flexible  culvert  design  requires  a  description  of  the  thrust  (ring 
compression  forces)  and  bending  moments  induced  within  the  culvert,  in  addition  to  an 
estimate  of  the  radial,  arr  and  tangential  shear,  -Tro,  stresses  which  develop  around  the 
soil-culvert  interface.  These  quantities  are  not  readily  obtained  from  general  purpose 
finite  element  programs  such  as  CRISP.  To  obtain  these  variables  directly  from 
CRISP  an  extra  subroutine  was  added  (Davies  et  al.,  1993).  A  brief  outline  of  the 
main  assumptions  and  operations  performed  to  determine  the  required  quantities  is 
presented  below. 
The  radial  stress,  c;  rr,  and  tangential  shear  stress,  rro,  induced  around  the  soil-culvert 
interface  were  obtained  by  sampling  the  Cartesian  stresses,  crx  I,  ay,  and  cxy,  at  the  nine 
Gauss  integration  points  within  the  eight  interface  elements  located  around  the  culvert. 
The  stresses  crff,  and  rro  are  polar  stresses  and  were  converted  from  the  Cartesian 
255 stresses  using  the  usual  transformation  as  a  function  of  rotation  angle  0.  Where  0  is 
the  angle  between  the  normal  to  the  culvert  element  (NN)  and  the  horizontal  (xx),  Fig 
7.18.  The  stresses  c7rr  and  -cro  are  calculated  using  relations  (7.26)  and  (7.27). 
a,  =  c;  -,,  cos'  0+  a,  sin'  0+  r.  sin  20  (7.26) 
I 
(ay  -  a.,  )  sin  2  0+  r.,.  y  cos2  0  (7.27) 
2 
The  average  radial  and  tangential  shear  stress,  '&,  and  'i,,,  induced  at  the  soil-culvert 
interface  were  calculated  as  a  weighted  average  of  the  radial  and  tangential  shear  stress 
at  each  of  the  nine  Gauss  integration  points. 
The  sign  convention  for  radial  stress,  Cýrr,  is  that  compressive  stress  is  positive;  for 
shear  stresses,  rro,  downdrag  (shear  stress  trying  to  pull  the  culvert  downwards)  is 
positive. 
Thrust,  N,  and  bending  moment,  M,  induced  within  the  culvert  were  determined  from 
considerations  of  simple  stress  and  beam  bending  theory.  Consider  first  the  stress 
distribution  within  the  culvert,  Fig  7.8.  As  can  be  seen  from  Fig  7.8  the  thrust  and 
bending  moment  are  functions  of  the  circumferential  hoop  stress,  a00,  induced  within 
the  culvert  wall.  The  circumferential  hoop  stress,  cyoo,  is  a  polar  stress  and  was 
converted  from  the  Cartesian  stresses,  CYX,  cry,  and  -cxy,  using  relation  (7.28). 
a,,  =o-,  cos'O+o-.,  sin'O-,  r,,;  sin2O  ý  (7.28) 
The  derivation  of  transformation  relations  (7.26),  (7.27)  and  (7.28)  is  not  presented 
here,  but  can  be  found  from  classical  elasticity  texts  (Timoshenko  and  Goodier,  1970 
and  Saada,  1974). 
The  Cartesian  stresses,  cyx,  cry,  and  -rxy,  were  sampled  from  the  three  Gauss 
integration  points  located  across  the  centre  section'of  the  culvert  element,  Fig  7.19. 
The  average  thrust,  17,  within  a  culvert  element  was  estimated  using  relation  (7.29). 
N=  aooAC  (7.29) 
where  '&,,  is  the  -average  circuniferential  hoop  stress  induced  within  the  culvert 
element  calculated  as  a  weighted  average  of  the  circumferential  hoop  stress,  (:;  0(), 
estimated  at  each  of  the  three  Gauss  integration  points.  Parameter  Ac  is  the  cross 
sectional  area  per  metre  length  of  the  culvert  wall. 
256 The  bending  moment  is  estimated  using  the  average  circumferential  hoop  stress,  (:;  0(), 
obtained  at  the  two  extreme  centre  line  Gauss  integration  points,  relation  (7.30),  Fig 
7.20,1 
(aooý 
-  Cr9m) 
'. 
(7.30) 
2y 
where  IC  is  the  second  moment  of  area  per  metre  length  of  culvert  wall  and  y  is  the 
depth  to  the  neutral  axis,  assumed  equal  to  half  the  distance  between  the  two  extreme 
integration  points,  Fig  7.20. 
The  sign  convention  assumed  for  bending  moments  is  hogging  moments  (tension  on 
the  outside  of  the  culvert  element)  are  positive  and  sagging  moments  (tension  on  the 
inside  of  the  culvert  element)  are  negative  (Bums  and  Richard,  1964). 
Measurements  of  load  thrusts  (ring  compression  forces)  and  bending  moments 
observed  for  each  of  the  culvert  case  histories  are  presented  in  terms  of  strains.  These 
quantities,  as  required  for  design,  were  converted  to  their  usual  force  units. 
Ring  compression  strains  were  converted  to  thrusts  using  simple  stress-strain  theory 
given  by  relation  (7.3  1). 
N=E,  cTA,  (7.31) 
where  N  is  the  thrust;  Ec  is  Young's  modulus  of  the  culvert  material,  assumed  equal 
to  205xlo3NWa  for  steel;  6T  is  the  ring  compression  strain  and  Ac  is  the  cross 
sectional  area  of  the  culvert  wall  per  metre  length. 
Bending  moments  are  calculated  from  bending  strains  (where  bending  strain  is  the 
strain  that  arises  when  only  the  effects  of  bending  moments  are  considered)  using 
simple  beam  bending  theory,  relation  (7.32) 
E,  ebIr  M=  (7.32) 
y 
where  M  is  the  bending  moment;  Ec  is  Young's  modulus  of  the  culvert  wall  material 
assumed  equal  to  205xlo3Wa;  eb  is  the  bending  strain.;  Ic  is  the  second  moment  of 
area  of  the  culvert  wall  material  per  metre  length  and  y  is  the  depth  to  the  neutral  axis, 
which  assuming  simple  beam  bending  theory  is  equal  to  half  the  distance  between  the 
extreme  Gauss  integration  points. 
257 Table  7.1.  Values  of  E'R  for  18  flexible  steel  pipe  culverts  (Spangler  and  Hardy, 
1982) 
hem  Location 
Pipe 
Diam. 
mm  (in.  )  Soil  Type, 
Fill 
Height 
m  (ft) 
Passive 
Resist.,  e 
(lb/in.  31 
MPa/rn  in.  ) 
Value  of 
--- 
er 
MPa  (lb/in!  ) 
16  Ames.  Iowa  1067  42  Loam  top  soil  (U)  4.6  15  3.80  14  2.03  294 
21  Ames.  Iowa  1067  42  Well-graded  gravel  (U)  4.9  16  8.69  32  4.63  672 
36  'Ames,  Iowa  914  36  Sandy  clay  loam  (T)  4.6  15  7.60  28  3.46  502 
4"  Ames.  Iowa  914  36  Sandy  clay  loam  (U)  4.6  15  3.53  13  1.61  234 
56  Ames,  Iowa  1067  42  Sandy  clay  loam  (T)  4.6  15  6.79  25  3.62  525 
61  Ames.  Iowa  1067  42  Sandy  clay  loam  (U)  4.6  15  4.07  15  2.17  315 
71'  Ames,  Iowa  1219  48  Sandy  clay  loam  (T)  4.6  15  7.87  29  4.80  696 
86  Ames,  Iowa  1219  48  Sandy  clay  loam  (U)  4.6  15  3.80  14  2.32  336 
96  Ames,  Iowa  1524  60  Sandy  clay  loam  (T)  4.6  15  7.06  26  5.38  780 
106  Ames,  Iowa  1524  60  Sandy  clay  loam  (U)  4.6  15  3.26  12  2.48  360 
it,  Chapel  Hill,  N.  C.  762  30  Sand  3.7  12  6.79  25  2.59  375 
12'  Chapel  Hill.  N.  C.  800  31.5  Sand  3.7  12  15.20  56  6.08  882 
Ir  Chapel  Hill,  N.  C.  762  30  Sand  3.7  12  21.72  80  8.27  1200 
14f  Chapel  Hill,  N.  C.  508  20  Sand  3.7  12  9.50  35  2.41  350 
ly  Chapel  Hill,  N.  C.  533  21  Sand  3.7  12  22.26  82  5.94  861 
16,  Culman  Co..  Ala.  2134  84  Crushed  sandstone  %Q  41.8  137  51.58  190  55.02  7980 
17'  McDowell  Co.,  N.  C.  1676  66  Clayey  sandy  silt  (C)  51.8  170  10.86  40  9.10  1320 
Is,  Wolf  Creek,  Mont.  5486  216  Graded  crushed  gravel  25.3  83  15.74  58  43.44  6300 
(reconstructed)  (C) 
U-untamped.  T--tamped.  C-compacted. 
Side  pressure  and  pipe  deflections  measured. 
Side  pressures  estimated,  pipe  deflections  measured. 
Load  and  pipe  deflections  measured. I  (a)  ACTIVE  SM  PRESSURE  CONDITION  FIG  7.1  (b)  PASSIVE  SOIL  PRESSURE  CONDITI 
(LINGER,  1972) 
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FIG  7.5  LOADING  ASSUMPTIONS  FOR  THE  IOWA  FORMULA 
(SPANGLER,  1941) 
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8.  Mytholmroyd  culvert 
8.1  Introduction 
in  this  chapter  the  first  of  two  case  histories  is  used  to  assess  the  ability  of  the 
developed  soil  model  to  predict  flexible  culvert  behaviour.  The  case  history  used 
reports  a  trial  loading  test  performed  on  a  high  profile  pipe  arch  culvert,  of  span 
S=5.95m,  using  a  single  axle  load  up  to  455kN.  Three  loading  tests  were  performed 
(presented  as  cases  A,  B  and  C)  all  under  conditions  of  shallow  cover,  IVS<0.25 
(Duncan,  1979).  The  trial  loadings  were  performed  to  determine  the  effect  of  pavement 
layers  on  the  behaviour  of  corrugated  steel  culverts  under  live  loadings  (Johnson  et  al., 
1989).  Full  details  of  the  live  loading  are  given  in  section  8.2. 
Given  measurements  of  live  load  culvert  deflections,  ring  compression  and  bending 
strain,  parametric  and  back  analysis  studies  were  performed  to  assess  the  developed 
approach  to  modelling  -culvert  behaviour  and  determine  a  set  of  material  parameters 
which  give  a  reasonable  estimate  of  the  observed  live  load  behaviour.  Parameter 
selection  tended  to  shadow  the  parametric  studies  and  was  predominantly  a  process  of 
trial  and  error.  No  measured  data  were  available  for  the  construction  process. 
Parametric  and  back  analysis  parameter  selection  studies  for  each  of  the  three  trial 
loadings  have  been  considered  separately.  Additionally,  within  each  of  the  three  trial 
loadings  for,  this  study  the  parametric  and  back  analysis  (parameter  selection)  studies 
are  also  considered  separately.  This  procedure  was  adopted  due  to  differing  heights  of 
backfill  above  the  culvert  crown.  For  each  loading  case  initial,  first  estimate  model 
material  parameters  were  obtained  from  available  site  and  laboratory  data  (Johnson  et 
al.,  1989).  Using  this  initial  set  of  parameters,  parametric  studies  have  been  performed 
where  each  of  the  soil  model  parameters  have  been  varied  in  turn.  The  effects  of 
varying  the  model  material  parameters  were  noted  and  were  used  to  re-examine  and 
improve  the  selected  model  material  parameters.  To  obtain  a  better  set  of  material 
parameters  several  empirical  and  semi-empirical  methods  have  been  used.  Studies  for 
the  first  loading,  case  A  (IVS=0.12,  no  pavement  present)  are  described  in  section  8.3. 
Case  B,  (I-VS=0.2,  no  pavement)  and  Case  C,  (II/S=0.2,  pavement  present)  are 
considered  in  sections  8.4  and  8.5  respectively.  Comparison  of  case  studies  B  and  C  is 
considered  in  section  8.5  to  demonstrate  the  effect  of  the  pavement  layers  on  the 
culvert  behaviour.  The  results  of  each  of  the  load  cases  are  discussed  at  the  end  of  each 
267 of  the  relevant  sections.  Conclusions  drawn  from  the  results  are  reviewed  and 
presented  in  section  8.6. 
8.2  Mytholmroyd  flexible  culvert  trial  loading 
The  Mytholmroyd  culvert  was  a  5.95m  span  high  profile  pipe  arch  culvert;  constructed 
in  1986  to  carry  an  access  road  over.  the  Rochdale  canal  -at  Modema  Bridge, 
Mytholmroyd,  West  Yorkshire.  The  culvert  was  installed  as  part  of  a  refurbishment  of 
the  canal  to  return  it  to  a  navigable  state.  The  culvert  consisted  of  5.5mm  thick 
structural  plates  with  a  corrugation  of  200x55mm.  The  geometry  of  the  culvert  is 
shown  in  Fig  8.1  and  further  details  are  given  in  Table  8.1  (Johnson  et  at.,  1989).  No- 
fines  concrete  plinths  were  introduced  at  the  comer  plates,  where  high  bearing 
pressures  were  anticipated  to  provide  necessary  backfill  support. 
The  culvert  was  backfilled  with  a  well  graded  crushed  sandstone  which  was 
compacted  to  a  high  density  (90-100%  relative  compaction).  The  particle  size 
distribution  of  the  backfill  is  shown  in  Fig  8.2  and  the  density  and  moisture  content  are 
given  in  Table  8.2  (Johnson  et  al.,  1989).  The  constrained  modulus,  Mf  of  the  backfill 
material  was  determined  from  plate  loading  tests.  Values  of  constrained  modulus  equal 
to  42NIPa  and  93NIPa  were  determined  from  the  first  and  subsequent  load  cycles 
respectively.  Previous  researchers  of  this  loading  event  (Johnson  et  al.,  1989)  using  the 
design  method  of  Kloppel  and  Glock  (Kloppel  and  Glock,  1970)  recommend  a 
constrained  modulus  of  M=52NTa.  The  backfill  material  extended  to  app'roximately 
one  span  of  the  culvert  on  each  side  of  the  structure. 
Three  loading  tests  were  performed  at  Mytholmroyd  each  with  differing  cover 
conditions  above  the  culvert  crown.  The  first  test  (case  A)  was  performed  with  a  cover 
depth,  H  equal  to  0.7m  (I-I/S=O.  12)  of  crushed  sandstone.  The  depth  of  cover  was  then 
increased  to  1.2m  (IVS=0.2)  the  final  cover  depth  for  case  B.  For  case  C  the  depth  of 
crushed  sandstone  backfill  above  the  crown  was  reduced  from  1.2m  to  0.7m  and 
pavement  layers  were  constructed  to  return  the  total  cover  depth  to  1.2m.  The 
pavement  consisted  of  a  300mm  thick  layer  of  Type  I  gravel  (crushed  Limestone) 
overlain  by  a  100mm  thick  layer  of  dense  bitumen  road  base  course  and  a  40mm.  thick 
layer  of  hot  rolled  asphalt  wearing  course.  After  completion  of  the  pavement  the  third 
test,  case  C,  was  performed. 
Loading  was  applied  to  the  culvert  through  the  loading  trailer  previously  described  in 
chapter  7,  section  7.4.4  and  shown  in  Fig  7.17.  The  trailer  was  pulled  across  & 
culvert  using  an  attachment  boom  and  a  tracked  excavator,  which  was  thought  to  be 
sufficiently  remote  from  the  loading  trailer  to  have  little  effect  on  the  loading 
268 (Temporal  et  al.,  1985  and  Johnson  et  al.,  1989).  Measurements  of  the  live  load  culvert 
displacements,  ring  compression  (thrusts)  and  bending  strains  were  measured  at  the 
measuring  positions  as  shown  in  Fig  8.3.  Full  details  of  the  results  of  these  test  are 
described  by  Johnson  et  al.  (1989),  however,  for  this  study  only,  the  loading  position  of 
the  trailer  directly  above  the  culvert  crown  was  considered.  The  displacements  are 
presented  in  centimetres  (cm),  ring  compression  (thrusts)  in  kN/m.  and  bending 
moments  in  kNnVm.  The  original  study  (Johnson  et  al.,  1989)  presented  the  response 
of  the  culvert  in  terms  of  ring  compression  and  bending  strain.  For  this  study  these 
quantities  were  converted  to  their  usual  force  units,  using  the  method  described  in 
section  7.4.5. 
8.3  Loading  case  A 
This  part  of  the  trial  loading  was  performed  when  the  depth  of  crushed  sandstone 
backfill  cover  was  0.7m.  above  the  culvert  crown.  The  trial  loading  was  performed  as 
previously  described  in  section  8.2.  Using  the  loading  trailer  the  culvert  was  loaded  up 
to  a  maximum  load  of  455kN,  however,  owing  to  some  initial  confusion  over  the  flu 
height  above  the  culvert  for  this  loading  case,  much  of  this  study  has  been  performed 
for  a  loading  of  300kN. 
8.3.1  Modelling  of  the  soil-structure  system 
Analysis  for  loading  case  A  was  performed  using  the  finite  element  mesh  shown  in  Fig 
8.4.  Only  half  of  the  system  was  modelled  as  the  geometry  and  loading  are  essentially 
symmetric.  The  culvert  and  interface  elements  were  modelled  using  eight  isoparametric 
linear  strain,  quadrilateral  elements  and  the  backfill  was  modelled  using  isoparametric 
linear  strain  triangular  elements.  The  no-fines  concrete  plinths,  were  included  in 
analyses.  The  right  hand  boundary  was  located  at  a  distance  of  1.5  times  the  culvert 
span,  S  from  the  culvert  centre  line  (Davies  et  al.,  1993).  The  bottom  boundary  was 
located  at  a  depth  of  half  the  culvert  span,  S  beneath  the  culvert  invert.  This  was 
considered  to  be  sufficiently  far  away  to  ensure  that  the  boundary  did  not  significantly 
influence  the  soil-culvert  behaviour  (Ng  et  al.,  1994).  The  vertical  boundaries  were 
constrained  in  the  horizontal  direction  (x-axis)  but  free  to  move  in  the  vertical  direction 
(y-axis).  Displacement  was  assumed  to  be  fully  constrainea  in  both  vertical  and 
horizontal  directions  at  the  bottom  boundary. 
269 The  construction  process  was  modelled  and  the  live  load  was  applied  as  a  point  load  at 
the  surface  corner  node  directly  above  the  centre  line  of  the  culvert.  Throughout  the 
construction  process  no  compaction  pressure  was  applied  to  the  backfill  elements 
immediately  adjacent  to  the  culvert.  The  backfill  was  placed  in  layers  of  approximately 
0.5  -0.7m  thick. 
8.3.2  Initial  parameter  selection  and  analyses 
Drained  analyses  were  performed  using  the  non-associated  Mohr-Coulomb  soil  model 
to  describe  the  backfill  material  and  the  isotropic  elastic  model  to  describe  the  culvert 
and  no-fines  concrete  plinths  located  at  the  culvert  comer  plates.  Full  details  of  these 
models  are  given  in  chapter  2. 
The  non-associated  Mohr-Coulomb  soil  model  requires  the  selection  of  six  material 
parameters,  effective  stress  Young's  modulus,  Ff,  effective  stress  Poisson's  ratio,  Vf, 
effective  stress  shear  strength  parameters,  c'f  and  ý'f,  the  unit  weightyf  of  the  backfill 
material  and  the  angle  of  dilation,  W,  f.  Initial  values  of  these  parameters  are  presented 
in  Table  8.3  and  were  obtained  from  available  data  (Temporal  et  al.,  1985  and  Johnson 
et  al.,  1989). 
Initial  values  of  Young's  modulus  of  the  backfill  material,  Ff  were  estimated  from 
values  of  constrained  modulus,  Mf  obtained  from  in  situ  plate  loading  tests  performed 
at  the  end  of  construction.  Values  of  Rwere  estimated  using  the  first  cycle  value  of  Mf 
and  using  relation  (8.1). 
Of  = 
(I 
-2  Vf)(I  -  Vf)Mf 
(8.1)(7.4bis) 
(I-  Vf) 
where  Vf  is  Poisson's  ratio  of  the  backfill  material,  and  was  initially  assumed  equal  to 
0.2  (Chang  et  al.,  1980  and  Mohamedzein,  1989).  A  Poissods  ratio  equal  to  0.2 
reduces  relation  (8.1)  to  relation  (8.2). 
Ff  =  0.90Mr  (8.2) 
From  the  first  cycle  of  loading  value  of  Mf  was  found  equal  to  42NDa,  (Johnson  et  al., 
1989). 
The  backfill  material  was  assumed  to  have  zero  drained  cohesion,  df-O.  O.  The  second 
shear  strength  parameter  required  by  the  soil  model,  ý'f  was  assumed  to  be  equal  to  35 
degrees.  A  ý'f  equal  to  35  degrees  was  assumed  from  published  data  (Chang  et  al., 
270 1980;  Mayne  and  Kulhawy,  1982  and  Craig,  1987).  No  data  were  available  from  which 
ý'f  could  be  selected. 
The  unit  weight  of  the  backfill  material,  yf  was  determined  from  laboratory  testing 
(Test  14,  BS  1377:  1975)  and  found  approximately  equal  to  20kN/mý.  This  parameter 
was  unchanged  throughout  the  analyses  and  was  not  included  in  the  parametric  studies. 
Based  on  studies  performed  by  Davies  et  al.  (1993)  an  initial  value  of  -5  degrees  was 
assumed  for  the  angle  of  dilation  of  the  backfill  material,  W'f  Negative  values  of 
dilatancy  were  input  to  represent  the  contractant  behaviour  of  the  backfill  material 
during  the  construction  procedure. 
Initial  parameters  required  to  describe  the  culvert  and  plinths  using  the  isotropic  elastic 
model  are  shown  in  Table  8.4. 
The  equivalent  Young's  modulus  of  the  culvert  Ec  was  determined  using  the  method 
described  in  chapter  7.  Poissods  ratio  for  the  culvert,  vc,  based  on  published  data 
(Chang  et  al.,  1980  and  Mohamedzein,  1989)  was  assumed  equal  to  0.3.  In  CRISP  the 
U  matrix  (see  chapter'2)  is  expressed  in  terms  of  G  (shear  modulus)  and  K  (bulk 
modulus).  Elastic  parameters  G  and  K  are  calculated  automatically  within  CRISP  using 
relations  (8.2a)  and  (8.2b). 
Gc 
E, 
(8.2a) 
T  V, 
Kc 
Ec 
(8.2b) 
1-2v,, 
Elastic  parameters,  Ep  and  vp,  Young's  modulus  and  Poissods  ratio  for  the  plinths, 
were  obtained  from  published  data  (Chang  et  al.,  1980). 
Although  not  a  material  parameter,  an  assumption  of  the  magnitude  of  compaction 
pressure  applied  during  placement  of  the  backfill  is  also  required.  As  noted  earlier, 
from  previous  analysis  of  the  flexible  culvert  problem  (Chang  et  al.,  1980  and  Selig  and 
Musser,  1985)  selection  of  an  appropriate  magnitude  of  compaction  pressure  is  an 
arbitrary  process.  However,  for  this  study,  case  A,  an  initial  estimate  of  the  compaction 
pressure  was  assumed  equal  to  25kPa.  No  information  of  the  actual  magnitude  of 
compaction  pressure  applied  is  given.  The  compaction  pressure  of  25kPa  is  of  similar 
magnitude  to  that  used  by  Chang  et  al.  (1980).  Typically  a  compaction  pressure  some 
34  times  higher  than  that  assumed  here  is  used  (Selig  and  Musser,  1985  and 
Mohamedzein,  1989).  However  a  compaction  pressure  of  25kPa  was  thought  to  be 
271 reasonable  for  a  first  estimate.  The  effect  of  variation  of  the  compaction  pressure  has 
also  been  included  in  the  back  analysis  study. 
10 
8.3.3  Results,  initial  analysis 
Output  manipulated  from  CRISP  has  concentrated  on  extracting  culvert  thrusts, 
bending  moments,  radial  (normal)  and  tangential  (shear)  stress  and  culvert  crown  and 
springline  movements. 
Results  of  the  initial  analysis  are  shown  in  Fig 8.5-8.10.  Throughout  this  study,  unless 
otherwise  stated.  the  computed  construction  and  live  load  behaviours  are  shown 
graphically  as  (0)  and  (0)  respectively.  Computed  and  measured  culvert  behaviours 
are  presented  in  Table  8.5  for  comparison.  The  position  of  sampling  points  (or  any 
position)  around  the  culvert  are  described  as  an  angle  ý  (degrees)  referenced  from  the 
culvert  invert  as  shown  in  Fig  8.11.  The  invert,  springline,  quarter-points  and  crown  of 
the  culvert  are  therefore  located  at  0,90,120  and  180  degrees  respectively.  The  no- 
fines  concrete  plinths  are  located  at  approximately  70  degrees. 
8.3.3.1  Thrust  (ring  compression  forces) 
The  distribution  of  computed  construction  and  live  load  thrust  around  the  culvert  is 
shown  in  Fig  8.5.  As  can  be  seen  maximum  computed  construction  thrusts 
(compressive)  occur  at  the  culvert  invert  and  at  the  centre-line  of  the  no-fines  concrete 
plinths,  0  and  70  degrees.  Maximum  combined  construction  and  live  load  thrusts  occur 
at  140  degrees.  From  Table  8.6  the  measured  data  suggest  a  maximum  combined 
construction  and  live  load  thrust  occurs  at  160  degrees. 
From  simple  equilibrium  theory,  which  automatically  assumes  neutral  arching,  the 
maximum  construction  thrust  is  given  by  relation  (8.3). 
Ncon=N,  +N2  (8.3a) 
Ncon  = 
rfSH  + 
rfS(H  *  -H)  (8.3b) 
24 
where  Ncon  is  the  construction  thrust;  NI  is  the  thrust  induced  from  fill  area  Al;  N2  is 
the  thrust  induced  from  area  A2,  Fig  8.12;  yf  is  the  unit  weight  of  the  backfill  material; 
H  is  the  height  of  the  backfill  above  the  culvert  crown  and  H*  is  the  height  of  fill  above 
the  springline  being  considered  to  compose  area  A2. 
272 Relation  (8.3)  is  similar  to  that  'Used  in  ring  compression  theory  (White  and  Layer, 
1960).  However,  ring  compression  theory  does  not  include  the  effect  of  area  A2  at  the 
sides  of  the  culvert  on  the  thrust. 
Simple  equilibrium  theory,  relation  (8.3),  estimates  a  maximum  construction  thrust  of 
approximately  75kN/m.  at  the  springline  for  a  H*  equal  to  1.7m.  Finite  element  analysis 
estimated  the  springline  construction  thrust  equal  to  approximately  90kN/rn.  For 
comparison,  ring  compression  theory  estimates  the  springline  construction  thrust  equal 
to  approximately  45kN/m.  The  construction  thrust  estimated  using  simple  equilibrium 
theory  is  some  1.7  times  larger  than  that  estimated  using  ring  compression  theory. 
Studies  performed  by  Duncan  (1979)  determined  that  the  difference  between  thrusts 
estimated  using  simple  equilibrium  theory  and  ring  compression  theory  can  be 
significant  for  culverts  with  a  low  ratio  of  culvert  rise  (or  top  radius)  to  span  (R/S) 
typically  R/S>0.3  5  is  considered  as  high.  Here,  the  Mytholmroyd  culvert  has  H/b=O.  12 
and  R/S=0.5.  Comparing  the  finite  element  thrust  with  that  obtained  from  equilibrium 
theory  indicates  that  a  condition  of  approximately  neutral  arching  exists  at  the  end  of 
construction.  However,  comparing  the  finite  element  results  with  that  obtained  from 
ring  compression  theory  assumes  a  state  of  negative  arching  has  developed. 
Application  of  the  live  load  (160kN/m)  significantly  increases  the  thrust  between  the 
culvert  springline  and  crown,  Fig  8.5(a).  Thrusts  between  the  culvert  invert  and 
springline,  including  the  plinths  are  decreased  on  application  of  the  live  load,  however 
the  difference  between  construction  and  live  load  thrusts  is  small,  maximum  l5kN/m.  at 
the  culvert  invert.  It  is  evident  therefore,  that  the  applied  load  is  predominantly 
sustained  over  the  upper  region  of  the  culvert,  between  the  springline  and  crown. 
Again  applying  simple  equilibrium  theory  and  incorporating  the  live  load  thrusts  of 
approximately  165kN/m  are  calculated,  or  80kN/m.  for  the  live  load  only.  Finite 
element  analysis  gives  a  combined  thrust  of  115kN/m.  or  22kN/m  for  the  live  load  only. 
Ring  compression  theory  gives  a  combined  thrust  of  125kN/m.  From  comparison  of 
these  results  it  is  evident  that  some  positive  arching  has  occurred  in  the  finite  element 
analysis. 
Previous  researchers  of  long  span  pipe  arch  flexible  culverts  using  finite  element 
analysis  (Duncan,  1979  and  Davies  et  al.,  1993)  found  that  under  conditions  of  shallow 
cover  negative  arching  would  prevail.  However,  experimental  studies  performed  by 
Abel  et  al.  (1973)  and  Beat  (1982)  found  that  positive  arching  rather  than  negative 
arching  would  occur. 
No  measured  data  from  the  trial  loading  are  available  for  the  springline  behaviour. 
The  nearest  measuring  point  was  located  at  110  degrees,  which  gives  a  live  load  thrust 
of  40kN/rn.  Detailed  measurements  of  live  load  induced  thrusts,  reported  by  Beal 
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the  springline  region  were  small. 
It  is  evident  from  Table  8.5(a)  that  computed  (analysis  MAI)  and  measured  live  load 
thrusts  compare  reasonably  well  at  measuring  points  3  and  4,140  and  110  degrees 
respectfully.  However,  in  each  case  the  computed  thrusts  underestimate  those  observed 
by  I5kN/m  at  140  degrees  and  5kN/rn  at  I  10  degrees. 
Analyses  estimated  that  the  maximum  live  load  thrust  would  occur  at  140  degrees, 
measurements  indicate  that  the  maximum  live  load  thrust  did  in  fact  occur  at  160 
degrees,  measuring  point  2.  Numerical  analyses  significantly  underestimated  the 
observed  thrust  at  this  position  by  approximately  40kN/m.  At  the  crown  the  observed 
live  load  thrust  is  overpredicted  by  approximately  24kN/m.  This  suggests  that  in  the 
field  a  much  larger  degree  of  positive  arching  has  occurred  over  the  culvert  crown 
region  and  consequently  increased  the  observed  thrust  at  measuring  points  2  and  3, 
located  at  160  and  140  degrees  respectfully.  Numerical  analyses  have  not  reproduced 
this  arching  behaviour  well,  therefore  observed  thrusts  over  the  top  of  the  culvert  at 
positions  2  and  3  are  also  not  accurately  predicted. 
8.3.3.2  Bending  moment 
The  distribution  of  construction  and  live  load  induced  bending  moments  around  the 
culvert,  are  shown  in  Fig  8.6,  hogging  moments  are  positive  (tension  on  the  outer 
surface  of  the  culvert).  Maximum  hogging  construction  induced  bending  moments 
were  found  to  occur  at  the  crown  and  the  springline,  the  magnitude  was  approximately 
6kNnVm.  Conversely,  the  maximum  sagging  construction  induced  bending  moment  of 
-5.5kNm/m  occurred  at  the  culvert  quarter-points.  This  pattern  of  behaviour  is  similar 
to  that  observed  by  Beat  (1982)  for  full-scale  trial  loading  tests  performed  on  shallow 
cover,  long  span  flexible  culverts. 
Live  load  bending  moments  between  the  culvert  invert  and  quarter-points  are 
approximately  equal  to  zero.  As  was  observed  for  the  live  load  thrusts,  the  computed 
bending  moments  over  the  top  region,  between  the  quarter-points  and  the  crown,  are 
most  influenced  by  the  application  of  the  live  load.  The  maximum  computed  hogging 
and  sagging  live  load  moments  were  observed  to  occur  at  the  crown  and  at  140 
degrees.  In  the'field  the  maximum  sagging  moment  was  observed  to  occur  at 
approximately  160  degrees,  Table  8.5(b). 
Comparison  of  magnitudes  of  maximum  computed  and  observed  live  load  bending 
moments  are  in  reasonable  agreement,  Table  8.5(b),  however  as  already  noted  the 
274 location  of,  the  occurrence  of  the  maximum  sagging  moment  was  not  accurately 
predicted.  This  difference  may  be  attributed  to  the  occurrence  of  positive  arching  over 
the  culvert  crown.  In  the  field  larger  thrusts  at  measuring  points  2  and  3,  (location  160 
degrees  and  140  degrees)  were  induced. 
Computed  and  observed  live  load  bending  moments  at  the  remaining  measuring 
positions,  3  and  4,  located  at  140  and  I  10  degrees,  are  in  reasonable  agreement  and  of 
compatible  sign. 
8.3.3.3  Radial  stress. 
No  measured  data  for  the  radial  stress  distributions  around  the  culvert  for  either  the 
construction  or  live  loadings  are  available.  However,  for  data  corroboration,  and.  to 
demonstrate  that  the  developed  numerical  model  is  providing  reasonable  results,  radial 
stresses,  cyrr  computed  by  the  finite  element  numerical  model  are  compared  with  radial 
stresses  estimated  using  the  method  proposed  by  Bums  and  Richard  (1964).  Details  of 
this  method  are  given  in  chapter  7.  , 
Maximum  construction  and  combined  construction  and  live  load  radial  stresses,  cyrr 
occurat  the  no-fines  concrete  plinths  located  at  70  degrees,  Fig  8.7.  It  is  evident  that 
this  stiffer  area  has  resulted  in  an  area  of  stress  concentration.  Application  of  the  live 
load  results  in  a  small  decrease  in  (:  Yrr  of  I  OkPa  at  the  plinths.  The  construction  induced 
radial  stress  around  the  culvert,  between  the  invert  and  plinths  is  largely  unchanged  by 
application  of  the  five  load 
. 
Application  of  the  live  load  has  greatest  influence  on  the 
culvert  region  between  the  springline  and  crown.  The  maximum  live  load  radial  stress 
occurs  within  the  crown  region,  magnitude  of  30kPa.  However,  in  the  field  the  actual 
radial  stress  above  the  'culvert  crown  will  have  been  less  due  to  the  occurrence  of 
positive  arching,  as  indicated  by  the  magnitude  of  observed  thrust  levels. 
Construction  radial  stress  at  the  culvert  springline  and  crown  calculated  using  the 
method  of  Bums  and  Richard  (1964)  for  the  fully  bonded  and  unbonded  conditions  are 
17kPa  and  l4kPa  and  10kPa  and  l4kPa  respectively  . 
These  values  of  radial  stress, 
especially  for  the  crown,  compare  reasonably  well  with  values  of  radial  stress  estimated 
from  the  finite  element  analyses. 
Using  the  same  method  for  the  live  load  induced  radial  stress  gives  71kPa  and  55kPa 
at  the  springline  for  the  bonded  and  unbonded  conditions,  and  40kPa  and  56kPa  at  the 
culvert  crown.  These  values  are  larger  than  those  obtained  from  analyses,  particularly 
at  the  springline. 
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No  measured  shear  stress  data  are  available  for  the  distribution  of  shear  stress  around 
the  culvert.  As  with  the  radial  stress,  shear  stress  data  have  been  calculated  using  the 
method  after  Bums  and  Richard  to  permit  some  corroboration  of  the  analyses. 
The  distribution  of  shear  stress  around  the  culvert,  calculated  from  analyses  are  shown 
in  Fig  8.8.  As  can  be  seen  the  maximum  construction  and  combined  construction  and 
live  load  shear  stress  is  located  at  the  plinths.  This  behaviour  has  arisen  because  in 
analyses  no  movement  between  the  culvert  and  plinths,  was  allowed  to  occur.  As  a 
result  this  tangentially  stiff  area  will  result  in  a  concentration  of  shear  stress  as  shown. 
In  the  field  some  movement  between  the  culvert  and  plinths  may  have  occurred  as  the 
plinths  are  not  set  rigidly  against  the  culvert.  Consequently,  finite  element  analyses  may 
be  overestimating  the  magnitude  of  shear  stress  in  this  region.  However,  in  the  absence 
of  measured  shear  stress  data  no  firm  conclusions  can  be  drawn.  Application  of  the  live 
load  has  caused  a  reduction  in  the  shear  stress  at  the  plinths  from  approximately  55kPa 
to  30kPa,  a  reduction  of  25kPa.  The  shear  stress  between  the  culvert  invert  and  plinth 
is  only  slightly  reduced  on  application  of  the  live  load. 
Between  the  springline  and  the  140  degree  position  application  of  the  live  load  has 
caused  an  increase  in  magnitude  and  change  in  sign  of  the  shear  stress.  This  has  arisen 
due  to  the  change  in  the  deformation  response  of  the  culvert  in  this  region.  The  shear 
stress  over  the  crown  region  of  the  culvert,  (140-180  degrees)  is  increased  in  magnitude 
and  of  the  same  sign.  This  has  occurred  due  to  the  increased  vertical  deformation  of 
the  culvert  crown.  This  response  is  unchanged  from  the  construction  procedure. 
The  maximum  construction  shear  stress  r,,  is  typically  assumed  to  occur  at  the  culvert 
quarter-point  (120  degrees)  (Bums  and  Richard,  1964).  Using  their  method  gives  a 
maximum  shear  stress  of  ±8kPa.  Additionally,  the  shear  stress  induced  by  the  live  load 
is  approximately  ±65kPa.  In  both  cases  the  fully  bonded  condition  was  assumed. 
The  method  of,  Burns  and  Richard  does  not  incorporate  the  effect  of  the  plinths. 
Therefore  an  estimate  of  the  maximum  construction  shear  stress  which  is  induced  at  the 
plinths  is  not  possible  using  this  method.  However,  the  construction  shear  stresses 
estimated  by  the  two  methods  at  the  quarter-points  are  in  reasonable  agreement.  Live 
load  shear  stress  estimated  by  Bums  and  Richard  overestimates  that  obtained  from 
analyses. 
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The  displacement  histories  of  the  culvert  crown  and  springline,  from  the  start  of  the 
construction  sequence  through  to  the  application  of  the  live  load,  are  shown  in  Fig  8.9 
and  Fig  8.10.  The  displacement  history  of  the  culvert  invert  is  also  shown  in  Fig  8.9. 
Measured  culvert  displacement  data  are  only  available  for  the  vertical  displacement  of 
the  culvert  crown.  At  the  current  applied  load  level,  160kN/m  or  300kN,  a  vertical 
crown  deflection  of  -0.8cm  was  observed  in  the  field.  Note  the  sign  convention  being 
used  for  displacements:  any  displacements  causing  a  reduction  in  the  radial  dimension 
of  the  culvert  are  negative.  The  original  culvert  shape,  i.  e.  original  crown  and 
springline  levels,  is  the  zero  or  the  undeformed  position.  The  stages  of  construction 
history  shown  in  Fig  8.9  and  Fig  8.10  are:  stages  3  and  4  correspond  to  placement  of 
the  fill  up  to  the  culvert  springline.  Stages  5,6  and  7  correspond  to  placement  of 
backfill  just  above  the  culvert  quarter-points.  Construction  stage  8  corresponds  to 
placement  of  the  backfill  level  with  the  culvert  crown  and  stage  9  corresponds  to 
placement  of  the  backfill  above  the  culvert  crown  to  the  required  fill  height.  Stage  10 
coincides  with  the  application  of  the  live  load. 
Placement  of  backfill  layers  around  the  base  of  the  culvert  and  plinths,  construction 
stages  3  and  4,  has  caused  a  small  inward  (negative)  deflection  of  the  culvert  crown  of  - 
2cm  and  an  outward  deflection  of  the  culvert  springline  of  0.02cm.  This  pattern  of 
behaviour  has  arisen  because  placement  of  the  backfill  and  subsequent  compaction  has 
caused  the  culvert  base  and  plinths  to  rotate  clockwise,  pulling  the  culvert  crown 
downwards  and  pushing  the  sides  outwards.  Placement  of  the  first  layer  of  backfill 
above  the  culvert  springline  (stage  5)  has  arrested  the  downward  crown  movement  and 
reversed  the  direction  of  movement  at  the  springline.  Placement  and  compaction  of 
subsequent  layers  of  backfill  up  to  the  quarter-point  level  further  pushes  the  culvert 
sides  inwards  which  in  turn  forces  the  culvert  crown  to  rise  upwards  or  'peale. 
Continued  construction  above  the  culvert  quarter-points  and  subsequently  above  the 
culvert  crown  reverses  this  behaviour  and  the  crown  is  pushed  downwards  under  the 
imposed  compacting  pressures  and  increasing  weight  of  backfill,  which  in  turn  forces 
the  side  walls  to  push  outwards.  This  deformation  behaviour,  provided  deformations 
are  small,  has  been  found  to  be  desirable  as  it  tends  to  "pre-stress"  the  culvert  crown 
and  makes  it  less  susceptible  to  buckling  particularly  under  low  cover  conditions 
(Duncan,  1979  and  Richards,  1982). 
Application  of  the  live  load  above  the  culvert  crown  further  pushes  the  culvert  crown 
downwards,  forcing  the  culvert  sides  outwards.  In  this  case  the  final  culvert  crown 
position  is  beneath  its  original  zero,  undeformed  position. 
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field  a  crown  displacement  of  -0.8cm.  was  observed. 
No  measured  data  for  the  springline  displacements  are  available,  however  for 
corroboration  of  data  finite  element  displacements  are  compared  with  springline 
displacements  estimated  from  the  method  of  Bums  and  Richard  (1964)  and  the  IOWA 
deflection  formula  (Spangler,  1941).  Finite  element  analysis  estimated  the  live  load 
springline  displacement  equal  to  1.1  cm. 
Using  the  method  of  Bums  and  Richard  gave  springline  displacements  of  4.5cm  and 
6cm  for  the  fully  bonded  and  unbonded  conditions  respectively. 
The  IOWA  deflection  formula,  assuming  a  deflection  tag  factor  of  2  (Spangler  and 
Hardy,  1982)  and  a  modulus  of  soil  reaction  OR  of  55kPa  (Howard,  1977  and  Spangler 
and  Hardy,  1982)  gave  a  live  load  springline  displacement  of  approximately  I  cm. 
As  can  be  seen  the  IOWA  defection  formula  produces  a  result  similar  to  that  obtained 
from  the  finite  element  analysis.  However,  the  parameters,  DL  (deflection  lag  factor) 
and  OR  (modulus  of  soil  reaction)  are  ambiguous  parameters:  as  a  result  the  accuracy  of 
this  method  is  questionable. 
8.3.3.6  Discussion 
In  summary  the  initial  set  of  parameters  has  provided  a  reasonable  first  estimate  of  the 
observed  culvert  behaviour.  However,  as  noted  previously  some  differences  and 
discrepancies  between  the  measured  and  predicted  responses  still  remain.  These 
differences  will  be  examined  in  the  parametric  studies  described  in  the  following 
section. 
From  the  results  of  the  initial  analysis  it  is  evident  that  predominantly  all  of  the  applied 
load  is  sustained  by  the  top  region  of  the  culvert,  180  2:  0  2:  90  degrees.  Consequently, 
the  parametric  studies  and  subsequent  analyses  will  primarily  concentrate  on  this  region 
of  the  culvert. 
It  is  evident  from  comparison  with  the  observed  data  and  limited  comparison  with 
alternative,  but  proven  methods  of  analysis,  that  the  developed  numerical  model  has 
reproduced  the  essential  elements  of  the  culvert  behaviour.  However,  this  statement 
will  be  further  investigated  in  the  following  sections. 
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8.3.4.1. Introduction 
In  this  section  parameter  studies  have  been  performed  to  identify  the  influence  and 
effects  of  the  soil  model  material  parameters  on  the  finite  element  solution.  Measured 
data  are  available  for  the  culvert  live  load  thrusts,  bending  moments  and  crown 
displacement,  the  parametric  study  has  therefore  tended  to  concentrate  on  the  effect  of 
model  parameter  variation  on  these  measured  quantities.  The  results  of  the  analysis 
described  in  the  previous  section  form  the  'base-line'  for  the  parametric  study.  Model 
parameters,  except  the  drained  shear  strength,  c'f  and  the  unit  weight  of  the  backfill,  yf, 
were  varied  in  turn.  The  compaction  pressure,  although  not  a  model  material  parameter 
was  also  included  in  the  parametric  studies.  The  presence  of  the  no-fines  concrete 
plinths  on  the  culvert  behaviour  is  also  investigated.  The  parametric  studies  are 
presented  in  the  following  section  (8.3.4.2).  Full  results  and  details  of  the  finite  element 
parametric  studies  for  this  case  study  are  presented  in  Tables  8.6-8.9.  Tables  8.6-8.9 
include  both  the  construction  and  live  load  behaviour. 
Using  the  results  of  the  parametric  studies  the  selected  model  parameters  have  been  re- 
evaluated  and  justifiable  improvements,  based  on  published  empirical  and  experimental 
data,  have  been  made.  Using  this  diagnostic  approach  a  framework  of  parameter 
selection  for  similar  loading  situations  is  described  (section  8.3.4.3.  ).  The  results  of  the 
optimum  finite  element  solution  are  also  compared  with  the  alternative  methods  of 
analysis  described  in  chapter  7. 
8.3.4.2.  Variation  of  the  backfill  modulus, 
The  order  in  which  each  of  the  soil  model  parameters  is  considered  in  this  study  follows 
the  order  in  which  they  are  entered  into  CRISP  (Ef,  Vf,  c'f,  ý'f  and  xv'f). 
Variation  of  the  backfill  Young's  modulus  did  not  have  a  significant  effect  on  the 
construction  thrust  behaviour,  Table  8.6,  analyses  MA5-MA9.  As  can  be  seen  an 
increase  in  Ff  from  20NPa  to  70NVa  has  resulted  only  in  an  increase  in  the 
construction  thrusts  of  2-3kN/m.  A  similar  magnitude  of  increase  was  observed  for  the 
radial  and  shear  stresses,  Table  8.8,  induced  over  the  top  region  (180-190  degrees)  of 
the  culvert.  A  larger  increase  of  approximately  I  OkPa  in  the  construction  induced  radial 
and  shear  stress  was  observed  at  the  no-fines  concrete  plinths.  The  increase  in 
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2kN/m. 
The  effect  of  the  variation  of  the  backfill  modulus,  Ff  on  the  culvert  live  load  behaviour 
is  shown  in  Figs  8.13-8.17  in  terms  of  the  culvert  quantities,  thrust,  bending  moment, 
radial  and  shear  stress,  and  displacements  (crown  and  springline). 
Consider  first  the  displacement  response  of  the  culvert  under  the  varying  backfill 
modulus  Ff. 
As  can  be  seen  from  Fig  8.17  monotonic  variation  of  the  backfill  Young's  modulus,  E,  f 
results  in  a  non-monotonic  displacement  response  (crown  and  springline).  The  crown 
displacement  response  in  the  range  of  3  5NTa:  5  Of  :5  70NTa  is  approximately  similar 
to  that  inferred  from  the  analytical  method  after  Bums  and  Richard  (1964).  In  the 
range  of  Of  <3  5Wa  the  computed  finite  element  behaviour  is  very  different  and 
displays  a  decrease  in  the  crown  displacement.  The  crown  displacement  computed 
using  the  Burns  and  Richard  methods  gives  -4.1  cm,  a  continued  increase. 
In  the  range  of  50NTa:  50f:!  ý70N[Pa  the  computed  finite  element  crown 
displacements  are  larger  than  those  computed  using  the  analytical  method  after  Bums 
and  Richard.  For  E'f  <5  ONTa  approximately  the  computed  finite  element  crown 
displacements  are  less  than  those  computed  using  the  analytical  method.  This  suggests 
a  decrease  in  the  rate  at  which  the  culvert  crown  live  load  displacements  are  generated. 
A  similar  form  of  behaviour  is  observed  for  the  culvert  springline  displacements,  Fig 
8.17(b). 
The  computed  displacement  behaviour  between,  35NTa:  5E'f:  57ONTa  was  as 
expected  from  classical  solutions  (Spangler,  1941  and  Bums  and  Richard,  1964) 
however  the  behaviour  resulting  for  Of  <3  5NTa  was  surprising.  Explanation  of  this 
behaviour  can  be  obtained  from  consideration  and  comparison  of  the  culvert 
deformation  response  through  construction  and  application  of  the  live  load  for  backfill 
moduli  70NTa  and  I  ONTa. 
Experimental  studies  performed  by  Shmulevich  et  al.  (1986)  to  determine  the  soil 
stress  distribution  around  buried  flexible  metal  pipes,  found  that  the  horizontal  to 
vertical  load  ratio,  CH  at  the  sides  of  the  culvert  was  a  function  of  the  pipe-soil  stiffness 
ratio,  SR,  Fig  8.18.  From  Fig  8.18  it  is  evident  that  increasing  the  backfill.  stiffness  will 
increase  the  horizontal  to  vertical  load  ratio,  CH  and  consequently  increase  the 
horizontal  force  on  the  sides  of  the  pipe.  This  behaviour  is  reflected  in  the  finite 
element  studies  investigating  the  variation  of  Ff.  Consider  the  behaviour  resulting  from 
placement  and  loading  of  a  backfill  of  Ff-70NTa. 
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the  higher  magnitude  of  mobilised  horizontal  force,  FH  (Shmulevich  et  al.,  1986) 
associated  with  a  high  stiffness  fill,  cause  the  culvert  sides  to  be  pushed  inwards  and  the 
crown  forced  upwards  more  than  is  induced  when  a  low  stiffness  fill  is  placed.  This 
behaviour  is  reflected  in  Table  8.9  (analyses  MA5,  MA8  and  MA9). 
On  application  of  the  live  load  the  increase  in  the  crown  and  springline  displacement  is 
larger  than  that  anticipated  from  consideration  of  classical  solution  methods.  Finite 
element  analysis  computed  a  culvert  crown  to  springline  displacement  ratio  of 
approximately  6,  however  a  displacement  ratio  of  1.1  was  obtained  using  the  method  of 
Bums  and  Richard  and  additionally  a  ratio  of  4.5  was  obtained  using  Bums  and  Richard 
to  compute  the  crown  displacement  but  using  the  Iowa  deflection  formula  to  compute 
the  springline  deflection.  Both  methods,  Bums  and  Richard  and  the  Iowa  deflection 
formula  make  no  allowance  for  the  presence  of  the  no-fines  concrete  plinths,  which  will 
to  some  extent  (see  later)  restrict  the  lateral  movement  of  the  culvert,  forcing  the 
displacement  ratio  to  be  higher.  The  live  load  displacement  ratio  is  plotted  against  the 
backfill  modulus  and  is  shown  in  Fig  8.17(c),  for  comparison  the  combined  construction 
and  live  load  displacement  ratios  are  also  shown.  As  can  be  seen  the  two  behaviours, 
are  very  different,  however  both  curves  display  a  marked  decrease  in  the  slope  at  low 
backfill  moduli  owing  to  the  decrease  in  the  rate  of  culvert  displacement.  This 
slowdown  in  the  displacement  ratio  may  be  attributed  to  the  end  of  construction 
position  of  the  culvert  crown  in  relation  to  the  initial  undeformed  culvert  position. 
Observations  by  Spangler  and  Hardy  (1982)  determined  that  continued  deflection  of 
the  culvert  past  its  initial  undeformed  position  will  eventually  cause  the  culvert  crown  to 
flatten,  with  curvature  approaching  zero.  Further  deflection  beyond  this  position  will 
cause  the  curvature  of  the  culvert  crown  to  reverse,  becoming  concave  upwards.  When 
this  occurs  the  side  of  the  culvert  will  pull  inward  which  will  gradually  eliminate  the  soil 
support  of  the  culvert  sides. 
Flattening  of  the  culvert  crown  will  result  in  a  decrease  towards  zero  of  the  culvert 
crown  bending  moment  but  an  increase  in  the  quarter-point  bending  moment,  as  it  is  at 
this  position  that  the  culvert  crown  is  bending.  This  behaviour  is  exhibited  by  the  finite 
element  live  load  bending  moments  at  Ef=10MPa,  Fig  8.14.  Therefore,  as  the  culvert 
flattens  there  is  a  decrease  in  the  rate  of  increase  of  the  culvert  crown  deflection 
(further  deflection  will  be  resisted  at  the  quarter-points)  and  subsequently  a  decrease  in 
the  springline  movement.  The  reduction  in  springline  movements  will  be  further 
exaggerated  due  to  the  presence  of  the  no-fines  concrete  plinths. 
The  flattening  behaviour  of  the  crown  is  further  described  by  the  radial  and  shear 
stresses  at  the  culvert  crown,  Figs  8.15  and  8.16.  As  can  be  seen  both  quantities  show 
a  decrease  at  low  backfill  stiffness.  The  decrease  in  the  radial  and  shear  stress  is  due  to 
281 the  culvert  starting  to  pull  away  from  the  soil.  This  decrease  is  also  evident  at  the 
culvert  sides,  where  due  to  the  culvert  starting  to  pull  away  from  the  surrounding 
backfill  the  lateral  support  is  diminishing.  Without  the  necessary  backfill  support  the 
culvert  cannot  carry  any  further  load  through  ring  compression,  hence  the  marked 
decrease  in  thrust  in  the  culvert,  Fig  8.13. 
It  is  evident  from  the  above  discussion  that  the  backfill  should  be  of  a  high  quality  and 
stiffness  to  provide  the  necessary  lateral  restraint  to  the  culvert  and  consequently  enable 
the  culvert  to  sustain  high  ring  compression  forces,  but  also  maintain  the  displacements 
within  reasonable  safe  limits.  This  study  has  demonstrated  that  allowing  the  culvert 
crown  to  displace  beneath  its  original  undeformed  position  (through  embedment  in  a 
low  stiffness  fill)  can  lead  to  the  development  of  a  potentially  dangerous  culvert 
displacement  mechanism.  To  avoid  this  problem  note  needs  to  be  taken  of  the  culvert 
displacement  during  construction  and  subsequent  placement  of  any  live  loads.  Ideally, 
'Y  what  is  required  is  a  large,  positive  displacement  ratio  (A  )  (where  y  and  x  are  the 
AX 
crown  and  springline  displacement  respectively)  for  the  combined  construction  and  live 
loads  displacement  as  described  in  Fig  8.17(c).  Similarly,  the  live  load  displacement 
ratio  arising  due  to  application  of  the  live  load  should  be  of  a  high  magnitude,  typically 
AY 
<  -8  (negative  because  of  the  assumed  displacement  convention;  inward 
AX 
displacement  is  negative).  However,  these  displacement  ratios  are  also  likely  to  be 
functions  of  the  compaction  effort  employed  during  placement  of  the  backfill  which  will 
influence  the  magnitude  of  construction  displacement  ratios  (Duncan,  1979;  Richards, 
1982  and  Spangler  and  Hardy,  1982).  The  influence  of  the  compaction  pressure  is 
considered  in  section  8.3.4.6. 
Experimental  studies  performed  on  metal  pipes  embedded  in  non-cohesive  backfill 
material  (Jeyapalen  and  Abdel-Magid,  1984  and  Jeyapalan  and  Bolden,  1986) 
determined  that  the  magnitude  of  the  pipe  displacement  ratio,  ratio  of  pipe  crown  and 
springline  displacement,  varied  inversely  with  the  pipe-soil  stifffiess  factor,  SK,  Fig  8.19 
The  pipe-soil  stiffness  factor  is  defined  by  relation  (8.4). 
SK  :  -' 
Eplp 
(8.4) 
R3pMf 
where  Ep  and  Ip  are  Young's  modulus  and  the  second  moment  of  area  per  metre  length 
of  the  pipe  wall material:  Rp  is  the  radius  of  the  pipe  and  Mf  is  the  constrained  modulus 
of  the  backfill  material  and  is  given  by  relation  (8.7).  The  constrained  modulus  Mf  is 
directly  proportional  to  the  soil  stiffness,  E,  f. 
282 Re-plotting  Fig  8.17(c),  live  load  behaviour  only,  in  terms  of  the  magnitude  of  the  pipe 
displacement  ratio  against  the  pipe-soil  stiffness  ratio,  Fig  8.20,  reveals  a  similar  trend 
of  behaviour  to  that  observed  by  Jeyapalan  and  Boldon  (1986).  The  radius  Rp  was 
assumed  to  be  equal  to  the  radius  of  the  top  section,  crown  to  quarter-points,  of  the 
culvert. 
Comparison  of  the  live  load  springline  ring  compression  strains,  er  plotted  against  the 
pipe-soil  stiffness  ratio  obtained  from  experimental  studies  (Jeyapalan  and  Abdel- 
Magid,  1984  and  Jeyapalan  and  Boldon,  1986)  and  finite  element  analysis  also  displays 
a  similar  trend  in  behaviour,  Fig  8.21.  Finite  element  ring  compression  strains  erfe  were 
converted  from  computed  thrusts  using  relation  (8.5),  assuming  a  Young's  modulus  of 
205GPa  for  the  steel  culvert,  Ec* 
= 
NAý 
(8.5) 
Ec 
where  N  is  the  computed  live  load  culvert  thrust  and  Ac  is  the  culvert  cross-sectional 
area  per  unit  length  of  culvert. 
The  comparisons  with  published  work  demonstrate  that  the  results  obtained  from  the 
developed  finite  element  soil  model  are  consistent  with  experimental  observations. 
For  comparison  the  springline  live  load  thrusts  were  calculated  from  simple  equilibrium 
theory  and  Duncan's  design  method  (Duncan,  1979).  Simple  equilibrium  theory  gave  a 
live  load  thrust  of  40kN/rn  and  Duncan's  method  (independent  of  soil  stiffness)  gave  a 
live  load  of  44kN/m,  using  the  live  load  factor,  Kp3  data  relating  to  the  application  of 
the  live  load  abov&  the  culvert  crown.  Using  a  live  load  factor  Kp3  as  recommended  by 
Duncan  (1979),  Kp3ý1.0  for  a  cover  depth  to  span  ratio  of  less  than  0.25  based  on  the 
live  load  applied  at  the  culvert  quarter  point,  gives  a  live  load  thrust  of  8OkN/m.  Within 
the  range  of  values  of  the  backfill  Young's  modulus  used  in  this  parametric  study  the 
finite  element  computed  springline  live  load  thrusts  are  always  smaller.  This  suggests 
that  positive  arching  is  occurring  across  the  full  width  of  the  culvert.  Duncan!  s  method 
(Duncan,  1979)  assumes  that  negative  arching  ivill  occur  across  culverts  under  shallow 
cover  conditions.  However  finite  element  predictions  of  arching  behaviour  are 
consistent  with  the  experimental  observations  reported  by  Beal  (1982)  for  flexible,  low 
span  metal  culverts  under  shallow  cover  conditions. 
The  trend  of  finite  element  computed  live  load  springline  thrusts  in  Fig  8.13  suggests 
that  increasing  the  backfill  modulus  beyond  70NVa  will  further  increase  the  live  load 
thrust  towards  that  computed  previously  using  simple  equilibrium  theory. 
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The  effect  of  the  variation  of  the  backfill  Poisson's  ratio  on  the  culvert  live  load 
behaviour  is  shown  in  Figs  8.22-8.26.  The  influence  on  construction  induced  effects  is 
presented  in  Table  8.6-8.9,  analyses  MAI  and  MAI  4-MAI  8. 
Except  for  culvert  displacements,  variation  of  Poisson's  ratio  does  not  have  as 
significant  influence  on  the  construction  behaviour  as  the  live  load  behaviour. 
As  can  be  seen  from  Table  8.6,  construction  thrusts  at  the  culvert  crown  tend  to 
decrease  with  increasing  Poisson's  ratio,  however  between  the  culvert  quarter-points 
and  springline  the  construction  thrust  increases  with  increasing  Poisson's  ratio.  This 
trend  is less  evident  at  the  springline,  where  the  thrust  behaviour  is  quite  erratic.  A 
combination  of  the  low  cover  height  and  inclusion  of  the  no-fines  concrete  plinths  may 
account  for  this  behaviour.  Construction  thrusts  at  the  culvert  invert  increase  by  some 
50-6OkN/m  for  an  increase  in  Poisson's  ratio  from  0.0  to  0.4.  This  increase  in 
construction  thrust  experienced  at  the  culvert  invert  is  due  to  the  greater  inward 
movement  of  the  culvert  sides  during  construction  forcing  the  culvert  crown  and  invert 
outwards  (inducing  the  shape  of  an  oval). 
As  noted  previously  the  thrust  induced  at  the  culvert  springline  calculated  from  simple 
equilibrium  theory  is  approximately  85kN/m.  Using  nng  compression  theory  gives  a 
springline  thrust  of  approximately  45kN/m,  however  this  theory  does  not  take  into 
account  the  weight  of  the  backfill  at  the  culvert  sides.  Finite  element  computed 
springline  thrusts  are  in  the  range  of  80-9OkN/m  suggesting  that  a  condition  of  neutral 
arching  has  developed,  compared  to  thrust  determined  from  equilibrium  theory. 
Comparison  with  thrusts  determined  from  ring  compression  theory  (White  and  Layer, 
1960)  suggests  that  a  condition  of  negative  arching  has  developed  and  the  culvert  is 
carrying  loads  in  excess  of  the  weight  of  backfill  above  it.  Duncarfs  design  method, 
which  assumes  that  negative  arching  will  develop,  estimates  the  construction  thrust  at 
the  culvert  springline  equal  to  126kN/m,  some  35-45kN/m  greater  than  that  obtained 
from  the  finite  element  analyses. 
The  main  effect  of  varying  Poisson's  ratio  of  the  backfill  material  is  evident  from 
relation  (8.6)  from  which  the  initial  in  situ  horizontal  stress  are  estimated. 
O-hi  ""ý 
(-,  11 
TIf 
) 
ali  (8.6) 
284 where  cTh  and  av,  are  the  in  situ  horizontal  and  vertical  stress;  is  equal  to  Ko 
the  coefficient  of  earth  pressure  at  rest. 
It  is  evident  from  relation  (8.6)  that  decreasing  v,  f  towards  zero  reduces  the  in  situ 
horizontal  stress  to  zero.  I-Egh  in  situ  horizontal  stress  can  be  obtained  by  using 
vlf-0.4.  Using  progressively  lower  values  of  Poissods  ratio  therefore  gradually 
eliminates  the  horizontal  contact  stresses  which  also  provide  some  restraint  to  the 
movement  of  the  soil  mass  between  soil  particles  and  consequently  removes  the  arching 
support  within  the  soil  mass. 
Applying  this  to  the  culvert  problem  for  Vf-0.0,  initial  in  situ  horizontal  stresses  within 
the  soil  mass  are  zero.  Horizontal  stresses  induced  by  the  compaction  process  are  small 
and  offer  little  restraint  between  adjacent  soil  particles.  Consequently,  the  soil  mass  is 
unrestricted  from  bearing  directly  down  onto  the  culvert,  hence  the  observed  increase  in 
crown  thrusts  at  the  expense  of  the  springline  thrust  as  Poissods  ratio  is  reduced 
towards  zero,  Table  8.6.  Additionally,  the  lateral  restraint  offered  by  the  soil  at  the 
sides  of  the  culvert  for  low  values  of  Vf  will  be  lower.  Conversely,  for  high  Poisson!  s 
ratio  fills,  high  pressures  will  exist  within  the  soil  providing  large  scale  arching  support. 
Therefore,  the  full  weight  of  the  soil  mass  is  prevented  from  bearing  directly  onto  the 
culvert  by  this  arching  action.  In  this  situation  positive  arching  would  be  expected  to 
occur  at  the  culvert  springline.  This  behaviour  is  natruly  reflected  in  the  results  for 
Case  A. 
Variation  of  the  backfill  Poissods  ratio  had  a  significant  influence  on  the  computed  live 
load  thrusts,  Fig  8.22.  'As  can  be  seen  the  live  load  thrust  varies  inversely  with  Poison!  s 
ratio,  a  decrease  in  Poisson!  s  ratio  from  0.3  to  0.0  increases  the  live  load  thrust  on  the 
culvert  approximately  by  a  factor  of  ten.  The  live  load  thrusts  for  Vf-0.3  and  0.4  are 
approximately  equal.  The  decrease  in  arching  support  within  the  soil  is  evident  as 
Poisson's  ratio  tends  towards  zero  and  the  culvert  springline  line  thrust  (which  tends  to 
80kN/m)  in  approximately  equal  to  that  implied  from  simple  equilibrium  theory. 
Duncan's  design  method  (Duncan's,  1979)  gives  a  maximum  live  load  thrust  of 
approximately  90kN/m,  at  the  culvert  springline.  This  is  approximately  equal  to  the 
springline  thrust  determined  from  finite  element  analysis  for  a  Poissods  ratio  of  0.0. 
The  presence  of  high  overlying  stresses  within  the  soil  at  Vf-0.3  and  0.4  has  transferred 
much  of  the  applied  load  away  from  the  culvert.  This  behaviour  is  evident  from  the 
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Poisson!  s  ratio,  Figs 8.23-8.24.  Both  the  radial  and  shear  stress  display  a  behaviour 
similar  to  that  of  the  live  load  thrusts,  increasing  live  load  radial  and  shear  stress  with 
decreasing  Poisson's  ratio,  induced  due  to  the  removal  of  the  arching  support  within  the 
soil  causing  the  soil  to  bear  directly  onto  the  culvert  subsequently  increasing  the  radial 
stress  around  the  culvert.  The  increase  in  shear  stress  follows  from  the  increased 
settlement  of  the  soil  around  the  culvert,  at  low  values  of  Vf.  At  higher  values  of  Vf  the 
development  of  arching  support  sustains  the  soil  and  prevents  it  from  bearing  directly 
onto  the  culvert,  which  results  in  low  radial  and  shear  stresses  around  the  culvert. 
Using  relation  (7.1)  (Allgood  and  Takahashi,  1964)  the  degree  of  arching  A,  occurring 
above  the  culvert  crown  can  be  obtained.  Using  the  computed  crown  radial  stress  the 
variation  of  the  degree  of  arching  occumng  at  the  culvert  crown  following  variation  of 
Poissods  ratio  can  be  computed,  Fig  8.27.  The  degree  of  arching  is  shown  for  both  the 
end  of  construction  and  after  application  of  the  live  load.  As  can  be  seen  from  Fig  8.27 
at  the  end  of  construction  negative  arching  is  occurring  at  low  values  of  Poissods  ratio 
but  the  degree  of  negative  arching  is  decreasing  with  increasing  Poisson's  ratio.  At 
Poisson's  ratio  of  Vf-0.4  approximate  neutral  arching  is  occurring.  On  application  of 
the  live  load  the  behaviour  is  very  different  and  positive  arching  is  occurring.  As  can  be 
seen  the  degree  of  positive  arching  is  increasing  with  increasing  value  of  Poissods  ratio. 
This  arching  behaviour  is  similar  to  that  observed  by  Beal  (1982)  from  field  tests  on 
long-span,  shallow  cover,  flexible  culverts  for  the  behaviour  following  construction  and 
after  application  of  a  live  load. 
The  effect  of  variation  of  Poisson's  ratio  on  the  culvert  crown  and  springline 
displacements  is  evident  from  Fig  8.25.  At  high  values  of  Poisson's  ratio, 
0.3:!  g  Vf  :50.4,  high  lateral  soil  pressures  are  induced  at  the  culvert  sides  which  during 
the  construction  process  push  the  culvert  sides  inwards,  forcing  the  culvert  crown 
upwards  by  approximately  -0.17cm  and  1.3cm.  respectively.  Further  placement  of  fill 
around  and  above  the  culvert  crown  recovers  only  approximately  0.3cm  of  the  initial 
crown  rise  and  0.06cm.  of  the  initial  inward  movement  of  the  culvert  springline.  In  this 
case  application  of  the  live  load  does  not  significantly  alter  or  affect  the  magnitude  or 
sign  of  the  culvert  crown  and  springline  displacements.  As  a  result  live  load  bending 
moments  around  the  culvert.  Fig  8.26  are  small.  This  is  due  to  the  presence  of  high  soil 
pressures  at  the  culvert  sides,  supporting  the  culvert. 
For  low  values  of  Poisson's  ratio  (0.0::  ý  Vf  :!  ý  0.1)  the  situation  is  reversed.  Placement 
of  fill  around  the  culvert  during  the  construction  procedure  results  in  small  inward 
movement  of  the  culvert  springline  and  consequently  a  small  rise  in  the  culvert  crown, 
286 Figs  8.25(a)  and  8.25(b).  Placement  of  fill  above  culvert  crown  recovers  this  small  rise 
and  at  the  end  of  construction  the  culvert  has  displaced  some  -0.5cm  beneath  its 
original  undeformed  position.  The  magnitude  of  horizontal  soil  pressure  at  the  culvert 
sides  is  insufficient  to  support  the  culvert  sides  without  large  lateral  displacement 
occurring.  The  end  of  construction  springline  displacement  is  approximately  0.35cm. 
Application  of  the  live  load  significantly  increases  the  culvert  crown  and  springline 
displacement,  Figs  8.25(a)  and  8.25(b).  Again  the  springline  must  displace  significantly 
in  order  to  mobilise  sufficient  lateral  restraint  to  support  the  culvert.  In  this  case,  due 
to  the  large  scale  culvert  displacement,  the  live  load  bending  moments  Fig  8.6  around 
the  top  region  of  the  culvert  (18  0<0::  ý  90  degrees)  are  large,  maximum  of  -I  I  kNni/m 
at  the  culvert  crown.  Bending  moments  at  the  culvert  quarter-points  indicate  a  change 
of  sign  and  hogging  moments  (positive  moments)  are  occurring. 
Duncan!  s  design  method  (Duncan,  1979)  estimates  a  maximum  construction  bending 
moment  of  approximately  4.5kNm/m.  The  maximum  construction  bending  moment 
obtained  from  the  finite  element  analysis  was  6.5kNni/m  for  a  v,  f-0.4.  The  maximum 
construction  bending  moment  has  arisen  at  this  value  of  Poissods  ratio  because  of  the 
large  magnitude  of  construction  displacements  at  the  culvert  crown  and  springline 
combining  to  induced  a  large  positive  moment  at  the  culvert  crown. 
The  maximum  live  load  induced  bending  moment  determined  from  finite  element 
analysis,  is  approximately  -1  IkNni/m  obtained  for  a  Vf-0.0.  Dunc&s  method  gives  a 
live  load  bending  moment  of  approximately  13kNnVm  using  the  smallest  value  of  RL 
available  given  the  limit  of  flexibility  numbers,  N,  f  in  Fig  7.13. 
Ideally,  a  Poisson!  s  ratio  of  Vf  ý!  0.3  for  the  backfill  makes  most  efficient  use  of  the 
flexible  culvert  soil  interaction  as  the  backfill  material  is  the  main  load  carrying  structure 
and  the  culvert  serves  as  a  liner  or reinforcement  to  maintain  the  shape  of  the  hole.  To 
achieve  this  level  of  efficiency  between  the  culvert  and  soil  will  require  a  high  quality, 
highly  compacted  backfill.  However  in  practice  the  high  quality  required  to  achieve  this 
level  of  efficiency  cannot  be  guaranteed  owing  primarily  to  the  uncertainty  of  the 
construction  process  and  Poisson's  ratio  is  known  to  vary  extensively  within  the  backfill 
(Dalton  and  Hawkins,  1982  and  Britto  and  Gunn.  1989). 
From  the  results  of  this  study,  Poisson's  ratio  equal  to  0.0  gave  the  most  adverse  culvert 
behaviour.  A  value  of  Vf-0.0  in  relation  (8.6)  implies  a  stress  ratio  (:;  'h/cr'V=0.0  (or 
KO=0.0).  Clearly,  this  is  unrealistic  and  use  of  Vf-0.0  cannot  be  justified.  Back 
analyses,  performed  by  Seed  and  Duncan  (1986),  of  compaction  induced  lateral  stress 
adjacent  to  a  flexible  metal  retaining  wall  determined  that  for  a  granular  backfill  (clean 
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data  reported  by  Mayne  and  Kulhawy  (1982)  for  sands  and  gravels  are  of  the  range 
0.3  6:  ý  K,,  :ý0.5  giving  a  range  of  Poisson's  ratio  of  0.26:  ý  Vf  :50.333.  In  view  of  this 
use  of  Vf<  0.2  for  a  compacted  granular  material  is  unrealistic  and  not  consistent  with 
experimental  observations. 
Duncan's  design  method  (Duncan,  1979)  gives  results  similar  to  those  obtained  from 
the  finite*  element  analysis  assuming  a  Vf-0.0.  Duncans  method  is  independent  of 
Poisson's  ratio.  In  this  method  negative  arching  is  assumed  to  occur:  as  a  result  high 
thrusts  are  estimated. 
8.3.4.4  Variation  of  the  angle  of  internal  friction,  ý'f 
The  effect  of  varying  the  angle  of  internal  friction  is  to  alter  the  shearing  resistance  of 
the  backfill  material.  A  direct  relationship  exists  between  the  angle  of  internal  friction 
and  the  shearing  resistance  of  the  backfill,  such  that  the  larger  the  angle  ý'f  the  higher  is 
the  shearing  resistance  of  the  backfill  material. 
During  construction  the  backfill  material  is  being  continuously  worked  (sheared)  by  the 
construction  compaction  stresses  to  force  the  soil  particles  to  arrange  themselves  into  a 
tight  matrix  around  the  culvert.  To  achieve  this  the  compaction  pressures  must  be  of 
sufficient  magnitude  to  overcome  the  shearing  resistance  of  the  soil  and  consequently 
force  the  soil  particles  to  move  around  each  other  to  form  a  tight,  interacting  structure. 
The  effect  of  driving  the  soil  particles  together  is  to  increase  the  contact  stresses 
between  the  soil  particles  which  on  a  global  scale  will  increase  the  lateral  stress 
throughout  the  soil  mass.  The  effect  of  these  lateral  stresses  on  the  side  of  the  culvert 
during  construction  is  to  induce  an  active  pressure  on  the  culvert  sides  which  in  effect  is 
a  retaining  structure. 
As  can  be  seen  from  Fig  8.28(a)  and  (b),  for  a  low  frictional  fill  (ý'=20  degrees)  the 
forced  inward  and  upward  movement  of  the  culvert  springline  and  crown  is  larger  than 
that  induced  during  the  placement  of  a  high  frictional  fill.  The  reason  for  this  behaviour 
is  evident  from  Fig  2.2  as  a  high  ý'  fill  has  a  higher  ratio  Of  (!  'vICY'h  (or  I/Ko)  than  a  low 
ý'fill.  Consequently  high  ý'fills  can  sustain  higher  stress  before  shearing  will  occur. 
As  can  be  seen  from  the  construction  induced  radial  stresses,  Table  8.8  (analyses 
MAIO-MA13)  at  the  culvert  crown  and  construction  thrusts  at  the  culvert  springline,  at 
the  end  of  construction  the  condition  of  negative  arching  has  developed  across  the 
culvert.  At  the  end  of  construction  the  culvert  crown  radial  stress,  crrr  will  be 
approximately  equal  to  the  vertical  stress,  ayy  or  overburden  pressure,  crrr=cryy. 
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end  of  construction  radial  stress  is  approximately  21kPa,  some  6kPa  larger  than  the 
overburden  pressure,  implying  negative  arching  has  developed.  Additionally,  as  noted 
previously  the  thrust  at  the  springline,  assuming  neutral  arching,  estimated  from  simple 
equilibrium  theory  is  85kN/m,  finite  element  analysis  for  low  frictional  fills  (ý'f-20 
degrees)  calculated  a  springline  thrust  of  92kN/m,  Table  8.6.  These  differences  in 
radial  stress  and  thrust  imply  a  condition  of  negative  arching  has  developed  for  the  low 
frictional  fill.  This  condition  has  arisen  because  placement  of  the  backfill  above  the 
culvert  crown  has  not  significantly  recovered  the  initial  upward  movement  of  the 
culvert.  The  change  in  crown  displacement  between  placement  of  the  first  and  last  layer 
of  fill  above  the  crown  is  approximately  -0.01cm,  Table  8.9.  This  magnitude  of 
displacement  is  not  sufficient  to  cause  yielding  within  the  soil  above  the  crown  and  has 
consequently  induced  a  condition  of  positive  arching.  The  crown  displacement  induced 
by  the  live  load  is  large  enough  to  cause  shearing  of  the  soil  immediately  above  the 
culvert  crown,  inferred  from  the  low  live  load  radial  and  shear  stresses  over  the  crown 
(Figs  8.29-8.30),  and  consequently  mobilised  a  condition  of  positive  arching  across  the 
full  width  of  the  culvert.  The  live  load  thrust  at  the  culvert  springline,  Fig  8.3  1,  for  this 
condition  is  considerably  lower  than  that  implied  from  equilibrium  theory  of  40kN/m. 
Live  load  culvert  displacements  for  the  low  frictional  fills,  (ý'f-20  degrees)  are  lower 
than  those  arising  from  the  high  frictional  fill  (ý'f-45  degrees).  This  has  arisen  because 
of  the  lower  compacted  state  of  the  backfill  associated  with  the  high  frictional  fills,  and 
the  culvert  will  displace  under  the  increasing  live  load  mobilising  sufficient  lateral 
restraint  at  the  culvert  sides  to  support  the  culvert.  The  large  displacements  of  the 
culvert  crown  and  springline  associated  with  the  high  frictional  fills  have  resulted  in 
significantly  increased  bending  moments  at  the  culvert  crown,  Fig  8.32. 
At  the  culvert  crown  the  radial  stress  is  approximately  equal  to  the  vertical  stress  in  the 
soil  assuming  a  condition  of  neutral  arching  is  occurring.  Using  Boussinesq's  elastic 
theory  relation  (8.8)  the  live  load  vertical  stress,  ayy  is  approximately  75kPa. 
CTrr  =  Cr  L  2Q 
(8.8) 
;  rH 
where  Q  is  the  applied  line  load  per  metre  length  and  H  is  the  depth  of  cover  above  the 
culvert  crown. 
Finite  element  analyses  for  ý'f-45  degrees  computed  live  load  radial  stress  at  the  crown 
of  appro3ýirnately  60kPa,  some  l5kPa  less  than  that  calculated  from  elastic  theory, 
suggesting  that  some  positive  arching  is  still  occurring  above  the  culvert  crown. 
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construction  conditions  the  low  friction  fill,  Vf-20  degrees  has  produced  the  most 
efficient  system,  such  that  the  backfill  material  and  not  the  culvert  is  carrying  the  load. 
The  results  also  suggest  that  use  of  too  high  a  backfill  frictional  resistance  may  not  be 
advantageous.  Additionally  the  results  demonstrate  that  some  upward  movement  of  the 
culvert  crown  of  2-3cm,  due  to  the  forced  inward  movement  of  the  culvert  during 
construction  may  be  beneficial  to  the  overall  performance  (through  the  development  of 
positive  arching)  and  efficiency  of  the  flexible  culvert  system.  However,  a  ý'f  of  20 
degrees  is  very  low  for  a  granular  fill.  Data  reported  by  Mayne  and  Kulhawy  give  ý'f 
for  sands  and  gravels  of  30-50  degrees.  In  view  of  this  recommendation  of  ý'f-20 
degrees  for  a  granular  fill  is  unrealistic,  reflecting  only  numerical  convenience  (value 
which  gives  the  best  numerical  solution)  rather  than  the  physical  properties  of  granular 
material. 
8.3.4.5  Variation  of  the  angle  of  Dilation,  W'f. 
The  shearing  of  a  granular  material  can  be  illustrated  by  soil  particles  sliding  over  one 
another  on  planes  inclined  at  an  angle  to  the  horizontal  equal  to  the  angle  of  dilatancy, 
xpf,  Fig  8.33.  This  shearing  process  is  associated  with  yielding  or  failure  of  granular 
soils,  dilatancy  therefore  describes  the  ratio  of  plastic  strain  increments  Jef  1,66,  P  (where 
&,  P  and  8ef  are  increments  of  plastic  volumetric  and  plastic  shear  strain  respectively 
for  situations  of  plane  strain).  In  analyses  the  angle  of  dilatancy  is  used  to  define  the 
direction  and  magnitude  of  plastic  strain  increment  vectors,  Fig  8.34.  For  a  soil  model 
incorporating  an  associated  flow  rule  the  angle  of  dilatancy  is  equal  to  the  angle  of 
friction  ý'.  The  Mohr-Coulomb  soil  model  used  throughout  the  flexible  culvert  analyses 
employs  a  non-associated  flow  rule  and  therefore  requires  a  description  of  the  plastic 
strain  increment  ratio  Jef  /  (5.  -,  P  to  define  plastic  strain  vectors. 
On  placement  of  the  backfill  material  the  material  is  in  a  loose  state.  Subsequent 
compaction  results  in  a  decrease  in  volume  of  the  material  (contraction)  as  the  soil 
particles  are  forced  together  and  the  material  is  converted  to  a  dense  state.  It  is  this 
process  which  is  being  modelled  in  the  finite  element  analyses  and  the  angle  of  dilation 
input  is  negative  to  represent  this  contractant  behaviour  during  compaction.  The  angle 
of  dilation  remains  constant  throughout  the  analysis.  In  hindsight  this  approach  is  not 
entirely  reasonable.  The  magnitude  of  compaction  pressure  used  (25kPa<CP<125kPa) 
which  for  a  granular  fill  is  low,  produced  construction  induced  stress  states  which  were 
typically  entirely  elastic.  On  application  of  the  live  load  some  local  yielding  above  the 
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more  accurately  modelled  had  positive  values  of  dilatancy  been  input  to  represent 
shearing  of  a  compressed  material.  However,  for  completeness  the  results  of  the 
dilatancy  study  have  been  included  here. 
In  this  study  the  angle  of  dilation,  xV,  f  has  been  varied  between  -20  degrees  (highly 
contractant,  material)  and  0.0  degrees,  which  represents  shearing  at  zero  plastic  volume 
change,  geP=O.  The  effect  of  variation  of  the  angle  of  dilation  on  the  culvert  behaviour 
is  shown  in  Figs  8.3  5  -8.3  8. 
Construction  induced  thrusts  around  the  culvert,  especially  at  the  culvert  invert,  are 
larger  for  the  highly  contractant  backfill  (xV,  f--20  degrees)  than  for  non-dilatant  fill 
(xpf-0.0  degrees),  Table  8.6  analyses  MA27  and  MA28.  The  difference  however  is 
small.  In  each  case  the  construction  crown  radial  stress  and  springline  thrusts  indicate 
that  a  condition  of  negative  arching  exists  at  the  end  of  construction.  Computed  crown 
radial  stresses  are  20  and  l6kPa  for  xV,  f--20  and  0.0  degrees  respectively.  The 
overburden  pressure  at  the  culvert  crown  (yH)  is  approximately  l5kPa.  Additionally, 
simple  equilibrium  theory  gives  a  springline  thrust  of  approximately  85kPa.  Analyses 
for  xV-f--20  degrees  and  W,  f-0.0  degrees  gave  springline  thrusts  of  93kN/m  and  9lkN/rn 
respectively.  In  each  case  the  computed  quantities  are  larger  indicating  the  condition  of 
negative  arching.  The  magnitudes  of  construction  thrusts  and  degree  of  negative 
arching  are  larger  for  the  contractant  fill.  Compaction  of  a  contractant  fill  results  in  a 
decrease  in  volume  &,  P=-ve,  arising  due  to  soil  particles  being  pressed  tightly  together. 
This  process  causes  an  increase  in  the  angle  of  friction  and  consequently  a  decrease  in 
the  earth  pressure  coefficient  Ko,  Fig  2.2,  which  also  implies  a  decrease  in  the 
horizontal  stress  generally  within  the  soil.  However,  adjacent  to  culvert  the  contractant. 
behaviour  is  causing  the  backfill  to  locally  press  up  against  the  culvert  inducing  higher 
thrusts  and  generating  larger  crown  displacement.  As  was  seen  previously  for  the 
variation  of  parameters,  E'f  and  Vf,  large  scale  upward  movement  of  the  culvert  crown 
is  associated  with  the  development  of  negative  arching.  As  a  result  of  the  larger 
construction  displacements  induced  by  the  more  contractant  fill,  larger  construction 
bending  moments  are  induced  around  the  culvert. 
On  application  of  the  live  load  the  culvert  behaviour  is  reversed.  For  the  dilatant  fill  the 
thrust  has  not  been  significantly  increased  and  comparison  of  crown  radial  stress  and 
springline  thrusts  with  equivalent  qualities  determined  from  equilibrium  theory, 
arr=74kPa  and  NLL=80kN/m,  indicates  that  a  condition  of  positive  arching  has 
developed  with  the  backfill.  Application  of  the  live  load  has  significantly  increased  the 
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increased,  however  the  magnitude  of  crown  radial  stress  indicates  the  development  of 
some  positive  arching  within  the  backfill.  Live  load  displacements  for  the  non-dilatant 
fill,  Fig  8.38  are  increased  and  significantly  larger  than  that  arising  for  the  highly 
contractant  fill.  This  behaviour  has  arisen  because  with  the  highly  contractant 
behaviour  (increased  ý'  giving  a  lower  Ko  and  a  higher  value  of  Kp)  during  construction 
high  lateral  soil  pressures  supporting  the  culvert  were  mobilised.  However,  for  the  non- 
dilatant  fill  these  forces  are  lower  and  subsequently  the  culvert  needs  to  displace  more 
to  mobilise  the  necessary  backfill  support. 
The  results  indicate,  as  was  noted  previously,  that  to  obtain  an  efficient  soil-culvert 
system  the  backfill  should  be  compacted  to  a  high  standard,  which  as  described  within 
the  results  for  xV,  f=-20  degrees,  causes  the  backfill  material  to  be  the  main  load  carrying 
structure  and  not  the  culvert  as  was  seen  for  the  non-dilatant  fill. 
8.3.4.6  Variation  of  the  compaction  pressure 
Compaction  of  the  backfill  is  necessary  to  provide  a  stiff,  tightly  compact  material 
surrounding  the  culvert  which  will  sustain  the  anticipated  loads  safely.  In  practice 
selection  of  a  suitable  magnitude  of  compaction  pressure  depends  primarily  on  the 
backfill  material  such  that  the  selected  magnitude  of  compaction  pressure  is  not 
sufficiently  large  to  cause  yielding  or  failure  of  the  backfill  or  culvert,  but  also  must  be 
large  enough  to  adequately  compact  the  backfill  material  to  render  it  capable  of 
supporting  any  applied  loads.  In  this  case  the  actual  magnitude  of  compaction  pressure 
is  unknown.  '.  An  initial  estimate  of  25kPa  has  been  selected,  however  it  is  recognised 
that  this  pressure  loading  is  small  and  does  not  necessarily  reflect  that  typically  used  in 
practice.  Although  compaction  pressure  is  not  a  material  parameter  it  is  an  essential 
part  of  the  soil-culvert  interaction  problem.  Therefore  to  determine  its  influence  on  the 
culvert  behaviour  and  possibly  obtain  a  more  accurate  magnitude,  variation  of  the 
compaction  pressure  from  25kPa  to  150kPa  has  been  included  in  this  study.  The  effect 
of  variation  of  the  compaction  pressure  on  the  culvert  behaviour  is  shown  in  Figs  8.39- 
8.43. 
As  can  be  seen  from  Table  8.6,  the  construction  thrusts  vary  directly  with  the  increasing 
compaction  pressure.  From  the  range  of  compaction  pressures  studied  greatest 
increase  in  the  construction  thrust  is  observed  at  the  culvert  invert  and  at  the  no-fines 
concrete  plinths.  Increasing  the  compaction  pressure  from  25kPa  to  150kPa  increased 
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This  behaviour  has  arisen  because  with  increasing  compaction  pressure  the  culvert  sides 
are  pushed  further  inwards  forcing  the  culvert  invert  and  crown  to  push  outwards, 
making  the  shape  of  the  culvert  more  oval.  The  larger  displacements  Table  8.9 
associated  with  the  high  compaction  pressures  account  for  the  higher  construction 
induced  bending  moments.  For  a  compaction  pressure  of  150kPa  a  maximum  bending 
moment  of  l6kNm/m  was  obtained  at  the  culvert  crown,  Table  8.7. 
Construction  radial  stresses  display  a  behaviour  similar  to  the  thrusts.  From  simple 
equilibrium  theory,  assuming  a  condition  of  neutral  arching,  a  radial  stress  at  the  culvert 
crown  of  l4kPa  was  calculated.  As  can  be  seen  from  Table  8.8  computed  construction 
radial  stresses  increase  away  from  l4kPa  with  increasing  compaction  pressure, 
indicating  the  development  of  negative  arching  above  the  culvert  crown.  At  low 
compaction  pressures,  CP=25kPa,  the  radial  stress  at  the  crown  is  l4kPa,  increasing  the 
compaction  pressure  to  CP=  15  OkPa  increases  the  crown  radial  stress  to  26kPa 
. 
Construction  shear  stress,  like  radial  stress,  increases  with  increasing  compaction 
pressure. 
For  compaction  pressures,  25  -. 5  CP  <  90kPa,  application  of  the  live  load  causes  an 
increase  in  the  live  load  thrust  around  the  culvert,  Fig  8.39.  The  increase  in  live  load 
thrust  between  90kPa  and  150kPa  is  very  much  smaller,  maximum  approximately 
2kN/m.  This  behaviour  is  also  observed  in  the  live  load  bending  moments  and  radial 
and  shear  stresses,  Figs  8.40-8.42.  Comparison  of  culvert  crown  live  load  radial 
stresses  and  springline  live  load  thrust  with  similar  quantities  calculated  from  simple 
equilibrium  theory  indicates  that  a  condition  of  positive  arching  has  developed.  This  is 
common  to  all  compaction  pressures  studied. 
Live  load  crown  displacements  are  not  significantly  influenced  by  the  magnitude  of 
construction  pressure,  Fig  8.43.  However,  the  overall  magnitude,  under  construction 
and  live  load  combined,  increases  with  increasing  compaction  pressure.  This  follows  as 
the  construction  induced  displacements  are  significantly  influenced  by  the  magnitude  of 
compaction  pressure.  A  similar  behaviour  is  observed  for  the  computed  springline 
displacements. 
The  effect  of  varying  the  magnitude  of  the  compaction  pressure  was  not  as  significant 
as  initially  anticipated.  Perhaps  the  most  significant  effect  is  the  shape  of  the  post- 
construction  culvert.  Low  compaction  pressures  do  not  exert  significant  lateral  soil 
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different  from  the  initial  undeformed  shape.  However,  typically  the  culvert  crown  will 
have  displaced  beneath  the  original  crown  level.  Increasing  the  compaction  pressure 
renders  the  culvert  more  oval.  Further  increasing  the  compaction  pressure  further 
exaggerates  this  oval  shape. 
As  noted  previously  this  'prestresses'  the  culvert  crown  region  to  further  loading. 
Additionally  significant  upward  movement  can  significantly  benefit  the  development  of 
positive  arching  across  the  culvert. 
8.3.4.6  Effect  of  no-fines  concrete  plinths 
The  effect  of  the  no-fines  concrete  plinths  on  the  culvert  behaviour  was  investigated  by 
replacing  the  plinths  by  an  equivalent  area  of  backfill.  In  the  field  the  no-fines  concrete 
plinths  were  included  in  the  design  to  reduce  the  bearing  pressure  at  the  comer  joint  of 
the  culvert,  where  bearing  pressures  were  expected  to  be  high.  The  results  of  this  study 
are  presented  in  Figs 8.44-8.49.  These  results  are  compared  with  the  results  of  the 
initial  study  presented  previously  in  Figs  8.5-8.10. 
As  can  be  seen  from  Fig  8.44,  the  magnitude  and  distribution  of  the  construction  thrusts 
around  the  culvert  are  not  significantly  affected  by  omission  of  the  plinths,  except  over 
the  invert  region  (0.0  :50:  5  40  degrees),  however  even  here  the  difference  is  small.  A 
similar  pattern  of  behaviour  is  observed  for  the  construction  bending  moments,  Fig 
8.45,  however  over  the  invert  region  the  bending  moment  is  of  different  sign  indicating 
a  differing  displacement  behaviour  when  the  plinths,  are  omitted. 
The  most  evident  influence  of  omission  of  the  plinths  is  on  the  construction  radial  and 
shear  stress  distributions  between  the  culvert  invert  and  springline  (0.0:!  ý  0:  5  90 
degrees),  Figs  8.46-8.47.  The  construction  radial  stress  distributions  between  the 
culvert  springline  and  crown  (90:  5  0:  -ý  180  degrees)  for  the  two  cases,  with  and 
without  plinths  are  approximately  equal.  The  occurrence  of  the  maximum  radial  stress 
is  still  at  0=70  degrees,  location  of  the  plinths,  however  omission  of  the  plinths  has 
reduced  the  magnitude  of  this  maximum  to  approximately  45kPa  from  lOOkPa  with 
plinths.  The  occurrence  of  negative  radial  stress  at  0=40  degrees  (indicating  tension  in 
the  backfill)  is  eliminated  when  the  plinths  are  omitted.  For  the  same  case  the  radial 
stress  over  the  base  of  the  invert  (0.0:  5  0:  5  20  degrees)  are  small,  maximum  5kPa.  A 
similar  form  of  behaviour  is  observed  for  the  shear  stress  distribution  around  the  culvert 
for  the  two  plinth  conditions.  However,  in  this  case  for  the  condition  of  no  plinths  the 
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The  location  of  this  maximum  is  still  at  0=70  degrees.  The  change  in  sign  of  the  shear 
stress  in  this  region  for  the  no  plinths  condition  indicates  that  the  backfill  in  this  region 
is  trying  to  push  the  culvert  upwards 
The  magnitudes  of  construction  crown  and  springline  displacements  (construction 
stages  1-9)  are  significantly  larger  for  the  case  of  no  plinths  Fig 8.48  and  Fig  8.49.  It  is 
evident  from  this  that  the  plinths  are  restricting  the  construction  induced  lateral 
displacements  and  subsequently  restricting  the  movement  of  the  culvert  crown. 
Omission  of  the  plinths  has  not  resulted  in  any  significant  change  in  the  live  load  thrust 
nor  live  load  radial  shear  stress  distributions  (Figs  8.44,8.46  and  8.37  and  Figs  8.5,8.7 
and  8.8).  Culvert  live  load  displacements  are  approximately  the  same  at  the  crown  for 
both  plinth  conditions.  The  live  load  springline  displacements  are  also  similar,  however 
as  anticipated  the  springline  displacement  is  larger  for  the  no  plinths  condition.  The 
difference  however  is  small. 
Examination  of  the  culvert  springline  thrust  and  the  culvert  crown  radial  stresses  at  the 
end  of  construction  and  after  application  of  the  live  load  for  both  plinth  conditions 
indicate  that  the  developed  arching  conditions,  negative  arching  at  the  end  of 
construction  and  positive  arching  after  application  of  the  live  load,  remain  unchanged. 
As  can  be  seen  from  the  results  no  adverse  condition  has  arisen  from  exclusion  of  the 
plinths,  e.  g.  reversal  of  arching  action.  It  has  been  shown  that  the  radial  and  shear 
stresses  imposed  on  the  culvert  are  reduced  if  the  plinths  are  omitted.  Therefore  for  the 
height  of  fill  considered,  the  plinths  may  not  be  beneficial  to  the  culvert  behaviour. 
8.3.4.7  Discussion 
Soil  model  material  parameters  have  been  varied  and  their  influence  on  the  culvert 
behaviour  has  been  identified.  Additional  factors  (not  material  parameters)  such  as  the 
compaction  pressure  and  effect  of  inclusion  of  the  no-fines  concrete  plinths  on  the 
culvert  behaviour  have  also  been  investigated. 
From  the  study  it  was  found  that  each  of  the  material  parameters  varied  had  an 
influence  on  the  culvert  behaviour,  however  the  degree  of  significance  of  each 
parameter  on  the  culvert  behaviour  varied.  Poisson!  s  ratio  of  the  backfill  material  was 
found  to  be  the  most  significant  material  parameter  on  the  culvert  behaviour,  as  even 
small  changes  in  the  magnitude  of  Poissods  ratio  were  significant.  For  example  a 
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moments  by  a  factor  of  ten.  The  sensitivity  of  the  culvert  behaviour  to  even  small 
changes  in  Poisson's  ratio  of  the  backfill  significantly  outweighed  the  influence  on  the 
culvert  behaviour  following  variation  of  the  remaining  material  parameters. 
Parameters,  angle  of  internal  friction,  ý',  f,  and  the  angle  of  dilation,  V,  f,  were  also 
found  to  have  significant  effect  on  the  culvert  behaviour,  however  their  influence  on  the 
computed  solution  was  not  as  significant  as  Poissoes  ratio.  Nevertheless,  a  change  of 
ý'f-5  degrees  (increasing  ý'f  from  35  degree  to  40  degrees)  was  found  to  increase  the 
live  load  thrust  by  approximately  a  factor  of  2.  A  similar  result  was  observed  for  an 
increase  in  xV,  f  from  -5  degrees  to  0.0  degrees. 
In  this  study  the  initial  value  of  Young's  modulus  of  the  back  ill  was  obtain'  d  indirectly  f]  e 
from  plate  loading  tests  performed  on  the  backfill  material  immediately  after 
construction.  Typically,  values  of  the  angle  of  internal  friction  ý'f,  and  angle  of  dilation, 
W,  f  of  a  granular  backfill  can  be  reasonably  well  estimated  using  the  conventional  shear 
box  test.  Given  the  sensitivity  of  the  culvert  behaviour  to  changes  in  Poissods  ratio  of 
the  backfill,  which  in  practice  is  typically  estimated  from  past  experience  of  similar 
material,  the  accuracy  with  which  these  tests  can  estimate  the  required  material 
parameters  may  be  sufficient  and  more  complex  and  costly  testing  procedures  may  not 
be  necessary. 
From  the  parametric  study  performed  and  comparison  of  the  results  with  estimate  of  the 
culvert  behaviour  using  simple  equilibrium  theory  it  was  found  that  typically  negative 
arching  occurred  at  the  end  of  construction.  The  amount  of  this  may  be  directly 
proportional  to  the  magnitude  of  the  culvert  displacements  (crown  and  springline) 
occurring  at  the  end  of  construction.  Positive  arching  developed  on  application  of  the 
live  load.  The  degree  of  the  positive  arching  above  the  culvert  was  found  to  depend  on 
the  magnitude  of  the  live  load  culvert  displacements,  such  that  the  smaller  the  crown 
displacement  the  larger  the  degree  of  arching.  It  has  been  shown  previously  that  the 
magnitudes  of  displacements  arising  at  either  the  end  of  construction  or  after 
application  of  the  live  load  are  a  function  of  the  magnitude  of  the  lateral  soil  pressures 
induced  within  the  backfill.  The  greater  the  lateral  soil  pressures  induced  during 
construction  the  larger  are  the  culvert  displacements.  Conversely,  live  load 
displacements  are  smaller  the  greater  the  magnitude  of  the  soil  lateral  pressures. 
Therefore,  it  follows  that  the  degree  and  sign  of  arching  (negative  or  positive)  is  also  a 
function  of  the  magnitude  of  the  lateral  soil  pressures  present  within  the  backfill. 
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on  the  culvert  behaviour,  particularly  the  culvert  construction  displacements.  However, 
the  significance  of  the  compaction  pressure  was  overshadowed  by  the  sensitivity  of  the 
culvert  behaviour  to  variation  of  the  backfill  value  of  Poisson's  ratio. 
The  influence  of  the  no-fines  concrete  plinths  on  the  culvert  behaviour  was  also 
investigated.  -  It  was  found  that  the  plinths  were  of  no  significant  use  to  the  culvert 
behaviour.  Therefore,  for  this  culvert  cover  depth  the  benefit  of  inclusion  of  such  a 
structure  within  a  culvert  design  is  questionable. 
A  review  of  the  results  of  the  parametric  studies  with  the  observed  data  indicates  that 
the  initial  finite  element  prediction  can  be  suitably  improved  by  increasing  the 
compaction  to  I  OOkPa  or  alternatively  by  simply  further  reducing  the  value  of  Poisson's 
ratio  to  either  0.0  or  0.1.  These  low  values  of  Poissods  ratio  are  considered  to  be 
unrealistic.  A  review  of  compaction  pressures  used  in  similar  flexible  culvert  studies 
does  suggest  that  the  initial  estimate  of  25kPa  is  low  and  a  compaction  pressure  of  the 
order  of  100kPa  is  more  realistic.  A  compaction  pressure  of  this  magnitude  was  found 
to  give  a  good  comparison  with  the  observed  behaviour,  however  the  observed  thrust  at 
the  culvert  crown  is  still  significantly  overestimated. 
The  computed  culvert  crown  displacements  after  application  of  the  live  load  for  this 
magnitude  of  compaction  pressure  are  slightly  larger,  -0.87cm  compared  to  a  value  of  - 
0.8cm,  obtained  for  a  compaction  pressure  of  25kPa.  The  measured  crown 
displacement  in  the  field  was  approximately  -0.8cm.  As  can  be  seen  the  difference  is 
very  small  and  further  demonstrates  that  the  magnitude  of  compaction  pressure  used 
during  construction  does  not  have  a  significant  effect  on  the  live  load  behaviour. 
The  observed  magnitude  of  live  load  thrust  at  the  culvert  crown  was  only  reproduced 
for  a  backfill  value  of  friction  ý'f-20  degrees,  however  the  thrusts  at  the  remaining 
positions  around  the  culvert  were  poorly  reproduced.  Additionally,  the  culvert  bending 
moments  and  displacements  for  this  analysis  were  also  significantly  underestimated.  As 
mentioned  previously,  a  ý'f-20degrees  is  not  considered  to  be  reasonable  nor 
representative  of  granular  backfills  used  in  practice.  In  practice  granular  backfills 
typically  have  ý'f-40-45  degrees. 
The  live  load  bending  moments  are  more  accurately  reproduced  for  values  of  ý'f  equal 
to  40  or  45  degrees.  However,  for  these  values  the  live  load  thrust  and  live  load  crown 
displacements  are  significantly  overestimated.  For  example  the  live  load  thrust  at  the 
culvert  crown  for  ý'f-40  degrees  is  overestimated  by  approximately  a  factor  of  8.  The 
maximum  live  load  thrust  is  overestimated  by  a  factor  of  1.5.  Live  load  crown 
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obtained  for  ý'f=40  and  45  degrees  was  obtained  by  increasing  xV,  f  towards  0. 
From  comparison  with  the  observed  data  it  was  considered  that  the  initial  parameter'set 
selected  previously  was  sufficient  to  describe  the  foundation  soil  provided  the 
compaction  pressure  was  increased  to  IOOkPa  analysis  (MA3).  Unfortunately  this 
increase  in  compaction  pressure  cannot  be  corroborated  due  to  the  absence  of 
construction  data.  A  further  check  on  the  suitability  of  the  selected  material  parameters 
can  be  made  by  plotting  the  computed  culvert  live  load  crown  thrusts  and  crown 
displacement  against  increasing  applied  live  load  and  comparing  the  resulting  profiles 
with  those  observed,  Fig  8.50.  Computed  results  are  for  a  compaction  pressure  of 
lOOkPa  (analysis  MA3).  As  can  be  seen  from  Fig  8.50(a)  computed  and  observed 
crown  thrusts  are  in  reasonable  agreement  up  to  an  applied  live  load  of  approximately 
200kN.  At  applied  live  loads  greater  than  200kN  predicted  thrusts  are  overpredicting 
those  by  as  much  as  3-4  times.  This  suggests  that  for  applied  loads  greater  than 
200kPa,  analysis  are  underestimating  the  degree  of  positive  arching  occurring  within  the 
backfill  and  therefore  inaccurately  modelling  the  redistribution  of  stress  within  the 
culvert.  - 
Computed  and  observed  displacement  responses  over  the  range  of  available  data  are  in 
reasonable  agreement,  Fig  8.50(b).  This  suggests  that  the  developed  method  is  more 
accurate  at  predicting  culvert  crown  displacements  than  thrusts. 
Throughout  the  parametric  study  use  was  made  of  Dunces  design  method  (Duncan, 
1979)  to  check  the  finite  element  results.  During  the  course  of  these  comparisons  it 
was  found  that  Duncan's  method  provided  a  good  estimate  of  the  culvert  behaviour. 
Culvert  thrusts  however  were  typically  overestimated  but  culvert  bending  moments, 
particularly  live  load  moments  were  reasonably  well  reproduced.  This  is  similar  to  the 
findings  of  Duncan  (1979)  and  Beal  (1982),  however  Beal  (1982)  found  that  the  culvert 
bending  moments  were  not  well predicted  using  Duncan!  s  method. 
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8.4.1  Introduction 
This  part  of  the  load  test  was  performed  when  the  depth  of  cover  to  the  culvert  crown 
was  increased  to  1.2m.  As  in  case  A,  the  backfill  material  like  consisted  of  crushed 
sandstone.  A  full  description  of  this  part  of  the  trial  loading  is  given  in  section  8.2.  As 
with  the  previous  load  test  the  trial  loading  was  performed  up  to  a  maximum  trailer  load 
of455kN. 
In  this  study  analyses  have  been  performed  using  the  maximum  trailer  load  of  455kN, 
which  for  the  given  depth  of  cover  depth  the  culvert  crown  is  equivalent  to  a  live  load 
of  l60kN/m. 
Analyses  have  been  performed  using  the  basic  finite  element  mesh  developed  for  case 
A,  however  for  this  study  the  height  of  elements  above  the  culvert  crown  was  increased 
to  give  a  total  height  of  1.2m  to  model  the  required  cover  depth.  The  finite  element 
mesh  is  shown  in  Fig  8.5  1. 
The  study  for  this  load  test  has  been  performed  in  a  similar  way  to  that  for  case  A, 
where  the  same  initial  parameter  set  was  used  but  a  compaction  pressure  of  I  OOkPa  has 
been  used  to  provide  andnitial  first  estimate  of  the  observed  live  load  behaviour.  The 
results  of  this  initial  analysis  are  presented  in  section  8.4.1.  Available  measured  data  for 
this  load  test  are  only  available  for  the  maximum  applied  live  loading  of  455k.  N. 
Parametric  studies  have  also  been  performed  to  assess  the  influence  of  each  of  the 
material  parameters  on  the  culvert  behaviour  at  this  fill  depth.  As  with  case  A  the 
effects  of  the  compaction  pressure  and  no-fines  concrete  plinths,  at  this  cover  depth 
have  also  been  included.  The  results  of  these  studies  are  briefly  described  in  section 
8.4.3. 
8.4.2  Initial  analysis 
The  initial  backfill  and  culvert  material  parameters  are  unchanged  from  those  used 
previously  to  describe  the  culvert  and  backfill  in  case  A.  In  this  case  however  the 
compaction  pressure  is  100kPa.  The  results  of  this  analysis  are  presented  in  Figs  8.52- 
57.  The  main  results  of  this  analysis  are  also  shown  in  Table  8.11,  analysis  N133/MY4.. 
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The  distribution  of  thrust  around  the  culvert  is  of  similar  form  to  that  described 
previously  in  case  A.  The  magnitudes  of  construction  thrusts  around  the  culvert  are 
higher  than  in  case  A  due  to  the  greater  height  of  backfill  above  the  culvert  crown. 
However,  construction  thrusts  at  the  culvert  springline  for  cases  A  and  B  are 
approximately  equal.  This  has  arisen  because  for  case  Ba  condition  of  positive  arching 
has  developed  within  the  backfill  transferring  some  of  the  load  away  from  the  culvert. 
From  simple  equilibrium  theory  the  construction  thrust  at  the  springline  is  estimated  at 
II  OkN/m,  which  is  greater  than  that  computed  from  analyses.  For  case  A,  negative 
arching  was  found  to  have  developed. 
Finite  element  analysis  estimated  the  end  of  construction  crown  radial  stress,  crrr  to  be 
equal  to  approximately  40kPa,  some  l5kPa  larger  than  that  estimated  from  equilibrium 
theory.  This  suggests  that  negative  arching  (A=-0.4)  has  developed  in  the  backfill. 
However,  the  springline  thrusts  (see  above)  indicate  positive  arching.  The  high  crown 
pressure,  indicating  negative  arching,  is  thought  to  be  a  local  effect  resulting  from  the 
magnitude  of  the  culvert  stiffness  assumed  in  analyses.  In  analyses  the  culvert  stiffness 
is  assumed  to  be  the  same  in  both  bending  and  ring  compression.  As  a  result,  the 
culvert  as  modelled  is  stiff  in  bending  and  can  therefore  support  high  fill  thicknesses 
above  the  crown.  It  has  been  long  been  recognised  that  in  the  field  culverts  are  weak  in 
bending  but  stiff  in  ring  compression  (Richards,  1982).  As  a  result,  in  situ 
measurements  of  culvert  springline  thrusts  indicate  negative  arching  for  the  structure  as 
a  whole  due  to  their  high  ring  compression  stiffhess  (Selig  et  al.,  1979  and  Richards, 
1982).  Low  crown  pressures,  indicating  the  local  occurrence  of  positive  arching, 
typically  develop  due  to  the  low  bending  stiffness  of  flexible  culverts  which  significantly 
reduces  the  heights  of  backfill  which  can  be  supported  above  the  culvert  crown  (Selig  et 
al.,  1979).  Therefore,  to  improve  the  match  between  the  observed  culvert  behaviour 
(generally)  and  that  computed  some  reduction  of  the  culvert  stiffhess  over  the  crown 
region  may  be  required. 
As  for  case  A  the  maximum  live  load  thrust  was  found  to  occur  at  the  culvert  quarter- 
points.  Using  equilibrium  theory  the  live  load  springline  thrust  and  crown  radial  stress 
are  estimated  to  be  approximately  80kN/m.  and  43kPa  respectfully.  Finite  element 
analysis  determined  the  live  load  springline  thrust  and  crown  radial  stress  to  be  equal  to 
38kN/m.  and  l4kPa.  This  implies  that  a  degree  of  positive  arching  of  approximately 
0.67  has  developed,  This  behaviour  is  similar  to  that  observed  for  loading  case  A. 
Computed  and  observed  live  load  thrusts,  Table  8.11,  do  not  compare  well,  particularly 
over  the  crown  of  the  culvert,  140:!  ý  0:  5  180  degrees.  The  computed  and  observed  live 
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that  the  development  of  positive  arching  in  this  region  has  been  accurately  reproduced 
in  analyses.  Computed  live  load  thrusts  over  the  crown  region  of  the  culvert  suggest 
that  the  degree  of  positive  arching  is  overpredicted  in  analyses. 
Using  Dunc&s  method  of  design  (Duncan,  1979)  gives  a  maximum  live  load  thrust  of 
160kN/m,  calculated  from  Kp3  data  obtained  for  the  load  applied  over  culvert  quarter- 
points.  However  using  Kp3  data  for  the  load  applied  over  the  crown  gives  a  thrust  of 
96kN/m,  which  is  approximately  equal  to  that  observed.  Clearly,  using  Duncads 
method  as  recommended  gives  a  factor  of'safety  of  approximately  1.5-1.7  on  the 
maximum  culvert  live  load  thrust. 
For  comparison  the  live  load  thrust  calculated  from  ring  compression  theory  (White 
and  Layer,  1960)  gives  a  thrust  of  80kN/m,  some  l6kN/m  lower  than  that  observed. 
Additionally,  using  the  method  of  Bums  and  Richard  (1964)  gives  a  live  load  thrust  of 
215kN/m  for  the  condition  of  no  slippage  and  260kN/m  for  the  full  slip  condition.  Live 
load  thrust  estimated  using  the  method  of  Bums  and  Richard  are  significantly  larger 
than  those  computed  in  analyses. 
8.4.2.2  Bending  moment  distributions 
The  distribution  and  magnitude  of  bending  moments  around  the  culvert  are  similar  for 
cases  A  and  B.  For  case  B  the  maximum  construction  bending  moment  occurs  at 
approximately  the  springline,  previously  for  case  A  the  maximum  was  observed  to 
occur  at  the  culvert  crown.  Live  load  bending  moments  for  case  B,  particularly  over 
the  top  region  of  the  culvert,  90 
--5 
0:!  ý  180  degrees,  are  smaller  than  those  computed  for 
case  A.  This  behaviour  has  arisen  because  for  case  B  the  magnitudes  of  culvert 
displacements  are  smaller  than  those  computed  for  case  A  due  to  the  development-  of 
positive  arching  from  the  culvert. 
Computed  and  observed  live  load  bending  moments  are  not  accurately  predicted  for 
140:  5  0:  ý  180  degrees,  but  are  reasonably  well  reproduced  for  90:  5  0:  9  140  degrees. 
In  the  absence  of  measured  construction  data,  the  reason  for  this  is  uncertain 
particularly  as  the  observed  crown  live  load  displacement  (-0.75cm)  is  predicted 
reasonably  well  (-0.7cm).  It  may  be  attributed  to  the  overpredicted  degree  of  positive 
arching  occurring  after  application  of  the  live  load. 
Bending  moments  estimated  using  Duncan!  s  design  method,  of  4kNm1rn  and  9kNm/m, 
underpredict  the  maximum  finite  element  construction  bending  moments  by  a  factor  of 
three  and  overpredict  the  computed  live  bending  moment  also  by  a  factor  of  three.  The 
301 live  load  bending  moment  computed  using  Dunc&s  method  (9kNm/m)  compares  well 
with  that  observed  in  the  field. 
Using  the  Bums  and  Richard's  method  gives  a  maximum  live  load  bending  moment  of 
2.5kNm/m  and  3kNnL/m  for  the  conditions  of  no  slippage  and  full  slippage  respectively. 
8.4.2.3  Radial  stress 
The  distribution  of  radial  stress  around  the  culvert  is  similar  to  that  observed  for  case  A 
with  the  maximum  construction  stress  occurring  at  the  no-fines  concrete  plinths,  0=70 
degrees.  The  free-field  vertical  stress,  cryy  at  the  culvert  crown  for  case  B  is  25kPa. 
The  finite  element  analysis  predicts  a  vertical  stress  at  the  culvert  crown  of  41  kPa  at  the 
end  of  construction,  indicating  negative  arching  is  occurring.  The  magnitude  of 
negative  arching  which  is  occurring  can  be  defined  using  relation  (7.1)  (Allgood  and 
Takahashi,  1964).  Using  relation  (7.1)  gives  a  degree  of  arching  equal  to  -0.64. 
Applying  relation  (7.1)  to  case  A  to  define  the  degree  of  negative  arching  occurring  at 
the  end  of  construction  gives  -0.71.  This  shows  that  the  degree  of  negative  arching  is 
less  for  case  B.  This  follows  as  the  height  of  backfill  for  case  B  is  larger.  In  analyses  a 
degree  of  positive  arching  was  observed  for  both  case  histories,  however  direct 
comparison  of  live  load  effects  is  not  possible  due  to  the  different  magnitudes  of  live 
load  in  each  case. 
No  measured  radial  stress  data  are  available  for  this  trial  loading.  Therefore  the 
accuracy  of  the  model  to  predict  the  stress  distribution  around  the  culvert  cannot  be 
properly  assessed. 
Using  Bums  and  Richard's  method  (Bums  and  Richard,  1964)  to  determine  the  live 
load  radial  stress  at  the  culvert  crown  and  springline,  gives  64kPa  and  90kPa  for  the 
conditions  of  no  slippage  and  full  slippage  respectfully  at  the  crown.  Similarly,  the 
analysis  giving  114kPa  and  92kPa  at  the  springline  for  the  conditions  of  no  slip  and  full 
slip.  These  values  are  significantly  larger  than  those  determined  using  the  finite  element 
analysis. 
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The  distribution  of  radial  stress  around  the  culvert  is  similar  to  that  computed  for  case 
A.  The  magnitudes  of  construction  shear  stresses  due  to  the  greater  height  of  backfill 
bearing  down  on  the  culvert  are  larger  for  case  B  than  case  A.  Maximum  construction 
shear  stress  occurs  at  the  culvert  plinths.  Maximum  live  load  shear  stress  (300a) 
occurs  over  the  top  region  of  the  culvert  at  O=  160  degrees. 
Using  Bums  and  Richard's  method,  to  provide  some  check  on  the  computed  shear 
stress,  gives  a  maximum  shear  stress  of  51  kPa  (condition  of  no  slip). 
8.4.2.5  Culvert  displacements 
The  magnitude  of  computed  crown  live  load  displacements  (-0.8cm)  compares  well 
with  that  observed  (-0.75cm).  Using  the  method  of  Bums  and  Richard  to  determine 
live  load  crown  displacements  gave  -0.8cm  and  -0.91cm  for  the  conditions  of  no  slip 
and  full  slip.  In  this  case  the  computed  values  compare  well  with  those  observed  in  the 
field. 
Computed  live  load  springline  displacements  are  0.22cm.  Using  Bums  and  Richard's 
method  the  springline  displacement  is  0.7cmm  and  0.82cm  for  no  slip  and  full  slip.  The 
IOWA  deflection  formula  (Spangler  and  Hardy,  1982)  gave  a  live  load  springline 
displacement  of  I  cm.  However,  as  noted  previously  in  section  8.3.3.5  for  case  A  this 
method  is  very  sensitive  to  the  chosen  magnitude  of  the  deflection  lag  factor  and 
modulus  of  soil  reaction,  E'R.  Using  a  lower  drag  factor  of  1.25  (as  recommend  for 
design)  gives  a  springline  deflection  of  0.6cm,  which  is  closer  to  that  computed  using 
finite  element  analysis. 
8.4.2.6  Discussion 
From  the  results  of  the  analysis  presented  it  is  evident  that  the  initial  parameter  set  have 
not  provided  a  good  estimate  of  the  observed  behaviour  for  this  load  test.  The  only 
reasonable  predictions,  for  the  live  load  culvert  crown  displacement,  are  overshadowed 
by  the  poor  predictions  of  the  culvert  live  load  thrusts.  Clearly  some  improvement  to 
the  material  parameters  is  required  if  more  accurate  predictions  of  this  load  test  are  to 
be  made.  As  for  case  A  improvements  to  the  material  parameters  are  considered  in  the 
form  of  a  parametric  study  in  the  following  section. 
303 The  most  accurate  predictions  of  the  live  load  thrust  and  bending  moment  were 
obtained  using  Durican's  method.  Estimation  of  these  quantities  using  Bums  and 
Richard's  method  significantly  overestimated,  the  thrusts  and  significantly  under 
estimated  the  bending  moments.  The  reason  for  this  is  thought  to  be  due  to  the 
omission  of  the  construction  procedure  on  culvert  behaviour  in  the  Bums  and  Richard 
method.  Estimates  of  the  crown  displacement  were  made  using  finite  element  analysis 
and  the  analytical  method  of  Bums  and  Richard.  Both  methods  provided  reasonable 
estimates  of  the  observed  behaviour.  The  finite  element  analysis  was  however  the  most 
accurate. 
Comparison  of  the  computed  finite  element,  culvert  crown  radial  stress  with  that 
computed  from  simple  equilibrium  theory,  indicated  that  at  the  end  of  construction 
negative  arching  was  occurring.  However,  comparison  of  springline  thrusts  indicated 
the  occurrence  of  positive  arching.  The  development  of  high  crown  pressures 
suggesting  negative  arching  are  thought  to  be  a  local  effect  resulting  from  inaccurate 
modelling  of  the  culvert  bending  stiffness  over  the  culvert  crown.  After  application  of 
the  live  load  a  state  of  positive  arching  was  found  to  have  developed.  This  behaviour  is 
similar  to  that  found  for  case  A  after  application  of  the  live  load.  However,  at  the  end 
of  construction  springline  thrusts  indicate  negative  arching  for  the  structure  as  a  whole. 
The  degree  of  arching  induced  within  the  soil  will  be  investigated  further  in  the 
parametric  studies. 
8.4.3  Case  B;  parametric  study 
8.4.3.1  Introduction 
The  outline  of  the  parametric  study  is  similar  to  that  performed  for  case  A,  where  each 
of  the  soil  model  material  parameters  is  varied  in  turn  and  their  effect  on  the  behaviour 
of  the  culvert  is  noted.  The  effects  of  the  no-fines  concrete  plinths  and  magnitude  of 
the  compaction  pressure  are  also  included. 
The  parametric  study  follows  the  same  order  as  the  soil  material  parameters  are 
required  by  CRISP.  Assessment  and  subsequent  adjustment  of  the  soil  material 
parameters  is  included  in  the  discussion  presented  in  section  8.4.3.7.  The  main  results 
of  analyses  are  shown  in  Tables  8.12  to  8.16. 
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The  effect  of  varying  the  backfill  Youngýs  modulus  on  the  culvert  behaviour  is  shown  in 
Fig  8.58.  Young's  modulus  of  the  backfill,  Ff  has  been  varied  between  20  and  120kPa. 
As  can  be  seen  from  Fig  8.58(a)  the  construction  thrust  varies  directly  with  the  backfill 
Young's  modulus,  i.  e.  increasing  E'f  increases  the  construction  thrust  however  the 
variation  is  typically  small.  For  case  A  the  construction  thrust  remained  approximately 
constant  through  variation  of  Uf  Variation  of  Ef  has  little  effect  on  the  construction 
induced  thrusts  over  the  culvert  crown  region,  180  ý:  Oý:  140  degrees.  Variation  of  Ff 
becomes  significant  in  the  vicinity  of  the  springline  where  an  increase  in  Ff  to  120wa 
from  20NTa  increases  the  construction  thrust  at  the  springline  by  approximately 
20kN/m.  From  consideration  of  simple  equilibrium  theory,  the  construction  thrust  at 
the  culvert  springline  is  approximately  I  10  kN/m.  For  the  range  of  backfill  Young's 
modulus  studied,  20NPa:!  ý  Of  <-  120NTa,  the  range  of  springline  construction  thrust  is, 
77:  5  Neon  :5  95  kN  /  m.  In  each  case  the  computed  thrust  is  less  than  that  calculated 
using  equilibrium  theory  and  assuming  neutral  arching.  This  implies  that  positive 
arching  is  occurring  at  the  end  of  construction.  As  can  be  seen  from  Fig  8.59(a)  the 
magnitude  of  crown  rise  at  the  end  of  construction  varies  directly  with  the  backfill 
Young's  modulus  up  to  approximately  E'f=80Mpa.  End  of  construction  crown  arising 
at  values  of  E'f>80NIPa  are  approximately  constant.  Inward  movement  of  the  culvert 
springline  at  the  end  of  construction,  Fig  8.59(b)  varies  approximately  directly  with  the 
backfill  modulus  up  to  Ff-80NTa,  beyond  this  the  springline  displacement  is 
approximately  constant. 
The  end  of  construction  culvert  displacement  behaviour  is  not  immediately  obvious 
from  Figs  8.59(a)  and  8.59(b).  As  a  result  the  displacement  histories  at  the  culvert 
crown  and  springline  for  Ef-20NMa  and  120Wa  (analyses  MB8  and  MM6 
respectively)  are  also  shown,  Fig  8.59(c)  and  8.59(d).  As  can  be  seen  from  Fig  8.59(c) 
crown  displacements  up  to  construction  stage  7  are  greater  for  the  low  stiffness  fill 
(E'f=20MTa;  analysis  MIB8).  This  behaviour  has  arisen  because  the  low  Ff  will 
displace  more  (vertically  and  laterally)  under  compaction  loads  therefore  pressing  the 
culvert  inwards.  The  lateral  displacement  of  the  springline  during  construction  is  shown 
in  Fig  8.59(d)  and  as  can  be  seen  the  inward  movement  of  the  springline  is  largest  when 
the  culvert  is  embedded  in  a  low  E'f  backfill.  The  maximum  construction  crown 
displacement  arising  at  construction  stage  7  is  approximately  equal  for  the  both  the  low 
stiffness  and  high  stiffness  backfills.  The  reason  for  this  behaviour  is  the  different 
displacement  responses  of  the  two  backfills  considered.  The  low  stiffness  backfill,  as 
mentioned  previously,  is  displacing  more  around  the  culvert  therefore  inducing  a 
different  culvert  displacement  response.  This  is  most  evident  from  Fig  8.59(d)  between 
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stages  6  and  7  the  springline  displacement  associated  with  the  stiff  backfill  displays  a 
small  increased  inward  movement  of  -0.061cm,  however  springline  displacement 
associated  with  the  low  stiffness  backfill  show  an  outward  displacement  of  0.03cm. 
This  has  arisen  because  the  low  stiffness  fill  is  displacing  more  around  the  culvert  and 
pressing  on  different  areas  of  the  culvert,  giving  the  different  culvert  displacement 
responses.  Following  placement  of  backfill  above  the  culvert  crown  (construction 
stages  7-9),  associated  crown  and  springline  displacements  are  significantly  larger  for 
the  low  stiffness  backfill  than  those  arising  for  the  high  stiffness  backfill.  This  is 
because  under  the  weight  of  the  backfill  above  the  crown  the  low  stiffness  backfill 
cannot  generate  the  necessary  lateral  support  to  sustain  the  outward  movement  of  the 
culvert  springline.  The  higher  stiffness  backfill  can  generate  greater  resistance  to  the 
outward  movement  of  the  culvert  and  consequently  end  of  construction  crown 
displacement  (Fig  8.59(a))  are  of  greater  magnitude  than  those  associated  with  a  low 
stiffness  backfill.  This  argument  also  applies  to  the  end  of  construction  springline 
displacements. 
The  behaviour  described  above  is  similar  to  that  reported  by  Shmulevich  et  al.,  (1986) 
investigating  stress  distributions  around  cylinders  buried  in  sand. 
As  can  be  seen  from  Fig  8.58(b)  the  live  load  thrust  varies  inversely  (except  at  the 
crown)  with  the  backfill  Young's  modulus,  E'f.  The  thrust  behaviour  at  the  culvert 
crown  appears  erratic,  but  increases  with  increasing  E'f  up  to  Ef-80NVa  then 
decreases  to  E'f=120NVa.,  The  reason  for  this  behaviour  is  unclear.  The  inverse 
relationship  displayed  is  very  different  from  that  described  by  case  A,  where  the  live 
load  thrust  was  found  to  vary  approximately  directly  with  the  backfill  Young's  modulus, 
E'f.  The  reason  for  this  difference  in  behaviour  may  be  attributed  to  the  smaller  cover 
depth  to  culvert  span  ratio,  H/S.  For  case  A,  on  application  of  the  live  load  the  low 
cover  depth  is  initiating  failure  of  elements  directly  above  the  culvert  crown,  which  may 
be  exaggerating  the  degree  of  positive  arching.  As  a  result  computed  live  load  thrusts 
at  low  values  of  Ef  are  smaller.  For  case  B  the  variation  of  springline  live  load  thrusts 
decreases  with  increasing  Ff,  indicating  that  the  magnitude  of  positive  arching 
(equilibrium  gives  a  live  load  thrust  at  the  springline  of  80kN/m)  is  increasing  with 
increasing  Ef.  This  is  attributed  to  the  increased  horizontal  force  within  the  backfill 
associated  with  higher  values  of  E'f  (Shmulevich  et  at.,  1986).  The  degree  of  positive 
arching  occurring  locally  above  the  culvert  crown  is  evident  from  consideration  of  the 
live  load  crown  radial  stresses.  Using  relation  (7.1)  this  local  degree  of  arching  is 
shown  in  Fig 8.60(a).  The  degree  of  arching  occurring  locally  above  the  culvert  crown 
at  the  end  of  construction  is  also  shown.  As  can  be  seen  this  local  degree  of  arching  at 
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This  behaviour  is  also  reflected  in  Fig  8.60(b)  showing  end  of  construction  crown  radial 
stress,  arr  with  varying  Ff 
Variation  of  Ff  does  not  have  a  significant  influence  on  either  the  construction  or  the 
live  load  induced  bending  moments,  Fig  8.61.  Over  the  range  of  values  of  Ff  studied 
the  maximum  difference  in  construction  and  live  load  bending  moments  is  4kNm/m. 
For  E'f-20NWa  the  maximum  construction  bending  moment  occurs  at  the  culvert 
springline,  whereas  for  E'f=  1  20NTa  the  maximum  construction  bending  moment  occurs 
at  the  culvert  crown.  In  each  case  the  magnitude  of  the  maximum  construction 
moments  is  the  same,  12kNm/m.  The  reason  for  this  behaviour  is  the  higher  end  of 
construction  crown  displacement,  Fig  8.59(a),  inducing  larger  hogging  (positive) 
moments  over  the  culvert  crown  region,  associated  with  the  higher  values  of  Ff.  As 
described  previously  the  higher  crown  construction  displacements  are  due  to  the  larger 
lateral  soil  pressures  induced  at  the  culvert  sides.  For  a  culvert  embedded  in  a  high  Ff 
fill,  E'f=120NTa,  these  high  lateral  soil  pressures  are  restraining  the  culvert  side  walls 
from  pushing  outwards  as  the  fill  is  placed  above  the  culvert  crown  and  consequently 
inhibiting  the  development  of  bending  moment  around  the  culvert  sides.  For  culverts 
embedded  in  low  stiffness  fills,  e.  g.  E'f-20NWa,  the  magnitude  of  lateral  soil  restraint  at 
the  culvert  sides  is  less  than  that  for  a  high  Ff  fill  and  consequently  the  end  of 
construction  culvert  crown  displacement  is  considerably  lower.  As  a  result  of  this, 
crown  bending  moments  are  lower.  Additionally,  the  lower  backfill  restraint  at  the 
culvert  sides  cannot  prevent  the  culvert  sides  from  pushing  outwards  under  the 
increasing  weight  of  backfill  above  the  culvert  crown.  As  can  be  seen  from  Fig  8.59(b) 
this  outward  movement  for  low  Ff  backfills  can  be  substantial  and  accounts  for  the 
maximum  construction  bending  moment  occurring  at  the  culvert  springline. 
Live  load  bending  moments,  Fig  8.61  decrease  with  increasing  Ff.  This  behaviour 
reflects  the  increasing  magnitude  of  positive  arching  or  decreasing  crown  pressure 
occurring  locally  above  the  culvert  crown  with  increasing  magnitude  of  Ff.  The 
occurrence  of  positive  arching  for  the  structure  as  a  whole,  transferring  load  away  from 
the  culvert,  also  accounts  for  the  live  load  bending  moment  being  zero  at  the  culvert 
springline. 
The  final  property  to  be  considered  here  is  the  shear  stress  distribution.  As  can  be 
seen  from  Fig  8.62  the  construction  and  live  load  shear  stress  vary  inversely  (except  at 
the  quarter  points)  with  Ff.  The  change  in  shear  stress  for  the  range  of  Ff  values 
considered  is  not  significant  for  the  effects  of  construction  or  live  load. 
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As  described  previously  the  effect  of  variation  of  Poisson!  s  ratio  is  to  alter  the 
magnitude  of  the  in  situ  horizontal  stress,  crxx  and  subsequently  vary  the  degree  of 
arching  support  within  the  backfill.  The  degree  of  arching  support  decreases  with 
decreasing  value  of  Poissods  ratio.  For  Vf-0.4  arching  support  in  the  backfill  is 
maximum  and  conversely  for  v'f=0.0  arching  support  in  the  backfill  is  minimum.  The 
effect  of  Poisson's  ratio  on  the  degree  of  arching  support  is  best  shown  through 
description  of  the  culvert  thrust  and  radial  stress.  Variations  of  the  culvert  thrust  and 
radial  stress  are  shown  in  Figs  8.63  and  8.64,  the  degree  of  arching,  A  (Allgood  and 
Takahashi,  1964)  is  shown  in  Fig  8.65  obtained  from  the  radial  stress  at  the  culvert 
crown. 
As  can  be  seen  from  Fig  8.63  the  culvert  construction  thrusts  at  the  quarter  points  and 
springline  vary  directly'with  Poissods  ratio.  Construction  thrusts  at  the  crown  vary 
approximately,  inversely  with  Poisson's  ratio.  Live  load  thrusts  at  the  culvert  crown, 
quarter  points  and  springline  follow  a  similar  pattern  of  behaviour  as  found  previously 
for  case  A  and  vary  approximately  inversely  with  Poissods  ratio.  From  comparison  of 
springline  thrusts  obtained  from  consideration  of  equilibrium,  construction  thrusts  for 
0.0:  5  Vf  :: ý,  0.2  indicate  positive  arching  and  for  0.3  :ý  Vf  :50.4  negative  arching  is 
occurring  as  a  whole  for  the  structure.  On  application  of  the  live  load  the  behaviour 
changes  and  positive  arching  is  occurring  at  all  values  of  Poisson's  ratio  studied.  The 
degree  of  arching  is  however  decreasing  with  decreasing  Poissods  ratio  as  the 
computed  springline  five  load  thrust  is  tending  towards  that  calculated  from  equilibrium 
theory  (assuming  neutral  arching)  of  80kN/m. 
The  end  of  construction  radial  stress  Fig  8.64(a)  the  culvert  crown  and  springline 
display  a  similar  behaviour  to  the  construction  thrust.  At  the  quarter  points  the  end  of 
construction  radial  stress  up  to  Vf-0.2  varies  inversely  with  Vf.  At  Vý>0.2,  the  radial 
stress  increases  to  54kPa  for  a  Vf-0.4.  This  local  change  in  behaviour  at  culvert 
quarter  points  has  arisen  due  to  the  decrease  in  the  magnitude  of  degree  of  negative 
arching,  Fig  8.65,  occurring  locally  at  the  culvert  crown.  This  is  causing  soil  pressure 
at  the  crown,  at  values  of  Poisson's  ratio  Vf-0.3-0.4,  to  be  redistributed  around  the  top 
region  of  the  culvert. 
The  radial  stress  displays  a  similar  behaviour  to  the  thrust  for  the  live'load  behaviour. 
As  can  be  seen  from  Fig  8.65  the  degree  of  arching,  A,  occurring  at  the  culvert  crown 
due  to  a  local  increase  in  crown  soil  pressure,  is  negative  at  the  end  of  construction. 
The  degree  of  negative  arching  is  decreasing  with  increasing  Poissods  ratio,  as 
Poissods  ratio  tends  towards  Vf-0.4  the  degree  of  arching  tends  towards  neutrality,  i.  e. 
A=O.  On  application  of  the  live  load  positive  arching  exists  for  all  values  of  Poisson!  s 
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increasing  Poissods  ratio. 
Variation  of  Poisson's  ratio  was  not  found  to  have  a  significant  influence  on  the 
construction  induced  bending  moments  at  crown,  quarter  points  or  springline,  Fig 
8.66(a).  A  similar  behaviour  was  found  at  the  culvert  quarter  points  and  springline  after 
application  of  the  live  load.  Crown  live  load  bending  moments  between  0.0::  ý  V:  5  0.2 
vary  approximately  inversely  with  Vf  At  vf>0.2  the  crown  live  load  bending  moments 
are  approximately  equal.  The  reason  for  this  behaviour  is  due  to  the  deformation 
response  of  the  culvert  to  the  applied  construction  and  live  loading.  As  described 
previously  (section  8.4.3.2)  the  culvert  displacements  are  a  function  of  the  earth 
pressures  generated  within  the  backfill  and  the  displacement  response'of  the  backfill 
against  the  culvert  sides.  Culvert  crown  and  springline  displacements  are  shown  in  Figs 
8.66(a)  and  8.66(b).  The  effect  of  variation  of  Vf  on  both  the  culvert  bending  moment 
and  displacement  responses  is  similar  to  that  described  previously  for  variation  of  Of 
Shear  stress,  except  at  the  quarter  points,  varies  approximately  inversely  with 
Poisson's  ratio,  Fig  8.68,  and  as  can  be  seen  from  Fig  8.68  the  magnitude  of  shear 
stress,  particularly  live  load  shear  stress,  is  a  function  of  the  degree  and  condition  of 
arching  which  exists  within  the  backfill. 
8.4.3.4  Variation  of  the  angle  of  internal  friction,  ý'f 
The  effect  of  varying  the  angle  of  friction,  ý'f,  on  the  culvert  behaviour  is  shown  in  Fig 
8.69-8.74.  It  was  shown  previously  that  altering  the  angle  of  internal  friction  influences 
the  magnitude  of  active  earth  pressure  mobilised  at  the  culvert  springline  during 
construction.  The  active  earth  pressure  mobilised  at  the  culvert  sides  during  placement 
of  a  low  ý'f  backfill  (ý'f=20  degrees)  is larger  than  that  for  a  high  ý'f  backfill  (ý'f-45 
degrees).  The  most  significant  influence  of  this  is  evident  from  the  construction 
induced  culvert  displacements,  Fig  8.69.  The  larger  active  earth  pressures  induced 
during  the  construction  process  for  a  low  ý'f  backfill  have  driven  the  culvert  sides 
inwards  resulting  in  significant  upward  movement  of  the  culvert  crown.  As  a  result  of 
this,  the  construction  induced  bending  moments  for  this  type  of  backfill  are  significantly 
larger  than  for  a  high  ý'f  backfill,  Fig  8.70.  The  large  displacements  associated  with  low 
ý'f  backfills  tend  to  increase  the  degree  of  positive  arching  which  will  occur  at  the 
culvert  springline,  and  decrease  the  degree  of  negative  arching  occurring  locally  at  the 
culvert  crown,  Fig  8.71.  As  can  be  seen  from  Fig  8.71  this  local  degree  of  arching  tends 
towards  neutrality  as  the  angle  of  internal  friction  is  decreased. 
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low  ý'f  backfill  because  the  backfill  has  been  compacted  around  the  culvert,  against 
which  the  culvert  must  move,  Fig  8.72. 
For  a  low  ý'f  backfill  on  application  of  the  live  load  subsequent  culvert  displacements 
are  small,  Fig  8.69.  This  is  due  to  the  high  magnitude  of  positive  arching  which  is 
occurring  for  the  culvert  as  a  whole.  Computed  (finite  element)  springline  thrusts  are 
approximately  5kN/m  for  ý'f-20  degrees,  some  16  times  smaller  than  that  obtained 
considering  equilibrium,  Fig  8.73.  Additionally,  for  ý'f=20  degrees  the  crown  pressure 
increased  by  some  3kPa  after  application  of  the  live  load,  Fig  8.74(b).  As  can  be  seen 
from  Fig  8.71  this  implies  a  local  degree  of  positive  arching  at  the  crown  of 
approximately  0.95.  This  magnitude  of  positive  arching  indicates  that  in  analyses  a 
considerable  amount  of  redistribution  of  load  away  from  the  culvert  and  into  4the 
backfill  is  occurring.  In  this  case  the  degree  of  positive  arching  which  is  occurring  may 
be  being  amplified  by  the  occurrence  of  failure  within  elements  of  soil  above  the  culvert 
crown.  The  degree  of  arching  associated  with  a  culvert  embedded  within  a  high  ý'f  soil 
(fi>40  degrees)  is  lower  than  that  discussed  previously.  As  a  result,  a  smaller  amount 
of  redistribution  of  load  away  from  the  culvert  is  occurring  and  consequently  live  load 
culvert  displacements  are  larger.  Live  load  bending  moments  for  the  high  ý'f  fill  are 
also  higher,  Fig  8.70,  due  to  the  larger  culvert  displacements. 
8.4.3.5  Effect  of  compaction  pressure 
The  effect  of  the  magnitude  of  compaction  pressure  on  the  culvert  behaviour  has  been 
briefly  considered  previously  during  the  parametric  study  for  case  A.  In  this  case  the 
effect  of  the  compaction  pressure  has  been  investigated  more  closely. 
As  can  be  seen  from  Fig  8.75,  the  increased  compaction  effort  at  the  culvert  sides 
during  construction  has  increased  the  inward  movement  of  the  culvert  sides  and 
consequently  increased  the  culvert  vertical  movement.  Placement  and  compaction  of 
fill  above  the  culvert  crown  has  recovered  much  of  this  initial  distortion  of  the  culvert 
using  a  low  compaction  pressure.  This  is  because  during  construction  a  low 
compaction  pressure  did  not  cause  any  significant  rise  (or  'peaking')  of  the  culvert 
crown;  for  a  compaction  pressure  of  25kPa  a  maximum  crown  rise  of  approximately 
1.1cm  was  computed.  For  high  compaction  pressures  much  of  the  initial  distortion 
(maximum  4cm)  remains  at  the  end  of  construction.  This  behaviour  has  arisen  because 
the  backfill  material  is  of  sufficient  stiffness  to  restrict  any  further  lateral  movement  of 
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bending  moments  induced  around  the  culvert  due  to  the  larger  culvert  displacements 
associated  with  the  use  of  higher  compaction  pressures,  Fig  8.76.  The  greater 
movement  ' 
of  the  culvert  against  the  backfill,  associated  with  the  use  of  higher 
compaction  pressures  has  resulted  in  increased  shear  stress  distributions  around  the 
culvert,  Fig  8.77. 
Increased  forced  lateral  displacementlof  the  culvert  sides  typically  results  in  a  higher 
degree  of  positive  arching  at  the  culvert  springline.  This  behaviour  is  evident  from  Fig 
8.78.  At  low  compaction  pressures,  CP<50kPa  negative  arching  has  developed  at  the 
culvert  springline.  This  behaviour  is  attributed  to  the  outward  movement  of  the  culvert 
springline  following  the  completion  of  the  construction  procedure. 
The  magnitude  and  condition  of  arching  occurring  above  the  culvert  crown  at  the  end 
of  construction  can  be  examined  from  consideration  of  the  radial  stress,  Fig  8.79.  As 
can  be  seen  from  Fig  8.78  at  the  end  of  construction,  following  the  use  of  high 
compaction  pressures,  a  condition  of  negative  arching  exists  locally,  indicating  high  soil 
pressures  above  the  culvert  crown.  This  follows  as  with  a  high  compaction  effort 
greater  soil  pressures  have  been  locked  into  the  backfill.  As  the  compaction  effort  is 
reduced  the  degree  of  negative  arching  decreases.  At  a  CP=25kPa  an  approximate 
condition  of  neutrality  exits. 
Previously  for  case  A  the  effects  of  the  magnitude  of  compaction  pressure  did  not 
have  a  significant  effect  on  the  culvert  live  load  displacement.  In  this  case  however  the 
effects  of  varying  the  magnitude  of  compaction  are  significant  on  the  magnitude  of  the 
live  load  displacement.  As  can  be  seen  from  Fig 8.75  the  live  load  displacements  at  the 
culvert  crown  and  springline  increase  with  increasing  magnitude  of  compaction 
pressure.  At  a  compaction  pressure  of  25kPa  the  resulting  live  load  displacements  at 
the  crown  and  springline  are  some  25  and  40  percent  lower  than  those  occurring 
following  compaction  of  the  backfill  using  125kPa.  The  reason  for  this  may  be  the 
presence  of  the  no-fines  concrete  plinths.  In  the  case  of  the  low  compaction  pressure, 
at  the  end  of  construction  crown  displacement  has  been  recovered,  Ay  =  0.093cm,  the 
springline  displacement  is  0.17cm  outwards  or  beyond  the  original  undeformed  culvert 
position.  On  application  of  the  live  load  the  springline  displacement  was  only  increased 
to  0.25cm,  an  increase  of  0.08cm.  The  concrete  plinths  therefore  may  be  restricting  any 
further  lateral  movement  of 
' 
the  culvert  beyond  the  undeformed  culvert  position.  As  a 
consequence  of  the  small  culvert  live  load  displacement  for  this  case  the  live  load 
bending  moments  are  also  small. 
Live  load  bending  moments  induced  around  the  culvert  are  small  and  do  not  exhibit 
any  significant  variation  following  variation  of  the  compaction  pressure,  Fig  8.76.  A 
311 similar  behaviour  is  displayed  by  the  live  load  shear  stresses  induced  around  the  culvert, 
Fig  8.77. 
Live  load  radial  stress  and  live  load  thrusts  are  shown  in  Fig  8.79  and  Fig  8.80.  As 
can  be  seen,  increasing  the  compaction  pressure  from  20kPa  to  120kPa  does  result  in  a 
significant  increase  in  the  thrust  or  radial  stress.  Greatest  increase  occurs  at  the 
springline  and  for  each  case  the  increase  is  approximately  500'ýo.  It  is  evident  from  the 
springline  thrust  and  crown  radial  stress  that  a  condition  of  positive  arching  exists 
across  the  full  width  of  the  culvert.  The  degree  of  arching  however  increases  with 
decreasing  compaction  pressure. 
8.4.3.6  Effect  of  no-fines  concrete  plinths 
To  determine  the  effect  of  the  concrete  plinths  on  the  culvert  behaviour  at  this  increased 
cover  depth,  the  initial  analysis  has  been  re-run  and  the  concrete  plinths  replaced  by 
equivalent  backfill  parameters.  The  results  of  this  analysis  are  presented  in  Fig  8.81- 
8.86.  For  comparison  the  result  of  the  initial  solution,  plinths,  included,  is  also  shown., 
From  the  results  it  is  evident  that  the  concrete  plinths  do  not  have  a  significant 
influence  on  culvert  thrusts  and  bending  moments.  However  exclusion  of  the  plinths; 
has  reduced  the  culvert  construction  bending  moment  at  the  culvert  springline.,  The 
reason  for  this  is  the  significantly  increased  inward  lateral  movement  of  the  culvert  sides 
during  construction.  Removal  of  the  plinths  has  significantly  increased  the  culvert 
displacements,  indicating  that  the  plinths  are  restricting  the  deformation  response  of  the 
culvert. 
The  most  significant  result  arising  from  the  removal  of  the  plinths  is  the  significant 
reduction  of  the  radial  and  shear  stress  at  the  plinths  location,  approximately  70 
degrees. 
It  is  evident  from  the  results  that  exclusion  of  the  plinths;  does  not  have  an  adverse 
effect  on  the  culvert  behaviour.  As  was  found  for  case  A  inclusion  of  the  plinths  in  the 
culvert  design  does  not  appear  to  be  significantly  beneficial  to  the  overall  performance 
of  the  culvert. 
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From  the  parametric  study  it  has  been  shown  that  the  culvert  behaviour  is  most 
sensitive  to  variations  of  Poisson's  ratio,  Vf  and  the  angle  of  internal  friction,  ý'f. 
Variation  of  the  parameter  V'f  was  not  included  in  this  study,  however  previously  for 
case  A  it  was  found  that  increasing  this  parameter  towards  zero  was  significant.  The 
similarity  of  the  culvert  behaviour  for  each  of  the  case  studies  suggests  that  variation  of 
W'f  would  also  be  significant  in  this  case.  As  for  case  A,  the  optimum  set  of  material 
parameters  most  accurately  describing,  the  observed  culvert  behaviour  are  not 
considered  to  be  entirely  realistic  nor  descriptive  of  the  backfil  material. 
In  section  (8.4.3.2)  it  was  shown  that  the  initial  set  of  backfill  material  parameters  did 
not  provide  a  reasonable  estimate  of  the  observed  culvert  behaviour.  Previously  in  case 
A  it  was  found  that  reducing  the  value  of  Poisson!  s  ratio  to  0.0  or  0.1  significantly 
improved  the  accuracy  of  the  predictions,  however  for  this  study',  although  analyses  are 
sensitive  to  Poisson's  ratio,  decreasing  Poisson's  ratio  to  Vf<0.2  does  not  have  as 
significant  effect  on  the  accuracy  of  the  predicted  result.  The  magnitude  of  'the 
maximum  live  load  thrust  is  reproduced,  however  the  magnitude  of  thrust  over  the 
culvert  crown'is  underestimated  by  approximately  a  factor  of  1.5.  Additionally,  live 
load  bending  moments  are  underestimated  by  a  factor  of  2.  However,  the  observed 
crown  displacement  is  reasonably  well  reproduced.  It  should  be  noted  that  reducing 
Poisson's  ratio  to  less  than  0.2  is  unreasonable  and  not  descriptive  of  typical  engineering 
fills. 
Greatest  improvement  to  the  accuracy  of  the  analyses  was  achieved  from  increasing 
the  value  of  ý'f  to  40  degrees.  The  increase  in  the  culvert  live  load  thrust  and  bending 
moment  given  the  small  increase  in  ý'f,  5  degrees,  demonstrates  that  analyses  are 
sensitive  to  variations  of  ý'f  With  ý'f  equal  to  40  degrees  the  observed  culvert  live  load 
thrusts  and  bending  moments  are  reasonably  well  reproduced.  The  live  load  crown 
displacement  is  overpredicted  by  approximately  a  factor  of  2. 
Previously  for  case  A  it  was  found  that  reducing  xV'f  towards  zero  degrees  gave  a 
similar  result  to  increasing  ý'f  to  40  degrees.  Given  the  similarity  between  the  result  of 
the  two  parametric  studies  it  is  likely  that  reducing  W'f  to  0.0  degrees  in  this  case  will 
also  provide  a  similar  result  to  ý'f  equal  to  40  degrees. 
The  influence  of  Young's  modulus,  E'f,  of  the  backfill  and  the  compaction  pressure  for 
case  B  is  less  than  that  found  previously  for  case  A-  This  suggests  that  the  significance 
of  Ff  and  the  compaction  pressure  is  dependent  on  the  cover  depth,  H  and  diminishes 
with  increasing  cover  depth. 
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culvert  behaviour  can  be  more  accurately  predicted  by  simply  altering  a  single 
parameter,  ý'f  to  40  degrees,  an  increase  of  5  degrees.  However  for  this  analysis  the 
observed  crown  displacement  is  overestimated  by  a  factor  of  2. 
Inclusion  of  the  concrete  plinths  within  the  culvert  design  was  found  not  to  have  a 
significant  influence  on  the  culvert  behaviour,  except  that  it,  restricted  the  culvert 
displacements,  which  have  been  beneficial  to  the  culvert  behaviour  at  low  compaction 
pressures,  following  application  of  the  live  load.  Removal  of  the  concrete  plinths  from 
the  design  did  not  result  in  any  adverse  condition  for  the  culvert. 
From  the  parametric  studies  it  was  found  that  the  degree  and  condition  of  arching, 
positive  or  negative,  occurring  at  the  end  of  construction  and  after  application  of  the 
live  load,  is  primarily  dependent  on  the  magnitude  of  lateral  earth  pressures  induced  at 
the  culvert  sides  during  construction.  Parameters  Vf  and  ý'f  significantly  influenced  the 
degree  and  condition  of  arching  at  both  the  end  of  construction  and  after  application  of 
the  live  load.  The  magnitude  of  compaction  pressure  applied  during  construction  also 
has  a  significant  influence  on  the  degree  and  condition  of  arching  occurring  at  the  end 
of  construction;  however,  it  does  not  significantly  influence  the  degree  of  arching  after 
application  of  the  live  load.  Throughout  the  parametric  study  for  case  B  it  was  found 
that  positive  arching  occurred  after  application  of  the  live  load,  above  the  culvert  crown 
and  at  the  springline. 
Finally,  the  results  of  the  parametric  studies  have  shown  that  the  developed  approach 
to  model  the  culvert  can  provide  reasonable  predictions  of  the  culvert  behaviour. 
Careful  consideration  to  parameter  selection  is  required  and  the  parametric  study  has 
shown  that  parameters  Vf,  ý'f  and  Vf  require  the  most  careful  selection.  The  sensitivity 
of  analyses  to  these  parameters  does  show  that  complex  testing  to  determine  values  of 
the  backfill  modulus  may  not  be  necessary. 
8.5  Trial  loading,  case  C 
8.5.1  Introduction 
Immediately  after  completion  of  load  test,  case  B  the  backfill  material  (crushed 
sandstone)  was  excavated  and  re-constructed  to  a  height  of  approximately  0.7m.  above 
the  culvert  crown.  The  backfill  material  was  then  overlain  by  a  0.3m  thick  layer  of  type 
I  sub-base  (coarse  gravel)  material  and  pavement  layers  consisting  of  approximately 
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of  dense  bitumen  road  base,  a  0.06m.  thick  dense  bitumen  base  course  and  a  0.04m,  thick 
hot  rolled  asphalt  wearing  course.  The  fill  cover  depth  above  the  culvert  crown  was 
approximately  1.2m.  This  load  test  was  performed  to  determine  the  effect  of  the 
pavement  layers  on  the  culvert  behaviour  by  direct  comparison  with  load  test  case  B. 
The  load  test  was  performed  in  the  same  way  as  for  cases  A  and  B.  As  for  case  B 
measured  data  are  only  available  for  a  maximum  loading  of  455kN  or  an  equivalent  line 
load  of  l60kN/rn  applied  above  the  culvert  crown.  Measured  data  include  culvert  live 
load  thrusts,  bending  moments  and  crown  deflection.  No  measured  data  are  available 
for  the  construction  procedure. 
Comparison  of  the  measured  results  of  load  tests  B  and  C  (Johnson  et  al.,  1988)  found 
that  inclusion  of  the  pavement  reduced  the  maximum  crown  deflection  by 
approximately  30%  and  bending  moments  by  approximately  50%.  The  culvert  thrust 
was  observed  to  increase  by  as  much  as  25%  over  the  top  region  of  the  culvert, 
180  ý!  0  ý:  90  degrees. 
Load  test  C  has  been  included  to  provide  an  additional  case  history  with  which  to 
further  assess  the  chosen  method  of  analysis  and  approach  to  the  flexible  culvert 
problem.  In  this  case  only  three  predictions,  using  finite  element  analysis,  were 
performed  to  provide  a  reasonable  estimate  of  the  observed  behaviour.  No  further 
parametric  studies  were  performed. 
Details  of  the  finite  element  mesh,  backfill  and  pavement  material  parameters  are  given 
in  section  8.5.2.  The  results  of  the  analyses  are  presented  in  section  8.5.3  and  the  main 
findings  of  this  study  are  discussed  in  section  8.5.4. 
8.5.2  Description  of  analysis  and  parameters 
The  finite  element  mesh  used  to  describe  the  culvert  and  foundation  is  shown  in  Fig 
8.87.  The  mesh  is  the  same  as  that  used  to  describe  case  A;  however,  the  sub-base  and 
pavement  layers  have  been  added  to  give  the  required  height  above  the  crown.  The 
bituminous  pavement  was  described  using  the  isotropic  elastic  soil  model.  Both  the 
backfill  and  gravel  sub-base  were  modelled  using  the  elastic,  perfectly  plastic  Mohr- 
Coulomb  soil  model. 
The  backfill  (crushed  sandstone)  material  parameters  were  taken  to  be  equal  to  those 
used  to  describe  the  backfill  in  case  A.  The  height  of  backfill  above  the  culvert  crown 
for  cases  A  and  C  is  the  same,  0.7m.  For  this  height  of  backfill  the  initial  set  of 
parameters  selected  for  case  A  provided  a  reasonable  estimate  of  the  observed 
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approximation  these  parameters  were  considered  appropriate,  and  therefore  also  used 
to  describe  the  backfill  present  in  load  case  C.  A  compaction  pressure  of  I  OOkPa  was 
used  to  compact  the  backfill  and  granular  sub-base.  The  compaction  pressure  was  also 
applied  to  the  top  of  the  bituminous  pavement  layer  to  represent  the  weight  of 
construction  traffic  used  to  press  the  completed  pavement  layers. 
The  material  parameters  used  to  describe  the  granular  sub-base  (crushed  limestone) 
are  shown  in  Table  8.17.  As  can  be  seen  the  parameters  c'sb  (cohesion)  and  Poisson's 
ratio  Vsb  are  equal  to  those  assumed  for  the  backfill  material.  The  value  of  the  sub-base 
Young's  modulus,  E'sb  was  selected  from  published  data  (Temporal  et  al.,  1985  and 
Temporal  and  Johnson,  1988)  describing  plate  loading  tests  performed  on  similar 
backfill  material  (crushed  limestone)  prior  to  flexible  culvert  testing.  A  value  of  angle 
of  internal  friction  Of  Vsb=3  5  degrees  was  also  selected  from  published  data  (Temporal 
and  Johnson  1988;  Craig  1987  and  Mayne  and  Kulhawy,  1982). 
The  pavement  was  described  using  the  isotropic  elastic  soil  model,  material  parameters 
used  to  describe  this  model  are  shown  in  Table  8.18.  A  value  of  the  pavement  Young's 
modulus,  Epav,  was  assumed  equal  to  600MPa  and  was  selected  from  published  plate 
loading  test  data  (Croney,  1977;  Powell  et  al.,  1984  and  Temporal  and  Johnson,  1988). 
A  value  of  Poissods  ratio  for  the  pavement,  vpav=0.35  was  also  selected  from 
published  data  (Powell  et  al.,  1984  and  Temporal  and  Johnson,  1988). 
8.5.3  Results  of  analyses 
This  section  is  divided  into  two  sub-sections.  The  first  section  8.5.3.1  compares  the 
results  of  the  initial  analysis  of  case  C  with  the  measured  data.  The  second  section 
8.5.3.2  compares  the  results  of  case  C  and  the  results  of  corresponding  analyses  from 
case  B. 
The  results  of  the  initial  analysis  for  case  C  are  presented  in  Figs  8.88-8.93.  For 
comparison  with  the  observed  data  the  main  results  of  this  analysis  are  shown  in  Table 
8.19.  Also  shown  are  the  corresponding  results  for  case  B.  Measured'data  are  only 
available  for  the  culvert  behaviour  after  application  of  the  live  load. 
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As  can  be  seen  from  Table  8.19  computed  live  load  thrusts  compare  reasonably  with 
those  observed.  Over  the  region  of  180  ý:  0  ý:  160  degrees  the  computed  live  load 
thrusts  underestimate  those  observed,  however  the  difference  is  small,  maximum  10%. 
Computed  live  load  thrusts  overestimate  those  observed  by  a  maximum  of  12%  over 
the  region  of  140  ý:  0  ýý  90  degrees.  From  comparison  of  the  computed  live  load 
springline  thrust  (7lkN/m)  with  that  estimated  from  equilibrium  theory  (80kN/m)  it  is 
evident  that  some  degree  of  positive  arching  is  occurring  as  a  whole  for  the  culvert. 
However,  measured  thrust  data  from  the  springline  region  (0=  II  Odegrees)  suggest  that 
the  degree  of  positive  arching  predicted  here  is  smaller  than  that  occurring  in  the  field. 
Similarly,  comparing  the  computed  crown  radial  stress  (35kPa)  with  that  estimated 
from  equilibrium  theory  (43kPa)  also  indicates  that  positive  arching  is  occurring  locally 
above  the  culvert  crown.  Relation  (7.1)  suggests  a  degree  of  arching,  A  equal  to  0.2. 
Predicted  live  load  bending  moments  compare  well  with  those  observed,  particularly  at 
the  culvert  crown.  Overall  the  computed  bending  moments  are  overpredicting  those 
observed,  however  the  difference  is  small. 
The  computed  live  load  crown  displacement  (-1.05cm)  overpredicts  that  observed 
(-0.52)  by  approximately  a  factor  of  2.  Previous  predictions  of  the  live  load  crown 
displacement  for  cases  A  and  B  were  more  accurate.  From  parametric  studies 
performed  for  cases  A  and  B  it  was  found  that  increasing  Poisson!  s  ratio  towards  0.4 
decreased  the  culvert  displacements  Therefore,  some  improvement  to  the  predicted 
crown  displacement  can  be  made  by  increasing  the  value  of  Poisson!  s  ratio  of  the 
backfill.  However,  this  will  also  reduce  the  accuracy  of  the  predicted  thrust  and 
bending  moments. 
Finite  element  analysis  computed  a  live  load  springline  deflection  of  0.18cm.  Using 
the  principle  of  superposition  and  applying  the  IOWA  deflection  formula  (Spangler, 
1941  and  Spangler  and  Hardy,  1982)  gives  a  maximum  springline  deflection  of 
0.413cm.  In  this  case  a  drag  factor  DL  of  1.25  (recommended)  was  used  and  values  of 
the  modulus  of  soil  reaction  E'R  for  the  sub-base  and  pavement  layers  were  determined 
using  the  ratio  of  Young's  modulus  of  these  layers  with  that  of  the  backfill  material.  A 
modulus  of  soil  reaction  of  E'R=55NIPa  was  assumed  for  the  backfill  material. 
Previously  for  cases  A  and  B,  for  all  the  alternative  analytical  methods  used  to 
analyses  the  flexible  culvert  behaviour  described  here,  it  has  been  found  that  Duncarf  s 
design  method  (Duncan,  1979)  gives  the  most  accurate  results.  -  Applying  this  method 
here  for  case  C  gives  a  maximum  live  load  thrust  and  bending  moment  of  96kN/m  and 
317 8kN/rn  respectively.  These  values  are  very  similar  to  those  observed  however  the  live 
load  thrust  has  underestimated  that  observed  by  approximately  10%. 
8.5.3.2.  Comparison  of  case  B  and  C 
In  this  section  the  results  of  case  C  are  compared  with  those  obtained  from  the 
corresponding  analysis  from  case  B. 
As  can  be  seen  from  Fig 8.94  the  distribution  and  form  of  construction  thrusts  for  case 
C  are  similar  to  those  of  case  B.  Over  the  region  of  180  ý:  0; 
-> 
90  degrees  the 
construction  thrusts  for  case  C  are  lager  by  10%.  The  construction  thrust,  over  the 
region  140  ý-  Oý:  90  degrees  are  larger  for  case  B  by  approximately  20%.  The  lower 
springline  thrusts  for  case  C  indicate  that  a  greater  degree  of  positive  arching  is 
occurring  for  this  case  than  for  case  B,  when  compared  to  the  springline  thrust  obtained 
from  simple  equilibrium  theory  (I  I  OkN/m).  Ring  compression  theory  (White  and 
Layer,  1960)  which  only  takes  into  account  the  area  of  backfill  directly  above  the 
culvert  crown,  gives  a  springline  thrust  of  approximately  80kN/m.  Comparison  of  the 
finite  element  computed  thrust  with  that  of  ring  compression  theory  would  suggest  that 
negative  arching  is  occurring. 
Construction  radial  stress  distribution  for  cases  C  and  B,  Fig  8.95,  are  also  similar, 
however  the  construction  radial  stresses  for  B  are  typically  smaller  than  that  for  case  C. 
Additionally,  radial  stress  at  the  culvert  crown  suggests  a  higher  degree  of  negative 
arching  is  occurring  locally  for  case  C  (-0.76)  than  for  case  B  (-0.64),  however  the 
difference  is  small. 
on  application  of  the  live  load  the  thrusts  induced  within  the  culvert  for  case  C  are 
approximately  twice  as  large  as  those  for  case  B.  Analyses  have  provided  a  more 
accurate  description  of  the  live  load  thrusts  for  case  C  than  for  case  B.  Live  load 
springline  thrusts  for  case  B  and  C  are  38kN/m  and  7lkN/m  respectively.  Equilibrium 
theory  gives  a  springline  thrust  of  80kN/m.  This  suggests  that  overall  a  higher  degree 
of  positive  arching  is  occurring  for  case  B  than  for  case  C.  Similarly,  from  crown  live 
load  radial  stress,  a  higher  degree  of  positive  arching  is  occurring  locally  at  the  culvert 
crown  (as  a  result  of  a  local  decrease  in  crown  pressure)  for  case  B  (A=0.67)  than  for 
case  C  (A=O.  18).  The  degree  of  arching  occurring  above  the  culvert  crown  for  case  C 
is  similar  to  that  computed  for  case  A  (A=O.  11).  The  lower  degree  of  positive  arching 
occurring  within  the  backfill  around  the  culvert  for  case  C  does  suggest  that  addition  of 
the  pavement  layers  is  causing  the  culvert  to  attract  more  load,  giving  rise  to  the  higher 
live  load  thrusts  and  radial  stress  distributions.  It  is  evident  from  comparison  of 
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this  behaviour  is  the  same  as  that  observed. 
Construction  bending  moments  Fig  8.96  for  cases  B  and  C  are  approximately  equal, 
for  the  springline  moments,  where  the  moment  for  case  B  is  some  1.5  times  greater  than 
that  for  case  C.  This  is  due  to  the  larger  inward  construction  springline  displacement 
for  case  C  (-0.32cm)  which  has  reduced  the  curvature  of  the  culvert  in  this  region.  Live 
load  bending  moments  for  the  case  C  are  typically  larger  than  those  computed  for  case 
B,  however  the  difference  is  small. 
Live  load  crown  displacement  for  case  C  is  some  0.3cm  larger  than  that  for  case  B. 
This  is  the  opposite  behaviour  to  that  observed  in  the  field.  The  live  load  springline 
displacement  for  case  B  (-0.22cm)  is  larger  than  that  for  case  C  (-0.18cm).  The  larger 
crown  displacement  for  case  C  may  suggest  that  the  degree  of  arching  occurring  locally 
above  the  culvert  crown  is  significantly  underestimated  (or  overestimating  the 
magnitude  of  radial  stress  at  the  culvert  crown). 
8.5.4  Discussion 
From  comparison  of  the  computed  and  observed  results  it  is  evident  that  the  selected 
material  parameters  have  provided  a  reasonable  estimate  of  the  observed  culvert  live 
load  behaviour.  However,  the  optimum  set  of  parameters  which  has  emerged  is 
considered  not  to  be  entirely  descriptive  of  the  actual  physical  behaviour  of  the  backfill. 
Values  of  E'f  were  estimated  from  in  situ  plate  loading  tests  data  (Johnson  et  al.,  1989). 
These  values  of  E'f  modulus  have  provided  a  reasonable  description  of  the  backfill, 
however  in  the  absence  of  more  detailed  soils  testing  for  Ff,  no  firm  conclusions  can  be 
drawn.  It  is  recognised  that  the  plate  loading  test  is  only  reliable  if  the  backfill  is  known 
to  be  reasonably  uniform  over  the  depth  of  the  foundation.  Consequently,  minor  local 
weaknesses  near  the  surface  of  the  foundation  can  significantly  influence  the  results  of 
the  test  and  hence  influence  the  perceived  foundation  behaviour. 
An  alternative  to  the  plate  loading  test  is  the  standard  penetration  test  performed 
down  percussion  drilled  boreholes  or  hand-probing  equipment  at  various  depths 
through  the  foundation.  The  resulting  standard  penetration  test  resistance,  N,  can  then 
be  correlated  to  Young's  modulus  using  some  empirical  relation. 
In  this  study  (Mytholmroyd)  low  values  of  Poisson!  s  ratio  (v'f=0.2)  were  required  to 
ensure  a  reasonable  prediction  of  the  live  load  thrusts.  From  relation  (8.6)  Vf=0.2 
implies  a  low  earth  pressure  coefficient,  Ko  of  0.25  or  alternatively  from  Fig  2.2  a  high 
angle  of  shearing  resistance,  ý'f=50  degrees  (approximately).  This  is  not  consistent 
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resulting  value  of  Ko  associated  with  Vf-0.2  is  outwith  the  trend  of  available 
experimental  data.  Additionally,  the  Mohr-Coulomb  soil  model  provides  a  further 
constraint  (or  limit)  on  the  chosen  value  of  Poisson's  ratio,  relation  (8.10). 
I  I-sino  Vf 
=  (8.10) 
-  ýf  I+sino 
Where 
ýf 
KO  and 
I-  sinýf 
=  KA,  the  active  earth  coefficient. 
( 
I-  ýf 
)= 
I+sinýf 
In  the  Mohr-Coulomb  soil  model  KA  is  a  limiting  earth  pressure  coefficient,  as  a  result, 
values  of  K.  <  KA  cannot  be  stably  sustained.  This  condition  therefore,  imposes  a 
lower  limit  on  the  value  of  Poissods  ratio.  For  a  ý'f-35degrees  the  limiting  value  of 
Poisson!  s  ratio,  Vfl,  is  approximately  0.21,  which  is  approximately  consistent  with  the 
value  assumed  in  analyses.  However,  reducing  Vf  to  less  than  Vfl  is  not  consistent  with 
the  Mohr-Coulomb  limiting  condition.  In  sections  8.3.4.3.  and  8.4.3.3.  the  value  of  Vf 
was  reduced  to  0.0  to  illustrate  the  influence  of  Vf  on  analyses.  However,  in  view  of 
relation  (8.10)  reducing  v'f<v'fl,  for  a  Mohr-Coulomb  soil  is  not  realistic.  Consequently 
the  influence  of  varying  Poissods  ratio  on  the  predicted  results  (Figs  8.22-8.27  and  Fig 
8.63-8.68)  is  not  as  significant  as  was  first  thought.  As  can  be  seen  from  the  above 
figures,  variation  of  Vf  only  becomes  significant  as  Vf  approaches  the  Mohr-Coulomb 
limit,  Vfl. 
Except  for  case  B,  resulting  values  of  ý'f  which  have  emerged  from  the  analyses  inorder 
to  provide  reasonable  results  are  low.  Optimum  values  of  ý'f  for  cases  A  and  C  are 
considered  not  to  be  realistic  nor  descriptive  of  the  backfill  described  in  this  study. 
Typical  values  of  ý'f  for  engineering  granular  fills  associated  with  culvert  construction 
are  of  the  range  40-45  degrees. 
In  practice  the  shear  box  test  is  typically  used  to  estimate  the  angle  of  dilation,  W,  of 
granular  soils.  A  typical  direct  shear  test  result  (shear  box)  for  dense  and  loose  Ottawa 
sand  (Taylor,  1948)  is  shown  in  Fig  8.97,  where  P  is  the  normal  load;  Q  is  the  shear 
load  and  corresponding  displacements  x  and  y  of  the  boundaries  of  the  shear  box,  Fig 
8.97(c).  Using  the  shear  box  the  angle  of  dilatancy  is  given  by  relation  (8.11). 
V/  =tan( 
320 where  upward  movement  of  the  shear  box  top  boundary  is  defined  as  negative. 
As  can  be  seen  from  Figs  8.97(a)  and  8.97(b)  failure  of  both  the  dense  and  loose  sand 
samples  is  associated  with  a  rise  (-ve  y)  of  the  shear  box  top  boundary.  This  behaviour 
arises  because  as  the  sand  is  sheared  it  expands  to  overcome  the  interlocking  of  the 
sand  particles  therefore,  from  Fig  8.33  implying  a  positive  angle  of  dilation. 
In  analyses  it  is  assumed  that  the  backfill  is  placed  in  a  loose  state  and  is  compressed 
(by  the  action  of  the  compaction  pressure)  to  a  dense  state.  Comparison  of  Figs  8.97(a) 
and  8.97(b)  suggests  that  during  the  process  of  compacting  the  backfill  should  failure 
occur  (either  local  or  global)  then  an  expansion  of  the  backfill  will  occur.  Therefore, 
specifying  negative  values  of  the  angle  of  dilatancy  to  describe  the  plastic  deformation 
response  of  the  backfill  is  unrealistic  and  is  not  consistent  with  the  observed  response  of 
granular  soils  during  shearing. 
Previously  numerical  predictions  of  the  live  load  behaviour  for  cases  A  and  B  were 
most  accurate  for  predictions  of  the  culvert  crown  displacement,  predictions  of  the 
thrust  and  bending  moment  were  less  accurate.  Parametric  studies  performed  for  these 
studies  indicated  that  the  accuracy  of  predictions  could  be  suitably  improved  through 
small  adjustment  of  soil  material  parameters.  Poisson's  ratio,  Vf,  the  angle  of  internal 
friction,  ý'f,  and  the  angle  of  dilation,  W'f.  Therefore,  in  this  case  if  predictions  of 
displacement  were  important,  a  more  accurate  prediction  of  the  crown  displacement 
could  be  made  through  increasing  the  value  of  Poissods  ratio  towards  0.4  or  decreasing 
either  the  value  of  ý'f  or  xV'f.  In  each  case  this  will  reduce  the  accuracy  of  the 
predictions  of  thrusts  and  bending  moments.  Therefore,  simultaneous  accurate 
prediction  of  the  main  elements  of  the  culvert  behaviour  (thrusts,  bending  moments  and 
displacements)  may  not  be  possible. 
The  arching  behaviour  for  case  C  is  similar  to  that  for  case  B  at  the  end  of 
construction;  however,  the  degree  of  arching  is  typically  larger  for  case  B.  For  case  C 
after  application  of  the  live  load  negative  arching  was  found  to  occur  locally  at  the 
culvert  crown.  Positive  arching  was  found  to  occur  for  case  B  after  application  of  the 
live  load.  Therefore,  incorporation  of  the  pavement  layers  to  the  problem  has  altered 
the  distribution  of  load  to  the  culvert  and  subsequently  induced  the  culvert  to  attract 
more  load.  This  may  be  attributed  to  the  smaller  springline  displacement  for  case  C 
which  suggests  that  higher  lateral  restraint  within  the  backfill  material  has  been  induced 
causing  the  culvert  to  attract  more  load. 
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been  made  using  Duncan's  design  method  (Duncan,  1979).  Predictions  using  this 
method  compare  well  with  those  observed,  particularly  for  the  live  load  bending 
moment.  Predictions  of  live  load  bending  moments  induced  on  shallow  cover  culverts 
are  important  (Duncan,  1979  and  Beal,  1982)  as  the  transient  live  loads  (not  considered 
here)  induced  by  construction  traffic  can  induce  high  bending  moments  within  the 
culvert  causing  it  to  buckle  and  possibly  collapse.  Durican's  method  as  well  as  the  finite 
element  analysis,  in  this  case,  indicate  that  prior  warning  of  possible  adverse  bending 
within  the  culvert  can  be  given  by  using  these  methods.  The  finite  element  analysis  and 
Durican's  design  method  have  provided  reasonable  predictions  of  the  culvert  behaviour 
and  used  together  may  provide  a  reasonable  design. 
8.6  Conclusions 
A  back  analysis  study  of  a  pipe  arch  culvert  under  different  cover  conditions  has  been 
performed  using  finite  element  analysis.  From  comparison  of  the  observed  and 
computed  culvert  response  conclusions  can  be  drawn  on  the  ability  of  the  developed 
approach  to  model  flexible  culvert  behaviour  and,  in  general,  the  behaviour  and  design 
of  flexible  culverts  under  shallow  cover  conditions. 
From  back  analysis  of  the  trial  loading  an  optimum  set  of  parameters  has  emerged 
which  provides  a  reasonable  estimate  of  the  observed  behaviour.  However,  the 
resulting  parameters,  particularly  Vf  and  ý'f,  are  considered  to  be  unrealistic  and 
consequently  are  providing  an  inaccurate  description  of  the  backfill.  This  implies  that  in 
this  case  the  Mohr-Coulomb  soil  model  is  inappropriate  for  describing  the  backfill 
behaviour.  The  simplicity  of  the  Mohr-Coulomb  soil  model  may  therefore  be  causing 
inaccurate  soil  parameters  to  emerge. 
The  Mohr-Coulomb  soil  model  is  typically  classified  as  a  first-order  approximation  of 
soil  behaviour  (Brinkgreve  and  Vermeer,  1992).  The  pre-failure  behaviour  is  described 
using  Hooke's  law  of  elasticity.  This  law  is  fully  described  by  two  soil  parameters  E'f 
and  Vf,  which  for  all  pre-failure  stress  states  remain  constant.  In  view  of  the 
discussions  presented  in  chapters  3-6,  this  description  of  the  pre-failure  behaviour  of 
soils,  even  for  simple  loading  situations,  is  unrealistic.  The  backfill  surrounding  a 
flexible  culvert  has  a  complex  loading  history;  the  complexity  emerging  due  to  the 
compaction  process.  The  compaction  process,  which  should  be  considered  as  a 
transient,  surficial  load  of  finite  lateral  extent  (Seed  and  Duncan,  1986)  can  impose 
significant  stress/strain  variations  throughout  the  backfill.  It  has  been  discussed  at 
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the  strain  induced  within  the  soil,  consequently,  the  variations  of  strain  induced  by  the 
compaction  process  will  give  rise  to  gradients  of  elastic  stiffness  within  the  backfill 
surrounding  the  culvert.  This  behaviour  has  important  implications  for  the  choice  of 
soil  model  used  to  describe  the  backfill  material.  Evidently,  a  soil  model  incorporating 
non-linear  elasticity  is  an  obvious  improvement  to  the  simple  Mohr-Coulomb  soil 
model. 
The  dependency  of  elastic  stiffness  on  the  level  of  stress/strain  within  the  backfill 
requires  an  accurate  description  of  the  stresses  and  strains  within  the  backfill,  in 
particular  those  induced  during  the  compaction  process.  During  the  compaction 
process  the  backfill  is  undergoing  multiple  cycles  of  loading  and  unloading.  A  standard 
feature  of  loading  and  unloading  cycles  of  soils  is hysteresis  (reloading  and  unloading 
stress  paths  are  not  coincident).  Studies  performed  by  Seed  and  Duncan  (1986)  have 
found  that  the  degree  of  hysteresis  occurring,  even  on  pre-yield  stress  paths,  can  be 
significant.  The  influence  of  the  hysteretic  behaviour  is  to  cause  residual  (or  locked-in) 
stresses  to  be  induced  within  the  backfill  following  each  cycle.  The  complex  hysteretic 
behaviour  of  soils  cannot  possibly  be  modelled  in  a  simple  linear  elastic  soil  model. 
The  significant  variations  of  stress  which  can  be  induced  during  the  construction 
procedure,  through  relation  (8.6),  implies  that  Vf  should  also  vary  with  stress  level. 
The  Duncan-Chang  and  Seed  and  Ducan  soil  models  both  include  a  non-linear  variation 
of  v'f  with  stress  level. 
Soil  models  incorporating  stress/strain  dependent  elastic  stiffness  and/or  Poissods 
ratio  which  are  used  to  describe  flexible  culvert  behaviour  could  be  further  enhanced  if 
the  hysteretic  behaviour  is  also  included.  The  Seed  and  Duncan  soil  model  (Seed  and 
Duncan,  1986)  is  an  example  of  a  soil  model  which  incorporates  hypoelasticity  and  the 
hysteretic  behaviour  associated  with  the  compaction  process.  Using  this  soil  model  the 
observed  behaviour  of  the  Tice  Valley  (flexible)  culvert  (Duncan  and  Jeyaplan,  1982) 
was  predicted  reasonably  well.  Despite  the  good  agreement  between  the  computed  and 
observed  responses,  the  Seed  and  Duncan  soil  model  only  considers  pre-failure  stress 
states.  Consequently,  local  failure  within  the  backfill  and  its  subsequent  influence  on 
the  predicted  results  cannot  be  modelled.  Back  analysis  of  flexible  culverts  under 
backfill  (compaction)  and  live  loads  (Mohamedzein,  1989  and  Dessouki  and 
Monforton,  1986)  indicate  that  the  effects  of  local  failure  on  the  flexible  culvert 
behaviour  can  be  significant.  In  the  analyses  described  in  this  chapter  local  failure  was 
found  to  occur;  the  significance  of  which  was  not  clearly  quantified.  However,  the 
occurrence  of  local  failure  of  the  backfill  adjacent  to  the  flexible  culvert  was  found  to 
give  rise  to  small  localised  areas  over  which  positive  arching  was  occurring.  The 
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overall, 
The  Mohr-Coulomb  soil  model  incorporates  a  failure  criterion  which  for  generalised 
stress  paths  induced  during  the  compaction  process  (volumetric  deformations  are 
dominant,  5s>5t)  is  not  considered  to  be  appropriate.  Stress  paths  describing  loading 
where  the  volumetric  response  is  dominant  are  following  a  response  which  is  entirely 
elastic.  This  description  of  soil  behaviour  is  unrealistic  and  consequently  a  mean  stress 
cap  should  be  introduced  to  limit  the  magnitude  of  elastic  volumetric  strains. 
Numerical  studies  performed  by  Mohamedzein  (1989)  using  the  Seed  and  Duncan  soil 
model,  modified  to  include  a  mean  stress  cap  yield  surface,  indicate  that  inclusion  of  the 
mean  stress  cap  can  provide  improved  predictions  of  flexible  culvert  behaviour. 
Soil  models  incorporating,  non-linear  elasticity,  hysteresis  and  a  mean  stress  cap  yield 
surface,  are  complex  and  require  many  soil  parameters.  The  modified  Duncan  soil 
model  with  a  cap  yield  surface  requires  12  soil  parameters.  Except  for  very  complex 
flexible  culvert  designs,  this  number  of  soil  parameters  is  typically  higher  than  that 
which  is  tolerated  in  practice.  Additionally,  flexible  culvert  designs  in  Great  Britain  are 
rarely  of  sufficient  complexity  to  justify  the  use  of  higher-order  soil  models.  However, 
where  the  complexity  arises,  then  the  elements  of  soil  behaviour  discussed  previously 
may  be  necessary  to  provide  the  required  accuracy  of  numerical  predictions. 
Throughout  this  study  (Mytholmroyd)  plane  strain  analyses  were  performed.  Imposing 
the  condition  of  plane  strain  on  analyses  implies  that  the  ends  of  the  culvert  are 
sufficiently  remote  to  ensure  that  the  culvert  deformation  response  at  mid-section  is 
predominantly  in  the  plane  of  the  culvert  cross-section.  Deformations  perpendicular  to 
this  plane  (along  the  culvert  length)  are  assumed  to  be  negligible.  Additionally,  in 
analyses  the  longitudinal  stiffness  has  also  been  ignored.  In  view  of  the  transient  and 
finite  extent  of  the  compaction  loading  (only  a  small  area  of  backfill  is  compacted  at  any 
one  time)  the  longitudinal  behaviour  of  the  culvert  may  be  significant,  particularly  on 
the  culvert  deformations  and  thrusts.  Additionally,  along  the  length  of  the  culvert  the 
interface  conditions  will  also  be  significant.  Consequently,  minor  slippage  (arising  due 
to  temperature  gradients  and/or  inadequate  compaction)  between  the  culvert  and 
backfill  will  also  be  significant  particularly  on  the  culvert  thrusts.  In  view  of  this,  the 
flexible  culvert  behaviour  may  be  more  accurately  modelled  if  the  original  three 
dimensional  problem  is  maintained.  Adopting  three  dimensional  modelling  of  the 
culvert  should  enable  the  compaction  process  to  be  modelled  more  accurately  . 
The 
transient  and  finite  extent  (in  three  dimensions)  of  the  compaction  loads  could  be 
modelled  by  an  element  by  element  compaction  process.  Additionally,  three 
324 dimensional  modelling  will  enable  a  more  accurate  representation  of  the  applied  live 
loading. 
Throughout  this  study  the  main  concern  of  analyses  was  to  reproduce  the  observed  live 
load  behaviour  of  the  culvert.  However,  as  previously  discussed  the  behaviour  of 
flexible  culverts  is  significantly  influenced  by  its  loading  history,  and  consequently  an 
accurate  description  of  the  construction  behaviour  is  required.  Here,  no  data  for  the 
construction  behaviour  are  available  therefore,  the  accuracy  of  the  developed  approach 
at  describing  the  construction  behaviour  cannot  be  assessed. 
Previous  studies  performed  by  Davies  et  al.  (1993)  of  the  construction  behaviour  of 
the  Newport  (Armco)  culvert  (Temporal  et  al.,  1985)  provided  a  reasonable  estimate  of 
the  observed  behaviour.  However,  as  was  found  in  the  study  described  in  this  chapter, 
selected  material  parameters,  particularly  Poisson's  ratio  (vf=0.2),  are  not  thought  to  be 
entirely  descriptive  of  the  backfill  material  (crushed  limestone  fill).  Despite  the 
comprehensive  and  detailed  measurement  of  stresses  and  strains  induced  within  the 
culvert  and  backfill,  analyses  concentrated  on  reproducing  culvert  crown  and  springline 
displacements,  thrusts  and  bending  moments.  This  approach  was  also  adopted 
(primarily  due  to  the  lack  of  field  data)  in  the  study  described  in  this  chapter 
(Mytholmroyd).  In  view  of  the  complex  interaction  behaviour  of  the  culvert  and 
backfill,  judging  the  ability  of  the  developed  approach  to  describe  the  construction  and 
live  load  behaviour  on  the  basis  of  limited  data  may  not  be  reasonable.  Culvert 
deformations  and  thrusts  are  end-products  following  the  response  of  the  backfill  to  an 
applied  loading.  Within  the  numerical  framework  the  development  of  the  culvert 
response  and  how  accurately  it  has  been  modelled,  has  not  been  properly  assessed.  A 
more  accurate  assessment  of  the  modelled  culvert/backfill  behaviour  should  involve  a 
comparison  of  computed  and  observed  stress  paths  at  key  positions  within  the  backfill. 
Key  stress/strain  measuring  positions  within  the  backfill  are  considered  to  be  adjacent  to 
the  crown,  quarter  points  and  springline  (Selig  et  al.,  1979  and  Byrne  et  al.,  1993). 
Additionally,  these  measuring  positions  should  be  located  at  varying  distances  from  the 
culvert  to  enable  accurate  monitoring  of  the  developing  degree  of  arching  . 
With  these 
data  a  more  accurate  assessment  of  the  developed  approach  to  modelling  flexible 
culvert  behaviour  should  be  able  to  be  made. 
Comparison  of  the  computed  and  observed  culvert  response  indicates  that  the  adopted 
approach  to  modelling  flexible  culvert  behaviour  is  capable  of  providing  reasonable 
results.  However,  uncertainties  remain  and  further  work  is  required  before  any  firm 
conclusions  can  be  made.  As  was  found  previously  for  the  soft  clay  analyses, 
325 simultaneous  prediction  of  the  main  elements  of  the  culvert  behaviour  (thrusts,  bending 
moments  and  displacements)  was  not  possible. 
Parametric  studies  determined  that  the  predicted  solution  was  dominated  by  the  value 
of  Poisson's  ratio  selected  for  the  backfill  material.  The  sensitivity  of  the  culvert 
behaviour  to  even  small  changes  in  Poissods  ratio  significantly  outweighed  the 
influence  on  the  culvert  behaviour  following  variations  of  the  remaining  model 
parameters.  Parameters  ý'f,  angle  of  internal  friction  and  IV'f,  angle  of  dilation,  were 
also  found  to  have  a  significant  effect-  on  the  predicted  culvert  behaviour.  The  current 
modelling  approach  requiring  specification  of  negative  values  of  the  angle  of  dilatancy 
is  not  considered  to  be  reasonable.  A  more  accurate  approach  to  modelling  the  dilatant 
behaviour  of  the  backfill  would  be  to  specify  positive  values  of  Vf,  therefore,  reflecting 
published  experimental  data. 
For  the  culvert  as  a  whole  negative  arching  was  found  to  develop  at  the  end  of 
construction.  After  application  of  the  live  load  positive  arching  was  found  to  develop. 
Local  variations  of  the  overall  degree  of  arching  was  found  to  occur  at  the  culvert 
crown.  This  behaviour  was  found  to  be  a  result  of  a  local  increase  or  decrease  in  soil 
pressure  over  the  top  of  the  culvert.  From  the  parametric  studies  it  was  found  that  the 
degree  and  condition  of  arching  (positive  or  negative).  occurring  at  the  end  of 
construction  and  after  application  of  the  live  load  is  primarily  dependent  on  the 
magnitude  of  lateral  earth  pressure  induced  at  the  culvert  sides  during  construction. 
Typically,  except  for  case  B  the  resulting  local  degree  of  arching  was  the  opposite  to 
that  which  had  developed  globally. 
Predictions  of  the  culvert  behaviour  have  also  been  made  using  traditional  methods 
(hand  calculations).  Of  the  methods  used  Dunc&s  design  method  (Duncan,  1979)  was 
found  to  provide  the  most  accurate  description  of  the  culvert  construction  and  live  load 
behaviour.  Given  the  complexity  of  most  flexible  culverts  installed  in  practice  it  is 
thought  that  designs  based  on.  this  method  would  -be  sufficient  and  the  added 
complexities  of  finite  element  modelling  may  not  be  necessary.  However,  designs  do 
arise  where  a  more  complex  method  of  analysis  is  required.  In  these  situations 
Duncads  method  could  be  used  to  check  the  results  of  finite  element  analysis  or 
alternatively  be  used  to  provide  estimates  of  thrust  and  bending  moment  from  which  a 
suitable  value  of  PoissorYs  ratio  could  be  back  analysed. 
326 Table  8.1  Details  of  Mytholmroyd  culvert  (Johnson  et  al.,  1989) 
CULVERT  PROPERTY  MYTHOLMROYD  CULVERT 
CULVERT  PROFILE  1-HGH  PROFILE  ARCH 
SPAN,  S(m)  5.95 
TOP  RADIUS,  R(m)  3.01 
DEPTH  OF  COVEF,  H(m)  0.7/1.2 
PLATE  TFUCKNESS,  t(mm)  5.5 
CORRUGATIONS  (mni)  200x55 
MOMENT  OF  INERTIA  (mm4/mm)  2506 
AREA  OF  SECTION  (mm2/mm)  6.51 
LONGITUDINAL  SEAMS  2 
CULVERT  MATERIAL  STEEL 
YOUNGSMODULUS,  E  Pa  (E  205 
YIELD  STRESS,  cr  (kPa)  215 
Table  8.2  Details  of  backfill  material  (Johnson  et  al.,  1989) 
PROPERTY  BACKFIILL 
BACKFILL  MATERIAL  CRUSHED  SANDSTONE 
IN  SITU  BULK  DENSITY  (Mg/m3)  2.20 
IN  SITU  DRY  DENSITY  (Mg/m3)  2.05 
IN  SITU  MOISTURE  CONTENT  (%)  8.2 
MAXUvRM  DRY  DENSITY  (Mg/m3)  2.15 
OPTIMUM  MOISTURE  CONTENT  (%)  8.4 
IN  SITU  DRY  DENSITY  (Nlg/m3)  T  0.95 
Table  8.3  Initial  values  of  backfill  material  parameters  (non-associated  flow  Mohr- 
Coulomb) 
SOIL  MODEL  PARAMETER 
STRUCTURE  Elf 
(kPa) 
vo  f  cl  f 
(kPa) 
If 
(degrees) 
Yf  wIf 
(degrees) 
BACKFILL  35xI03  0.2  0.2  35  21  -5 
Table  8.4  Culvert  and  plinth  material  parameters  (isotropic  linear  elastic  soil  model) 
STRUCTURE  E  (kPa)  v  y  (kN/m3) 
CULVERT  15xlo6  0.3  - 
PLINTH  20xjo6  0.2  24 
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360 Fig  8.9  Initial  analysis;  Crown  displacement 
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Fig  8.19  Variation  of  Ratio  of  vertical  to  horizontal  deflection  with  Pipe-Soil 
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Where  ý'm  is  the  the  mobilised  angle  of  friction  on  horizontal  planes;  ý'cs  angle  of 
friction  resisting  sliding  on  the  inclined  planes. 
FIG  8.33  SLIDING  OF  SOIL  PARTICLES  ON  INCLINED  PLANES  AND 
RESULTANT  FORCES  ON  AN  INCLINED  SURFACE 
(MUIR  WOOD,  1990) 
375 Fig  8.34  (a)  and  (b)  Definition  of  angle  of  dilation  y  (Muir  Wood,  1990). 
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385 FIGURE  8.50(b) 
APPLIED  LOAD  vs  COMPUTED  AND  OBSERVED  CROWN  LIVE  LOAD  DISPLACEMENT 
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388 FIG  8.54  LOADING  CASE  B;  RADIAL  STRESS 
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390 FIGURE  8.58(c) 
VARIATION  OF  CONSTRUCTION  THRUST  WITH  BACKFILL  YOUNG'  MODULUS 
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FIGURE  8.58(b) 
VARIATION  OF  LIVE  LOAD  THRUST  WITH  BACKFILL  YOUNG'  MODULUS 
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391 FIGURE,  8.59(a) 
VARIATION  OF  CROWN  DISPLACEMENTS  WITH  BACKFILL  YOUNG'S  MODULUS 
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FIGURE  8.59(b) 
VARIATION  OF  SPRINGLINE  DISPLACEMENTS  WITH  BACKFILL  YOUNG'S  MODULUS 
0.4  .................  ....................  .................  0  CONSN  ONLY 
A  CONS'N  &  LL 
0  3  ...........  .. 
0  LL  ONLY 
.  .....  ...  .  ................  ........  .  .  .  . 
0.2  ........  ......  ....  :  .........  *:  ..........  :  .......  ........  ........  ........  ............ 
LLJ 
0  0.1  -...:  .........  :  ......  ..  11  ........  11  .........  ...................  ................  ..................... 
n 
0  0 
. 
Lij 
-0.1  ...........  a.  ......................  ..........................  ........  ........  I  ..............  . 
ry 
-0.2  ................  .............  ,  .................  ........  ........  ........  ...................... 
-0.3  .............................  .........  :  .................... 
20  30  40  50  60  70  80  90  100  110  120 
BACKFILLYOUNG'S  MODULUS  Ef 
392 FIG  8.59(c)-(i)  CROWN  AND  INVERT  DISPLACEMENT;  Ef-20MPa 
3 
-N 
.  a- 
CROWN  VIZIZ 
INVERT  IS= 
I 
34567 
Construction  Stage 
2.9 
2.4 
E 
1.9 
Q) 
E 
1.4 
a- 
0.9 
c 3: 
0 
0.4 
-0.1 
FIG  8.59(c)-(ii)  CROWN  AND  INVERT  DISPLACEMENT;  Ef=120MPa 
10 
CROWN  V7= 
INVERT  123EM 
I 
3567 
Construction  Stage 
10 
393 FIG  8.59(d)-(i)  SPRINGLINE  DISPLACENM'NT;  Ef=20NTa 
0.4 
0.3 
0.2 
Q) 
E  0.1 
0-  0.0 
-0.2 
, 2-  -0.3 
-0.4 
345678 
Construction  Stage 
FIG  8.59(d)-(ii)  SPRINGLINE  DISPLACEMENT;  Ef-120MPa 
E 
0 
a- 
10 
0.1 
0.0 
-0.1 
-0.2 
-0.3 
-0.4  3456789  10 
Construction  Stage 
394 FIGURE  8.60(a) 
VARIATION  OF  DEGREE  ARCHING  WITH  BACKFILL  YOUNG'S  MODULUS 
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FIGURE  8.60(b) 
VARIATION  OF  RADIAL  STRESS  WITH  BACKFILL  YOUNG'  MODULUS 
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395 FIGURE  8.61  (a) 
VARIATIO  N  OF  CONSTRUCTION  BENDING  MOMENT  WITH  BACKFILL  YOUNG'S  MODULUS 
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FIGURE  8.61  (b) 
VARIATION  OF  LIVE  LOAD  BENDING  MOMENT  WITH  BACKFILL  YOUNG'S  MODULUS 
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VARIATION  OF  CONSTRUCTION  SHEAR  STRESS  WITH  BACKFILL  YOUNG'MODULUS 
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VARIATION  OF  CONSTRUCTION  THRUST  WITH  POISSON'S  RATIO 
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FIGURE  8.63(b) 
VARIATION  OF  LIVE  LOAD  THRUST  WITH  BACKF  ILL  POISSON'S  RATIO 
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398 FIGURE  8.64(a) 
VARIATION  OF  CONSTRUCTIPN  RADIAL  STRESS  WITH  BACKFILL  POISSON'S  RATIO 
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FIGURE  8.64(b) 
VARIATION  OF  LIVE  LOAD  RADIAL  STRESS  WITH  BACKFILL  POISSON'S  RATIO 
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VARIATION  OF  DEGREE  ARCHING  WITH  BACKFILL  POISSON'S  RATIO 
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FIGURE  8.66(a) 
VARIATION  OF  CONSTRUCTION  BENDING  MOMENT  WITH  BA  CKFILL  POISSON'S  RATIO 
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400 FIGURE  8-66(b) 
VARIATION  OF  LIVE  LOAD  BENDING  MOMENT,  WITH  BACKFILL  POISSON'S  RATIO 
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VARIATION  OF  SPRINGLINE  DISPLACEMENTS  WITH  BACKFILL  POISSON'S  RATIO 
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FIGURE  8.68(a) 
VARIATION  OF  CONSTRUCTION  SHEAR  STRESS  WITH  BACKFILL  POISSON'S  RATIO 
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402 FIGURE  8-68(b) 
VARIATION  OF  LIVE  LOAD  SHEAR  STRESS  WITH  BACKFILL  POISSON'S  RATIO 
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FIGURE  8.69(a) 
VARIATION  OF  CROWN  DISPLACEMENTS  WITH  BACKFILL  ANGLE  OF  FRICTION 
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VARIATION  OF  SPRINGLINE  DISPLACEMENTS  WITH  BACKFILL  ANGLE  OF  FRICTION 
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FIGURE  8.71 
VARIATION  OF  DEGREE  ARCHING  WITH  BACKFILL  ANGLE  OF  FRICTION 
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BACKFILL  ANGLE  OF  FRICTION  (degrees) FIGURE  8.72(a) 
VARIATION  OF  CONSTRUCTION  SHEAR  STRESS  WITH  BACKFILL  ANGLE  OF  FRICTION 
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FIGURE  8.72(b) 
VARIATION  OF  LIVE  LOAD  SHEAR  STRESS  WITH  BACKFILL  ANGLE  OF  FRICTION 
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FIGURE  8.73(b) 
VARIATION  OF  LIVE  LOAD  THRUST  WITH  BACKFILL  ANGLE  OF  FRICTION 
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Quy  Water  culvert 
9.1  Introduction 
In  highway  projects,  because  of  increasing  construction  costs,  flexible  culverts  are 
increasingly  being  used  as  short  span  bridges.  Typically  these  structures  are  embedded 
under  shallow  cover  conditions  and  can  be  of  spans  of  up  to  14m  (Byrne  et  al.,  1993). 
Previous  analysis  of  flexible  culvert  behaviour  under  shallow  cover  using  the  developed 
modelling  approach  (Davies  et  al.,  1993)  has  tended  to  concentrate  on  shorter  culvert 
spans,  e.  g.  Mytholmroyd  culvert  (chapter  8)  6m  span  and,  Newport  (Armco)  culvert 
3m  span  (Davies  et  al.,  1993).  Therefore,  in  this  chapter  the  ability  of  the  chosen 
approach  to  predict  the  live  load  behaviour  of  longer  span,  shallow  cover  culverts  has 
been  assessed.  To  do  this  a  case  history  describing  a  trial  loading  of  a  long  span 
(S=  I  Orn)  elliptical  flexible  culvert  embedded  under  shallow  cover  (H/S=O.  19)  has  been 
used.  The  height  of  cover  above  the  culvert  crown  includes  the  thickness  of  a  flexible 
pavement  (0.4m). 
A  brief  description  of  the  culvert  and  trial  loading  is  given  in  section  9.2.  Full  details 
can  be  found  from  Temporal  and  Johnson  (1988). 
The  structure  of  this  chapter  is  similar  to  that  adopted  for  chapter  8.  Discretisation  of 
the  problem  and  selection  of  an  initial  first  estimate  set  of  material  parameters  from 
available  in  situ  and  laboratory  data  (Temporal  and  Johnson,  1988)  are  considered  in 
section  9.3.  The  predicted  culvert  behaviour  is  presented  and  discussed  in  section  9.4. 
In  this  case  the  predictions  of  the  culvert  behaviour  are  less  accurate  than  those 
presented  previously  in  chapter  8  and  variation  of  the  material  parameters,  to  improve 
the  predicted  result,  was  not  successfW.  Therefore  through  a  process  of  trial  and  error 
(section  9.4)  the  main  inaccuracy  was  identified  and  determined  to  be  the  culvert  finite 
element  discretisation  assumptions.  The  developed  approach  to  modelling  the  culvert 
(Davies  et  al.,  1993)  currently  limits  the  number  of  culvert  elements  to  eight 
rectangular,  isoparametric  elements.  For  the  flexible  culvert  considered  here  the 
curvature  of  the  side  walls  is  significant  and  is  modelled  more  accurately  using 
isoparametric  elements  with  curved  sides.  Using  elements  with  curved  sides  the  initial 
analysis  was  re-run  and  a  significantly  more  accurate  prediction  of  the  culvert  live  load 
behaviour  was  obtained.  The  results  of  this  analysis  are  presented  and  discussed  in 
section  9.5  Conclusions  drawn  from  the  results  of  this  study  are  presented  in  section 
9.6 
425 9.2  Description  of  case  history;  Quy  Water 
This  culvert  is  a  9.83m  span  horizontal  ellipse  which  carries  a  stream  known  as  Quy 
Water  under  a  section  of  the  A45,  Cambridge  Northern  bypass.  The  structural  plates 
of  the  culvert  are  7mm  thick  with  a  corrugation  of  152.4mm  x  50.8mm.  The  geometry 
of  the  culvert  is  shown  in  Fig  9.1  and  further  details  of  the  culvert  are  given  in  Table 
9.1.  Reinforced  concrete  thrust  beams  were  incorporated  into  the  structure  at  each  of 
the  shoulders  (quarter-points)  at  locations  approximately  120  degrees.  The  thrust 
beams  act  as  longitudinal  stiffeners  and  are  also  considered  to  assist  compaction  of  the 
backfill  within  these  areas. 
The  culvert  was  backfilled  with  a  well-graded  sand  and  gravel  fill  which  was  well 
compacted.  The  sand  and  gravel  backfill  extended  to  approximately  one  span  of  the 
culvert  on  each  side  of  the  culvert  and  to  a  depth  of  1.53m.  above  the  culvert  crown. 
The  particle  size  distribution  of  the  backfill  is  shown  in  Fig  9.2.  The  unit  weight  of  the 
backfill  material,  yf,  was  found  to  be  approximately  20kN/m3. 
A  pavement  consisting  of  0.21m  of  lean  mix  concrete  overlaid  by  0.16m  of 
bituminous-bound  material  was  constructed  on  top  of  the  backfill,  giving  a  total  cover 
depth  of  1.90m.  above  the  culvert  crown. 
The  culvert  was  loaded  to  a  maximum  load  of  450kN  using  a  loading  trailer  similar  to 
that  described  previously  in  chapters  7  and  8.  The  response  of  the  culvert  to  the 
applied  loading  (representative  of  a  live  loading)  was  monitored  using  strain  gauges 
installed  within  the  culvert  which  measured  the  vertical  displacement  and  ring 
compression  and  bending  strain  induced  within  the  culvert.  The  layout  of  the 
instrumentation  and  loading  positions  relative  to  the  culvert  is  shown  in  Fig  9.3.  In  this 
case  analyses  are  only  concerned  with  predictions  of  the  culvert  live  load  behaviour  for 
application  of  the  maximum  loading  (455kN)  directly  above  the  culvert  crown 
(corresponds  to  loading  position  number  1).  Using  the  method  described  previously  in 
chapter  7,  ring  compression  strains  and  bending  strains  were  converted  to  thrusts  and 
bending  moments  for  direct  comparison  with  the  finite  element  analysis  output. 
At  Quy  Water,  the  culvert  was  skewed  at  15  degrees  relative  to  the  carriageway  as 
shown  in  Fig  9.4.  Insufficient  space  at  the  test  location  did  not  permit  the  loading  to 
be  performed  in  the  same  plane  as  the  culvert.  Previous  researchers  of  this  loading 
event  (Temporal  and  Johnson,  1988)  found  that  the  presence  of  the  skew  did  not  have 
a  significant  influence  on  the  results.  As  can  be  seen  from  Fig'9.4,  for  the  worst 
loading  condition  (load  directly  above  the  culvert  crown)  the  effect  of  the  degree  of 
skew  is  minimised  as  the  centre  line  of  the  loading  trailer  is  directly  over  the  culvert 
crown. 
426 9.3  Modelling  of  soil-culvert  system 
Drained  plane  strain  finite  element  analyses  have  been  performed  using  the  finite 
element  mesh  shown  in  Fig  9.5  to  predict  the  behaviour  of  the  Quy  water  culvert. 
Because  of  the  symmetry  of  the  problem  only  half  of  the  soil-culvert  system  was 
modelled.  The  corrugated  metal  culvert  was  modelled  using  eight  rectangular  linear 
strain,  isoparametric  elements.  Equivalent  elastic  material  properties  of  the  rectangular 
culvert  sections  were  determined  using  the  method  described  in  chapter  7.  The  culvert 
was  described  using  the  isotropic  elastic  model. 
The  backfill  material  was  modelled  using  triangular  linear  strain,  isoparametric 
elements  and  described  using  the  elastic,  perfectly  plastic  Mohr-Coulomb  soil  model 
and  a  non-associated  flow  rule.  Full  details  of  this  model  are  given  in  chapter  2. 
The  interface  elements  were  of  similar  form  and  shape  to  those  used  to  describe  the 
flexible  culvert.  The  interface  elements  were  given  the  same  material  properties  as  the 
backfill  material  and  also  modelled  using  the  Mohr-Coulomb  soil  model.  The 
pavement  was  modelled  as  a  single  layer  using  triangular,  linear  strain  isoparametric 
elements  and  was  described  using  the  isotropic  elastic  model. 
The  reinforced  concrete  thrust  beams  located  at  the  culvert  quarter-points  were  also 
modelled  and  were  described  using  the  isotropic  elastic  model. 
The  vertical  boundaries  of  the  mesh  were  fixed  horizontally  (x-axis)  but  free  to  move 
vertically  (y-axis).  The  right-hand  side  boundary  of  the  mesh  was  positioned  at  a 
distance  of  approximately  1.5  times  the  culvert  span,  S.  The  bottom  boundary  was 
located  at  a  distance  approximately  equal  to  the  span  of  the  culvert  beneath  the  invert. 
No  movement  in  either  the  horizontal  or  vertical  directions  was  permitted  at  the 
bottom  boundary. 
The  construction  process  was  modelled  and  the  live  loading  was  applied  as  an 
equivalent  line  load  (see  chapter  7)  at  the  surface  comer  node,  directly  above  the 
culvert  crown.  No  compaction  pressure  was  applied  to  elements  immediately  adjacent 
to  the  culvert. 
Material  parameters  selected  for  the  backfill  material,  pavement  and  culvert  are  shown 
in  Table  9.2  and  9.3.  As  previously  noted  the  backfill  material  is  determined  using  the 
elastic,  perfectly  plastic  Mohr-Coulomb  soil  model.  The  pavement,  culvert  and  thrust 
beams  are  described  using  the  isotropic  elastic  model.  The  Mohr-Coulomb  soil  model 
requires  the  selection  of  six  material  parameters;  Ff,  Vf,  c'f,  ý'f,  yf  and  xvf  (symbols 
have  their  usual  meaning).  The  backfill  Young's  modulus  Ef,  was  obtained  indirectly 
from  values  of  constrained  moduli,  Mf,  obtained  from  plate  loading  tests,  performed  in 
situ  at  Quy  water.  Using  relation  (9.1)  and  assuming  a  Mf  equal  to  180MPa, 
427 determined  from  the  first  load  cycle  tests,  a  value  of  Ff  equal  to  175Wa  was 
obtained. 
Ff  = 
Mf  (I 
-2  Vf)(I  +  Vf) 
(9.1)(7.4bis)  (I-  Vf) 
A  value  of  Poisson's  ratio  of  the  backfill  was  assumed  equal  to  0.2.  The  backfill 
material  was  assumed  to  have  zero  drained  cohesion,  i.  e.  c'f-O.  O.  The  second  shear 
strength  parameter,  ý'f  (  angle  of  internal  friction)  was  determined  from  published  data 
(Chang  et  al.,  1980;  Mayne  and  Kulhawy,  1982  and  Craig,  1987).  A  value  of  ý'f  equal 
to  40  degrees  was  assumed  for  the  backfill  material. 
The  unit  weight  of  the  backfill  material,  yf  was  determined  from  available  laboratory 
test  data  and  was  found  to  be  approximately  20kN/m3. 
Parameter  Wf  which  describes  the  angle  of  dilatancy  of  the  backfill  material  is  an  extra 
material  parameter  and  was  added  (Davies  et  al.,  1993)  to  represent  the  contractant 
behaviour  of  the  backfill  material  during  the  construction  procedure.  Consequently  the 
value  of  Wf  input  is  of  negative  sign  and  remains  constant  throughout  the  analysis. 
Values  of  xVf  were  determined  from  previous  analysis  of  the  flexible  culvert  problem 
using  this  soil  model  (Davies  et  al.,  1993).  A  value  of  xvf  equal  to  -10  degrees  was 
assumed  for  the  backfill  material. 
The  isotropic  elastic  model  requires  the  selection  of  two  material  parameters;  Young's 
modulus,  E,  and  Poissoff  s  ratio,  v. 
The  culvert  Young's  modulus  Ec  was  determined  using  the  method  described  in 
chapter  7.  Poisson's  ratio  vc  was  assumed  equal  to  0.3  (Chang  et  al.,  1980). 
The  pavement  Young's  modulus,  Epav  was  assumed  equal  to  540NTa  and  was 
determined  from  plate  load  tests  performed  on  the  pavement  surface,  which  determined 
that  the  pavement  Young's  modulus  Was  some  three  times  larger  than  that  determined 
for  the  backfill.  A  Poissods  ratio  of  0.35  was  assumed  for  the  pavement  layer 
(Temporal  and  Johnson,  Temporal  and  Watts,  1989). 
Elastic  parameters  required  to  describe  the  reinforced  concrete  thrust  beams  were 
determined  from  published  data  (Chang  et  al.,  1980).  Values  of  25GPa  and  0.2  were 
assumed  for  Young's  modulus  and  Poisson!  s  ratio  of  the  thrust  beams.  The  unit  weight 
of  the  thrust  beams  was  assumed  equal  to  24kN/m3. 
To  model  the  construction  process  a  compaction  pressure  of  magnitude  of  100kPa 
was  used.  The  magnitude  of  compaction  pressure  was  chosen  based  on  the  results  of 
the  Mytholmroyd  culvert  study.  Compaction  pressure  was  applied  to  the  top  of  the 
pavement  layer  to  represent  pressing  of  the  surface  layers. 
428 Using  the  chosen  parameter  set  (Tables  9.2  and  9.3)  an  initial,  first-estimate  analysis 
has  been  performed.  The  results  of  this  analysis  are  presented  and  discussed  in  the 
next  section. 
9.4  Initial  analysis  and  results 
9.4.1  Introduction 
The  main  concern  of  the  analyses  is  to  predict  to  a  reasonable  degree  of  accuracy  the 
observed  live  load  behaviour  of  the  flexible  culvert.  However,  for  convenience  the 
discussion  commences  with  the  construction  induced  behaviour  (section  9.4.2).  No 
measured  data  are  available  for  the  construction  procedure,  therefore  corroboration  of 
this  part  of  the  analysis  has  been  made  using  alternative  methods  of  flexible  culvert 
analysis.  In  section  9.4.3  the  discussion  progresses  onto  the  live  load  behaviour  and 
the  results  of  the  finite  element  analysis  are  compared  with  observed  data  and 
alternative  methods  of  analysis.  The  main  findings  of  the  results  are  summarised  and 
discussed  in  section  9.4.4. 
9.4.2  Results,  construction  behaviour 
The  results  of  the  initial,  first-estimate  analysis  of  the  Quy  Water  culvert  behaviour  are 
presented  in  Figs  9.6-9.11. 
The  distribution  of  construction  induced  thrusts  is  similar  to  that  observed  by  Abel  et 
al.  (1973)  following  scaled  laboratory  studies  performed  to  determine  the  stress 
distribution  around  flexible,  metal  elliptical  culverts.  However,  the  decrease  in  thrust 
at  the  thrust  beam,  approximately  120  degrees,  Fig  9.6(a)  is  greater  in  these  analyses 
than  was  observed  by  Abel  et  al.  (1973).  Exclusion  of  the  thrust  beams  from  the 
analysis  and  replacement  by  an  equivalent  area  of  backfill,  significantly  increase  the 
thrust  in  the  culvert  within  this  region,  Fig  9.6(b).  Therefore,  it  is  evident  that  the 
thrust  beams,  which  are  assumed  stiffer  than  the  culvert,  are  attracting  the  thrust  in  this 
region  and  as  a  result  the  thrust  in  the  culvert  is  significantly  lower.  Reducing  the 
stiffness  of  the  thrust  beams  to  less  than  or  equal  to  that  of  the  culvert  will  increase  the 
culvert  thrust  in  this  region  and  also  smooth  the  predicted  thrust  distribution  at  this 
location. 
429 Analyses  computed  a  springline  thrust  of  approximately  245kN/m.  Using  simple 
equilibrium  theory,  relation  (9.2)  and  Fig  9.12,  gives  a  construction  springline  thrust  of 
approximately  360kN/m. 
- 
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Ring  compression  theory  (White  and  Layer,  1960)  gives  a  springline  thrust  of 
approximately  205kN/m.  As  noted  previously  ring  compression  theory  does  not  take 
account  of  the  weight  of  backfill  at  the  culvert  sides  above  the  sPringline.  As  was 
found  for  the  Mytholmroyd  case  studies  the  springline  thrusts  calculated  from  ring 
compression  theory  and  equilibrium  theory  are  lower  and  higher  than  that  obtained 
from  analyses. 
Comparison  of  finite  element,  springline  thrusts  with  that  calculated  from  equilibrium 
theory  suggests  that  positive  arching  is  occurring  at  the  culvert  springline  and 
consequently  load  is  being  transferred  away  from  the  culvert  in  this  region.  This  trend 
of  behaviour  is  similar  to  that  found  by  Beal  (1982). 
An  estimation  of  the  degree  of  arching,  A,  occurring  at  the  culvert  crown  can  be 
obtained  from  the  computed  crown  radial  stress,  crff,  and  relation  (7.1)  (Allgood  and 
Takahashi,  1964). 
Computed  radial  stress  at  the  culvert  crown,  at  the  end  of  construction  is  equal  to 
50kPa,  giving  a  negative  degree  of  arching  of  -0.25.  As  was  found  for  the 
Mytholmroyd  culvert,  the  degree  of  arching  vanes  around  the  culvert  from  negative  at 
the  crown  to  positive  at  the  springline  However,  comparison  with  finite  element 
thrusts  at  the  culvert  springline  with  that  calculated  from  ring  compression  theory 
implies  that  negative  arching  occurs  at  the  springline.  This  behaviour  is  similar  to  the 
findings  of  Duncan  (1979);  however,  Duncan  compared  the  results  of  his  finite  element 
analysis  with  those  obtained  from  ring  compression  theory  and  did  not  include  the 
weight  of  soil  above  the  culvert  springline. 
Using  Duncan's  method  (Duncan,  1979),  which  assumes  negative  arching,  gives  a 
maximum  thrust  in  the  culvert  of  approximately  415kN/m.  The  maximum  construction 
thrust  obtained  from  analyses  is  approximately  260kN/m  and  was  found  to  occur  at 
approximately  150  degrees.  Dunc&s  method  is  predicting  a  culvert  thrust  some  1.6 
times  larger  than  that  obtained  from  the  finite  element  analysis. 
The  distribution  of  computed  construction  bending  moment  around  the  culvert  is 
shown  in  Fig  9.7.  As  can  be  seen  the  maximum  bending  moment  occurred  at  the 
culvert  crown  and  is  a  hogging  moment  (tension  on  the  outside  surface  of  the  culvert). 
Maximum  sagging  moment  (tension  inside  the  culvert)  is  occurring  in  the  region  of  the 
430 culvert  springline.  Bending  moments  around  the  base  of  the  culvert  are  small  and 
diminish  to  zero  at  the  invert.  This  form  of  behaviour  is  similar  to  that  observed,  by 
Beat  (1982)  from  full-scale  field  studies  performed  on  long  span,  shallow  cover, 
flexible  pipe-arch  culverts. 
The  decrease  in  bending  moment  to  zero  at  the  thrust  beams  is  due  to  the  positioning 
of  the  culvert  and  thrust  beam  elements  at  this  location  on  the  culvert.  As  can  be  seen 
from  Fig  9.5  the  culvert  and  thrust  beam  elements  are  the  same  length,  therefore  the 
stiffer  thrust  beam  element  is  resisting  the  culvert  element  from  deforming, 
consequently  the  bending  moment  is  zero.  The  marked  decrease  in  bending  moment 
observed  in  analysis  at  the  thrust  beams  location  is  not  observed  in  the  field  (Byrne  et 
al.,  1992  and  Lefebvre  et  al.,  1976. 
Using  Duncan'  s  method  the  maximum  end  of  construction  bending  moment  is 
estimated  to  be  approximately  5kNm/m.  This  is  approximately  3-4  times  lower  than 
that  estimated  from  finite  element  analysis.  A  similar  trend  of  behaviour  was  found  by 
Beal  (1982)  following  comparison  of  field  construction  bending  moments  with  those 
obtained  from  DuncatYs  design  method. 
The  distribution  of  radial  (normal)  stress  around  the  culvert  is  shown  in  Fig  9.8.  As 
can  be  seen  the  maximum  radial  stress  is  occurring  at  approximately  70  degrees  and  is 
of  magnitude  175kPa.  The  radial  stress  distribution  also  displays  a  small  increase  at 
the  quarter-points  to  arr=-95kPa  due  to  the  presence  of  the  thrust  beams  at  this 
location.  This  distribution  is  more  representative  of  a  pipe-arch  culvert  (Richards, 
1982)  than  an  elliptical  culvert  (Richards,  1982  and  Beal,  1982).  This  is  not  surprising 
as  the  chosen  finite  element'mesh  is  of  a  form  more  representative  of  a  pipe-arch 
culvert  than  an  ellipse.  This  form  of  mesh  for  the  culvert  was  not  intentional  and  arose 
from  the  need  to  avoid  sharp  comers  in  the  culvert  mesh.  The  presence  of  sharp 
comers  in  such  numerical  problems  can  result  in  shear  locking  of  elements  adjacent  to 
the  comer  (Britto  and  Gunn,  1987).  Refining  the  mesh  with  elements  with  curved 
sides  (see  section  9.7)  or a  greater  number  of  rectangular  elements  to  model  the  actual 
culvert  shape  more  accurately  will  provide  a  more  accurate  representation  of  the  radial 
stress  distribution.  The  anticipated  radial  stress  distribution  around  a  long  span, 
shallow  cover,  elliptical  culvert  is  shown  in  Fig  9.8(b)  (Abel  et  al.,  1982).  As  can  be 
seen  the  maximum  radial  stress  should  occur  between  the  culvert  quarter-points  and 
springline.  Beneath  the  culvert  springline  the  radial  stress  should  tend  towards  zero. 
As  can  be  seen  from  Fig  9.8(a)  the  computed  radial  stress  distribution  does  not 
compare  well  with  that  obtained  from  observations  (Abel  et  al.,  1982).  This  implies 
that  in  design  situations  where  accurate  predictions  of  the  radial  stress  distributions  are 
required  the  shape  of  the  culvert  must  be  accurately  reproduced  within  the  finite 
431 element  mesh.  Currently  the  adopted  approach  to  numerical  modelling  of  the  culvert 
only  allows  the  use  of  eight  elements  to  model  the  culvert.  For  predictions  of  the 
performance  of  such  long  span  culverts  more  elements  are  required  to  accurately 
model  the  culvert  shape.  The  effect  of  modelling  the  culvert  shape  is  considered  in 
more  detail  in  section  9.7. 
The  distribution  of  shear  stress  around  the  culvert  is  shown  in  Fig 9.9.  As  can  be  seen 
the  maximum  shear  stress  is  occurring  at  the  thrust  beam  and  is  of  magnitude  -300kPa. 
This  high  magnitude  of  shear  stress  has  arisen  at  the  thrust  beam-culvert  interface 
because  under  the  increasing  weight  of  backfill  over  the  culvert  crown  the  culvert  is 
being  forced  outwards,  this  in  turn  is  causing  the  thrust  beam  to  bear  into  the  backfill 
as  shown  in  Fig  9.13.  The  backfill  material  has  a  high  angle  of  friction,  ýf  and 
consequently  can  mobilise  a  high  magnitude  of  passive  earth  pressure  to  resist  any 
movement  of  the  culvert  sides  and  thrust  beam  into  the  backfill.  The  earth  pressure 
distribution  developing  at  the  side  of  the  thrust  beams  is  similar  to  that  mobilised 
behind  a  retaining  wall.  The  presence  of  the  thrust  beams  may  also  be  helping  to  resist 
the  lateral  displacement  of  the  culvert  under  backfill  and  live  loads. 
The  distribution  of  computed  shear  stress  around  the  culvert  is  similar  to  that 
observed  by  Abel  et  al.,  (1982).  However  the  magnitude  of  shear  stress  observed  by 
Abel  et  al.,  (1982)  at  the  thrust  beams  was  considerably  smaller  than  that  computed 
here.  Additionally,  the  computed  shear  stress  distribution  is  of  a  similar  form  to  that 
observed  by  Shumlevich  et  al.  (1986)  following  investigations  into  the  distribution  of 
soil  stresses  around  buried  flexible  pipes,  Fig  9.9(c).  Thrust  beams  were  not  present  in 
the  study  performed  by  Shmulevich  et  al.  (1986). 
The  histories  of  culvert  crown  and  springline  displacement  throughout  the  construction 
process  are  shown  in  Fig  9.10  and  Fig  9.11.  The  form  of  displacements  is  similar  to 
that  presented  previously  for  the  Mytholmroyd  case  study.  As  can  be  seen  the 
construction  displacements  are  dominated  by  high  upward  crown  and  inward  springline 
displacements  following  the  mobilisation  of  high  lateral  earth  pressures  at  the  sides  of 
the  culvert  during  the  construction  process.  In  each  case  (crown  and  springline)  the 
initial  construction  displacement  is  only  slightly  recovered  as  the  construction  process 
progresses  above  the  culvert  crown.  This  is  due  to  the  presence  of  high  lateral  earth 
pressures  at  the  culvert  sides.  As  noted  previously  the  thrust  beams  may  also  be 
assisting  to  resist  any  lateral  movement  of  the  culvert  as  the  construction  process 
progresses  above  the  culvert  crown. 
432 9.4.3  Results,  live  load  behaviour 
Numerical  (finite  element)  predictions  of  the  culvert  live  load  behaviour  are  compared 
with  observations  in  Tables  9.4-9.7.  Observed  data  are  only  available  for  the  top 
region  of  the  culvert,  180  ýý  0  ý:  13  5  degrees. 
As  can  be  seen  from  Table  9.4  predictions  of  the  culvert  live  load  thrust  are 
inaccurate  and  do  not  compare  with  those  observed.  Analyses  predict  zero  change  in 
the  culvert  thrust  at  the  crown  following  application  of  the  live  load  at  the  culvert 
crown.  At  the  remaining  sampling  positions  analyses  are  underpredicting  the  observed 
thrusts  by  as  much  as  a  factor  of  15. 
Using  simple  equilibrium  theory,  which  assumes  neutral  arching,  gives  a  live  load 
thrust  of  60kN/m  at  the  culvert  springline.  Alternatively  using  Duncan's  method 
(Duncan,  1979),  which  assumes  negative  arching,  gives  a  live  load  thrust  of  72kN/m  at 
the  springline.  No  measured  data  are  available  for  the  thrust  behaviour  at  the 
springline.  The  nearest  measuring  location  is  at  0=135  degrees,  which  gave  a  live  load 
thrust  of  30kN/m.  The  measured  thrust  data  (Table  9.4)  follow  a  similar  trend  to  that 
observed  for  the  Mytholmroyd  load  test.  Observed  thrusts  increase  with  increasing 
circumferential  distance  away  from  the  crown  moving  in  an  anti-clockwise  direction) 
up  to  0=150-140  degrees,  thereafter  the  thrust  decreases  towards  the  culvert 
springline.  Given  the  magnitude  of  observed  live  load  thrust  at  0=135  degrees  of 
30kN/m  for  the  Quy  water  culvert,  and  assuming  that  the  observed  trend  in  data  for 
the  Mytholmroyd  culvert  applies,  culvert  thrusts  are  lower  than  that  calculated  from 
equilibrium  theory  suggesting  that  positive  arching,  due  to  -a  locally  low  crown 
pressure  is  occurring  at  the  culvert  springline.  Analyses  are  also  predicting  positive 
arching  as  a  whole  for  the  culvert  (thrust  equal  to  7kN/m)  however  the  degree  of 
arching  does  appear  to  be  unrealistic. 
Computed  live  load  radial  stress  at  the  culvert  crown  is  zero  which  indicates  that 
analyses  are  significantly  overpredicting  the  degree  of  arching  occurring  in  the  backfill. 
Computed  live  load  radial  stress  at  the  culvert  quarter-points  and  springline  are  also 
very  small,  less  than  5kPa. 
The  alternative  methods  of  analysis,  equilibrium  theory  and  Dunc&s  method,  are 
providing  better  estimates  of  the  culvert  live  load  thrust  behaviour  than  the,  finite 
element  analyses. 
Analyses  did  not  predict  any  increase  in  the  bending  moment  on  application  of  the  live 
load.  Observed  bending  moments  are  small,  maximum  0.1kNm/m.  Reproduction  of 
such  a  small  magnitude  may  be  difficult. 
433 Duncan's  design  method  gives  a  maximum  live  load  bending  moment  of  7kNm/m,  this 
is  approximately  a  factor  of  ten  greater  than  that  observed.  A  similar  trend  was 
observed  by  Beal  (1982). 
The  magnitude  of  crown  displacement  is  small,  approximately  -0.1cm.  Analyses 
predicted  a  crown  displacement  of  -0.04cm.  Given  the  magnitude  of  displacement, 
computed  and  observed  crown  displacement  are  in  reasonable  agreement. 
Observations  of  the  crown  displacement  and  bending  moments  are  very  small  and 
insignificant  to  the  magnitude  of  the  observed  thrusts.  Consequently  further 
predictions  of  the  culvert  behaviour  will  concentrate  on  improving  the  accuracy  of 
thrust  predictions. 
9.4.4.  Discussion 
Numerical  predictions  of  the  culvert  live  load  behaviour  are  inaccurate  and  not 
representative  of  that  observed.  The  main  failing  of  the  predictions  is  the  inability  to 
reproduce  even  reasonably  the  observed  live  load  thrust.  As  noted  previously,  the 
reason  for  this  is  that  the  predictions  significantly  overestimate  the  observed  degree  of 
positive  arching.  Previously  for  the  Mytholmroyd  load  test  (chapter  8)  these 
inaccuracies  were  overcome  by  suitably  adjusting  the  backfill  material  input 
parameters,  backfill  Poissods  ratio,  Vf  and  angle  of  internal  friction,  ý'f.  Analyses 
were  found  to  be  most  sensitive  to  these  (backfill)  parameters.  In  this  study  (Quy 
Water)  these  parameters,  particularly  Poisson's  ratio,  were  chosen  such  that  the 
'sensitivity'  was  maximised  and  predictions  would  tend  to  overpredict  the  observed 
behaviour.  However,  as  shown  previously  in  section  9.4.3  this  is  not  the  case  and 
despite  the  selection  of  adverse  parameters  (parameters  which  will  give  the  worst  result 
for  design),  analyses  have  significantly  underestimated  the  observed  thrusts.  Therefore 
variation  of  the  backfill  material  parameters  will  not  improve  predictions. 
The  previous  load  test  (Mytholmroyd)  determined  that  incorporation  of  the  pavement 
layers  significantly  reduced  the  live  load  bending  moments  and  culvert  displacements, 
however  it  did  not  reduce  the  live  load  thrust.  Given  the  magnitude  of  the  live  loading 
and  the  shallow  cover  height  above  the  culvert  crown,  the  magnitudes  of  the  culvert 
crown  displacement  and  live  load  bending  moments  also  demonstrate  the  influence  of 
the  pavement  layer.  As  can  be  seen  from  Table  9.8  (analysis  QI_17)  replacing  the 
pavement  layer  with  an  equivalent  layer  of  backfill  significantly  increases  the  live  load 
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stiffness  to  360MPa,  which  is  approximately  twice  the  stiffness  of  the  backfill,  does  not 
have  any  influence  on  the  culvert  live  load  thrust. 
These  results  suggest  that  modelling  the  pavement  as  isotropic  elastic  is  causing 
nearly  all  of  the  applied  live  load  to  be  transferred  into  the  surrounding  backfill  and 
away  from  the  culvert.  Alternatively  using  the  Mohr-Coulomb  soil  model  to  describe 
the  pavement  and  introducing  a  degree  of  yielding  in  the  elements  beneath  the  applied 
loading  is  causing  a  different  load  path  through  the  backfill  material  to  develop  and 
consequently  load  is  now  being  shared  between  the  culvert  and  backfill.  During  the 
course  of  the  load  test  no  distress  to  the  pavement  layer  through  the  action  of  the 
applied  loading  was  observed  (Temporal  and  Johnson,  1988).  Therefore,  it  is  unlikely 
that  any  significant  degree  of  yielding  (particularly  the  degree  of  yielding  required  to 
give  the  magnitude  of  live  load  thrusts  described  above)  would  have  occurred.  The 
selected  pavement  stiffness  is  considered  to  be  at  the  lower  end  of  the  range  of  stiffness 
values.  The  pavement  stiffness  was  measured  using  the  plate  load  test  and  was  found 
to  be  in  excess  of  a  constrained  modulus  of  60OMPa,  which  is  approximately  four 
times  greater  than  the  backfill  stiffness.  A  pavement  stiffness  of  540MPa  was  used  in 
analyses,  this  is  three  times  greater  than  the  backfill  stiffness.  In  the  field  the  actual 
stiffness  of  the  pavement  layer  may  be  larger  as  the  plate  test  is  not  particularly 
accurate  for  pavement  design  (Temporal  and  Johnson,  1985).  Therefore  it  is  apparent 
that  realistic  variation  of  the  pavement  parameters  will  also  not  significantly  improve 
the  live  load  thrust  predictions. 
The  poor  live  load  thrust  predictions  may  be  attributed  to  the  assumed  discretisation 
of  the  culvert  which  was  highlighted  previously  during  consideration  of  the  radial 
stress.  Currently  the  culvert  is  modelled  using  eight  rectangular  isoparametric 
elements.  As  noted  previously  limiting  the  number  of  elements  to  eight  for  such  a  long 
span  culvert  is  not  accurately  modelling  the  culvert  shape.  In  this  case  the  resulting 
shape  is  more  representative  of  a  pipe-arch  culvert  than  that  of  an  ellipse.  To 
reproduce  the  elliptical  shape  within  the  analyses  eight  isoparametric  elements  with 
curved  sides  were  used,  Fig  9.14.  As  can  be  seen  from  Fig  9.14  using  curved  elements 
has  significantly  improved  the  modelling  of  the  culvert-shape,  given  the  limitation  of 
the  number  of  elements  which  can  be  used.  The  benefits  of  using  curved  elements  are 
most  evident  at  the  culvert  sides  where  the  curvature  is  high. 
Re-modelling  the  culvert  using  more  rectangular  elements  will  improve  the  accuracy 
however  this  would  have  required  changes  to  the  subroutines  added  to  CRISP  to 
analyse  the  culvert  problem  and  due  to  time  restrictions  this  was  not  feasible.  Use  of 
the  curved  elements  within  analyses  significantly  improved  the  predictions  of  the  live 
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section  9.5. 
Throughout  the  previous  section  some  empirical  and  semi-empirical  methods  have 
also  been  used  to  estimate  the  maximum  live  load  thrust.  All  methods  used  (simple 
equilibrium  theory,  ring  compression  theory  and  Duncan's  method)  overpredicted,  the 
maximum  observed  live  load  thrust  (4OkN/m)  by  as  much  as  a  factor  of  2  (Dunc&s 
Method).  Despite  the  degree  of  overestimation  of  the  thrust  associated  with  these 
methods,  they  provide  a  better  estimate  of  the  maximum  culvert  live  load  thrust  than 
the  finite  element  analyses. 
9.5  Curved  culvert  elements 
9.5.1  Introduction 
The  remaining  sections  of  this  chapter  are  concerned  with  using  elements  with  curved 
sides  to  model  the  shape  of  the  elliptical  culvert.  Application  of  these  refined  elements 
to  the  culvert  was  not  straightforward  but  required  careful  consideration  of  the 
curvature  and  thickness  of  the  culvert  to  avoid  numerical  problems.  Details  of  how 
these  elements  were  described  and  input  into  CRISP  are  given  in  section  9.5.2.  The 
results  of  numerical  analyses  incorporating  the  curved  element  sides  are  presented  in 
section  9.5.3.  The  results  of  analyses  are  discussed  and  compared  with  the  results  of 
previous  analyses  using  rectangular  culvert  elements  in  section  9.5.4.  Conclusions 
drawn  from  these  results  are  presented  in  section  9.6. 
9.5.2  Discretisation  of  the  culvert  using  curved  elements 
In  CRISP  elements  with  curved  sides  are  specified  by  highlighting  within  the  geometry 
program  input  data  the  elements  to  have  curved  sides  and  specifying  the  co-ordinates 
of  the  nodes  which  lie  along  the  curved  sides.  Throughout  this  study  linear  strain 
elements  were  used,  therefore  the  co-ordinates  of  only  one  mid-side  node  per  side 
were  required  to  be  specified,  Fig  9.15.  Both  the  culvert  and  slip  elements  were 
specified  to  have  curved  element  sides.  To  avoid  numerical  problems  both  sides  of  the 
slip  element  were  specified  as  curved.  Having  one  element  side  curved  and  the  other 
straight,  is  not  feasible  for  either  the  culvert  or  slip  element  in  order  to  maintain  a 
constant  element  thickness,  Fig  9.16.  The  curvature  of  both  the  culvert  and  slip 
element  must  be  accurately  reproduced  within  the  mesh  as  the  elements  are  so  thin  that 
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sides  of  the  element  to  touch,  Fig  9.17.  If  this  occurs  the  analysis  will  fail.  To  avoid 
this  problem  great  care  was  taken  to  ensure  that  all  the  culvert  and  slip  element  nodes 
accurately  reproduced  the  required  degree  of  curvature  and  thickness  at  each  element. 
This  was  done  using  a  computer  program  which  translated  the  known  element  edge 
and  mid-side  nodes  of  the  previous  rectangular  culvert  mesh  onto  the  required  ellipse. 
The  co-ordinates  of  the  rectangular  elements  were  translated  in  the  direction  of  the 
radius  drawn  from  the  culvert  'origin'  to  the  element  node  in  question,  Fig  9.18.  The 
slope  of  this  radius  was  determined  from  the  known  rectangular  element  co-ordinates. 
For  this  part  of  the  operation  the  culvert  origin  was  centred  on  the  Cartesian  origin 
allowing  the  radius  to  be  described  using  a  simple  straight  line  relation,  relation  (9.3). 
mx+c  (9.3) 
where  y  and  x  are  the  y-axis  and  x-axis  Cartesian  co-ordinates;  m  is  the  slope  (or 
gradient)  of  the  radius  and  c  is  the  intercept  of  the  radius  with  the  y-axis,  in  this  case 
c--O.  O. 
The  position  of  the  translated  node  on  the  elliptical  culvert  is  therefore  defined  by  the 
point  of  intersection  of  the  chord  and  the  ellipse.  The  equation  of  an  ellipse  (centre  at 
the  origin)  is  given  by  relation  (9.4). 
2 
1_ý 
2T)  b2  (9.4) 
a 
where  a  and  b  are  the  lengths  of  the  major  and  minor  axes  of  the  ellipse,  Fig  9.18. 
Solving  relations  (9.4)  and  (9.5)  for  the  Cartesian  ordinates  x  and  y  will  give  the  co- 
ordinates  of  the  node  position  on  the  culvert.  Using  the  above  procedure  the  nodes  of 
the  inner  culvert  surface  were  defined.  The  outer  culvert  surface  nodes  (inner  surface 
for  the  slip  element)  and  outer  surface  nodes  of  the  slip  elements  were  defined  by 
increasing  the  lengths  of  the  major  and  minor  axes  of  the  ellipse  by  the  required  culvert 
and  slip  element  thickness  and  re-solving  relations  (93)  and  (9.4). 
In  this  case  the  above  method  was  used  to  define  the  co-ordinates  of  the  culvert  using 
curved  elements;  this  method  could  also  be  used  to  model  the  culvert  using  rectangular 
elements. 
Axial  forces  (thrusts)  and  bending  moments  in  the  culvert  were  estimated  at  the  centre 
of  the  culvert  elements  using  the  method  described  previously  in  chapter  7. 
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been  re-run  using  material  parameters  as  defined  previously  in  section  9.4.  The  finite 
element  mesh  used  in  analyses  is  shown  in  Fig  9.19.  As  can  be  seen  from  Fig  9.19  the 
shape  of  the  modelled  culvert  is  more  representative  of  the  actual  culvert  shape  than 
the  mesh  previously  used  (Fig  9.5).  Analyses  performed  using  the  curved  elements  are 
described  in  the  next  section. 
9.5.3  Result  with  curved  elements 
In  this  section  the  results  of  the  analysis  incorporating  elements  with  curved  sides  to 
model  the  culvert  shape  are  presented  and  discussed.  The  results  are  also  compared 
with  the  solution  obtained  using  rectangular  culvert  elements.  In  the  absence  of 
measured  construction  data,  the  main  concern  of  analyses  is  to  reproduce  the  observed 
live  load  behaviour.  Therefore,  the  discussion  in  this  section  will  tend  to  concentrate 
on  the  live  load  behaviour. 
Using  culveft  and  slip  elements  with  curved  sides,  the  initial  analysis  has  been  re-run. 
The  results  of  this  analysis  are  shown  in  Figs  9.20-9.25.  Computed  thrusts  and 
bending  moments  are  compared  with  those  observed  in  Table  9.4. 
As  can  be  seen  from  Figs  9.20-9.25  and  Figs  9.6-9.11  the  resulting  solution  obtained 
from  using  elements  with  curved  sides  to  model  the  culvert  is  different,  particularly  for 
thrust,  bending  moments  and  displacements.  However  the  computed  live  load  thrusts, 
Table  9.4,  are  in  good  agreement  with  those  observed.  Computed  bending  moments 
are  of  similar  order  of  magnitude  to  those  observed.  However  comparison  of 
quantities  of  such  a  small  magnitude  is  difficult.  The  predicted  live  load  crown 
displacement  is  in  reasonable  agreement  with  that  observed,  however,  as  with  bending 
moments  the  magnitude  of  displacement  is  very  small  (-0.01cm  observed,  -0.195cm. 
predicted). 
9.5.3.1.  Thrust  behaviour 
Using  elements  with  curved  sides  has  altered  the  distribution  of  thrust  around  the 
culvert,  Fig  9.20  and  Fig  9.6.  The  resulting  distribution  is  typically  of  a  higher 
magnitude.  The  maximum  thrust,  occurring  at  the  culvert  crown  is  nearly  1.5  times 
higher  than  that  observed  previously.  The  most  marked  differences  between  the  two 
solutions  are  the  thrusts  around  the  culvert  base,  0::  -ý  0 
--!  ý  60  degrees.  Over  the  base  of 
438 the  culvert  the  thrust  decreases  from  200kN/m  at  the  invert  becoming  negative  at  0=40 
degrees.  At  the  springline  a  double-peak  behaviour  is  observed.  Both  these 
behaviours  are  eliminated  by  increasing  the  value  of  Poisson's  ratio  of  the  backfill 
material,  Fig  9.26  (vf-0.4).  Experimental  studies  by  Beal  (1982)  have  shown  that 
negative  hoop  stress  develops  in  the  culvert  suggesting  the  backfill  is  in  tension  when 
slippage  between  the  culvert  and  surrounding  backfill  is  allowed  to  occur.  For  this 
condition  the  interface  shear  stress  will  tend  towards  zero.  As  can  be  seen  from  Fig 
9.23,  the  interface  shear  stress  over  this  region  of  the  culvert  is  approximately  equal  to 
zero.  For  Vf-0.4,  the  shear  stress  over  the  base  region  Fig  9.29  is  approximately 
constant  at  -15kPa.  Consequently,  as  can  be  seen  from  Fig  9.26,  the  thrust  over  this 
region  is  also  constant  and  of  magnitude  l20kN/m  (compressive). 
The  thrust  at  the  culvert  springline  (0=90  degrees),  Fig  9.20  may  be  attributed  to 
some  local  yielding  of  the  backfill  elements  adjacent  to  the  culvert  at  the  springline, 
which  is  initiating  a  degree  of  positive  arching.  Comparison  of  calculated  end  of 
construction  thrust  and  live  load  thrust  (255kN/m  and  20kN/m  respectively)  with  those 
obtained  from  equilibrium  theory  (365kN/m  and  60kN/m  respectively)  suggests  that  a 
high  degree  of  positive  arching  is  occurring.  The  double-peaks  occurring  at  0=70 
degrees  and  100  degrees  may  indicate  that  the  load  from  the  springline  is  being 
transferred  to  these  adjacent  areas. 
The  increase  in  the  thrust  within  the  culvert  after  application  of  the  live  load  is  small, 
maximum  50kN/rn  at  0=140degrees,  and  is  typically  confined  to  the  top  region, 
120:  5  0:  5  180  degrees,  of  the  culvert.  Using  Boussinesqs  elastic  theory  gives  a  crown 
live  load  radial  stress,  arr  equal  to  40kPa,  analyses  estimate  the  live  load  arr  at  the 
crown  is  equal  to  I  OkPa,  implying  a  degree  of  arching,  A,  equal  to  0.75  (Allgood  and 
Takahashi,  1964).  At  the  end  of  construction  a  degree  of  negative  arching,  A,  equal  to 
-0.79,  is  occurring  locally  at  the  culvert  crown. 
Duncan's  method  estimates  the  maximum  thrusts  at  the  end  of  construction  and  after 
application  of  the  live  load  to  be  435kN/m  and  72kN/m.  These  maximum  values  of 
thrust  are  similar  to  those  estimated  from  analyses. 
9.5.3.2  Radial  stress,  cFrr 
The  distribution  of  radial  stress  around  the  culvert  is  shown  in  Fig  9.22.  As  can  be 
seen  the  stress  distribution  is  different  from  that  obtained  previously,  Fig  9.8(a),  and 
the  occurrence  of  the  maximum  radial  stress  is  at  the  quarter-points.  This  distribution 
of  radial  stress  is  consistent  with  experimental  observations  performed  to  determine  the 
439 stress  distribution  around  elliptical  culverts  (Abel  et  at.,  1973  and  Richards,  1982). 
Evidently  using  elements  with  curved  sides  to  more  closely  model  the  culvert  shape  has 
significantly  improved  predictions  of  radial  stress.  Additionally,  this  solution  highlights 
the  importance  of  accurately  modelling  the  given  culvert  shape. 
9.5.3.3  Shear  stress,  Tro 
The  shear  stress  distribution  around  the  culvert,  Fig  9.23  is  similar'  to  that  obtained 
previously  using  rectangular  culvert  elements,  Fig  9.9(a).  The  magnitude  of  shear 
stress  at  the  culvert  quarter-points  (0=120degrees)  and  over  the  top  region  of  the 
culvert,  140 
_-ý 
0:  5  160  degrees  is  larger  using  culvert  elements  with  curved  sides.  This 
behaviour  may  be  attributed  to  the  different  culvert  displacement  responses  for  the 
curved  sided  and  rectangular  culvert  elements. 
9.5.3.4  Bending  moments  and  displacements 
The  distribution  of  bending  moment  around  the  culvert,  obtained  using  elements  with 
curved  sides,  is  shown  in  Fig  9.21.  As  can  be  seen  from  comparison  of  Figs  9.21  and 
9.7  this  distribution  is  significantly  lower  than  that  obtained  previously  using 
rectangular  culvert  elements.  Previously  the  maximum  bending  moment  l5kNm/m 
(Fig  9.7)  was  located  at  the  culvert  crown,  however  for  curved  culvert  elements  the 
maximum  bending  moment  (-I  I.  OkNm/m)  is  located  at  0=50  degrees.  The  reason  for 
the  marked  difference  between  the  two  bending  moment  distributions  is  the  different 
displacement  responses  of  the  culverts,  Fig  9.24  (previously  Fig  9.10)  and  Fig  9.25 
(previously  Fig  9.11),  which  have  given  rise  to  very  different  hoop  stress  distributions 
within  the  culvert,  Fig  9.32. 
As  can  be  seen  from  Figs  9.24  and  Fig  9.25  the  displacement  response  of  the  culvert 
using  curved  culvert  elements  indicates  that  the  culvert  is  being  squashed  (culvert 
crown  pushed  downwards,  forcing  the  sides  outwards)  under  the  weight  of  the  backfill 
and  applied  live  load.  Some  peaking  of  the  culvert  (culvert  sides  pushed  inwards 
forcing  the  crown  to  rise  upwards)  is  occurring  at  construction  stages  7  and  8, 
however  the  magnitude  of  crown  rise  is  small,  approximately  0.7cm.  The  rise  in  the 
crown  is  recovered  entirely  in  the  next  construction  stage  (stage  9).  Successive  culvert 
crown  and  springline  displacements  are  describing  a  behaviour  which  has  previously 
been  discussed  for  stages  1-6.  As  can  be  seen  from  Fig  9.32  this  behaviour  has 
resulted  in  a  compressive  hoop  stress  distribution  throughout  the  cross-section  of  the 
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model  the  culvert,  Fig  9.10  and  Fig  9.11,  is  very  different  from  that  obtained  using 
curved  elements.  As  can  be  seen,  typically  throughout  construction  and  after 
application  of  the  live  load  the  culvert  displacement  response  is  describing  a  behaviour 
previously  described  as  peaking.  Initial  placement  of  fill  around  the  culvert  sides 
(construction  stages  7,  and  8)  resulted  in  a  significant  inward  movement  of  the  culvert 
sides  and  rise  of  the  crown,  approximately  -1.5cm  and  6cm  respectfully.  Placement  of 
successive  layers  of  fill  and  application  of  the  live  load  only  recovered  some  2.5crn  of 
this  rise  at  the  crown.  Approximately  only  0.2cm  of  the  initial  inward  movement  of  the 
culvert  crown  was  recovered.  Using  rectangular  culvert  elements  a  hoop  stress 
distribution  across  the  culvert  which  varies  between  compressive  and  tensile  was 
obtained,  Fig  9.32. 
For  the  culvert  modelled  using  rectangular  elements  the  reason  for  such  a  difference 
in  the  culvert  displacements  and  bending  moments  is  the  greater  magnitude  of  radial 
stress  around  the  region  of  the  springline.  This  has  arisen  mainly  from  the  shape  of  the 
culvert  in  the  mesh  for  this  case.  In  this  case  the  resulting  culvert  shape  is  similar  to 
that  of  a  pipe-arch  culvert  (Mansfield,  1953  and  Richards,  1982).  For  this  shape  the 
maximum  radial  stress,  CFrr  is  located  approximately  between  the  culvert  invert  and 
springline.  Therefore,  for  such  a  culvert  shape  the  high  magnitude  of  radial  stress 
around  the  base  and  springline  of  the  culvert  will  cause  the  culvert  to  peak.  The  above 
discussion  would  suggest  that  the  difference  in  the  radial  stress  behaviour,  Fig  9.8  and 
9.22,  is  attributed  to  the  poor,  modelling  of  the  culvert  rather  than  using  curved 
elements  to  model  the  culvert.  To  investigate  this  behaviour  further  analysis  CQI 
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was  re-run  using  a  crude  approximation  of  the  elliptical  culvert  using  rectangular 
elements,  Fig 9.33.  The  results  of  this  analysis  are  shown  in  Figs  9.34  to  9.39,  and  as 
can  be  seen  the  bending  moment  and  displacement  solutions  are  similar  to  that  obtained 
previously  for  the  pipe  arch  culvert  rather  than  the  ellipse.  The  magnitudes  of  bending 
moments  and  displacements  for  this  crude  mesh  are  however  smaller.  The  radial  stress 
distribution  obtained  for  this  mesh  is  similar  to  that  obtained  using  curved  elements 
with  the  maximum  radial  stress  occurring  at  the  culvert  springline.  The  magnitude  of 
radial  stress  in  the  vicinity  of  the  springline,  60:  5  0:  5  90  degrees,  however  is  larger. 
This  implies  that  use  of  rectangular  elements  will  induce  a  larger  radial  stress 
distribution  in  this  region  than  curved  elements.  This  difference  in  behaviour  has  arisen 
from  the  different  shape  or  interpolation  functions  associated  with  the  rectangular  and 
curved  slip  elements  adjacent  to  the  culvert. 
In  a  displacement  method  finite  element  program  like  CRISP  the  stiffhess  matrix,  K  is  a 
function  of  the  shape  functions.  Therefore  the  stiffness  matrices  of  the  rectangular  and 
441 curved  elements  are  different  and  will  give  rise  to  different  stress  and  displacement 
solutions.  The  different  shape  functions  and  hence  stiffhess  matrices  associated  with 
the  curved  culvert  and  slip  elements  are  the  main  reason  for  the  markedly  different 
culvert  hoop  stress  and  to  a  lesser  extent  the  radial  stress  distributions. 
As  previously  described  elements  with  curved  sides  were  used  to  improve  the 
numerical  modelling  of  the  culvert  through  an  improved  shape  function.  Given  the 
limitations  of  the  chosen  method  used  to  discretise  the  culvert  it  was  considered  that 
this  method  would  result  in  greater  accuracy  than  that  achieved  using  rectangular 
culvert  elements.  Therefore  this  would  suggest  that  the  resulting  bending  moment  and 
displacement  solutions  obtained  using  curved  elements  are  closer  to  the  actual  solution 
than  obtained  using  rectangular  elements.  Using  rectangular  elements  to  model  the 
culvert  did  not  result  in  any  increase  in  the  bending  moment  after  application  of  the  live 
load.  Using  curved  culvert  elements  a  small  change  was  observed  which  was  in  good 
agreement  which  that  observed.  In  the  absence  of  any  information  concerning  the 
construction  induced  bending  moments  little  can  be  said  of  the  predicted  bending 
moments  during  construction  for  either  the  curved  or  rectangular  culvert  elements. 
9.5.4  Discussion 
Based  on  available  field  data  numerical  analyses  using  culvert  elements  with  curved 
sides  are  a  significant  improvement  on  the  previous  solution  and  has  provided  a  good 
estimate  of  the  observed  live  load  behaviour.  The  curved  elements  appear  to  have 
resulted  in  better  numerical  modelling  of  the  culvert  shape  through  improved  shape  or 
interpolation  functions  describing  the  culvert  element  behaviour.  It  is  from  these 
functions  that  the  culvert  element  stiffness  matrices  are  obtained. 
The  difference  between  numerical  solutions  provided  by  curved  and  rectangular 
elements  is  significant  and  may  indicate  that  switching  to  curved  elements  has  indirectly 
altered  some  other  aspect  of  the  mesh  and/or  analyses.  Numerical  studies  performed 
by  Sloan  and  Randolph  (1982)  to  determine  collapse  loads  using  an  elastic,  perfectly 
plastic  soil  model  and  quadrilateral  elements,  have  found  that  'locking-up'  of  elements 
can  occur  due  to  stress  concentrations  in  areas  of  the  mesh  where  the  change  of  shape 
is  significant  and  produces  an  edge  (or  discontinuity).  Using  curved  culvert  elements 
has  effectively  eliminated  edges  with  the  culvert  mesh  and  as  a  result  a  more  even  and 
realistic  stress  distribution  around  the  culvert  may  have  developed.  This  behaviour 
may  be  implied  from  Fig  9.32,  which  illustrates  the  hoop  stress  distribution  at  the 
centre  of  curved  and  rectangular  culvert  elements.  As  can  be  seen  from  Fig  9.32  the 
hoop  stress  distribution  for  the  curved  elements  is  less  erratic  and  describes  a  more 
442 even  distribution  of  hoop  stress  than  that  described  for  the'rectangular  culvert 
elements.  Further  investigations  of  this  behaviour  are  recommended. 
Computed  values  of  culvert  bending  moment  are  small,  typically  less  than  2kNm/m, 
except  0<50,  degrees,  for  the  construction  and  live  load  behaviour  combined.  This 
magnitude  is  not  consistent  with  experimental  observations  obtained  from  field  studies 
performed  on  flexible  culverts  at  similar  cover  depths  (Beal,  1982).  Beal  reports  a 
maximum  bending  moment  of  24kNnVm  for  a  cover  depth  of  1.8m,  however  in  this 
field  study  no  pavement  layers  were  present.  Johnson  et  al.  (1988)  report  that  the 
presence  of  pavement  layers  reduced  the  maximum  bending  moment  by  approximately 
50%.  Applying  this  to  the  observations  reported  by  Beal  gives  a  maximum  moment  of 
l2kNni/m  which  is  still  significantly  larger  than  that  obtained  from  numerical  analyses 
described  in  this  section. 
In  numerical  analyses  bending  moments  are  estimated  from  the  hoop  stress,  CTOO, 
distributions  sampled  at  the  three  Gauss  integration  points  located  across  the  centre 
cross-section  of  the  culvert  element.  It  was  shown  previously  that  the  hoop  stress 
distribution  throughout  the  culvert  was  compressive  and  variation  of  the  hoop  stress 
across  the  culvert  cross-section  was  small.  Computed  culvert  displacements  were  also 
small.  Direct  comment  on  the  method  of  analysis  to  describe  flexible  culvert  behaviour 
is  difficult  in  the  absence  of  construction  data.  However,  comparison  with 
observations  reported  by  Beal  (1982)  suggests  that  in  analyses  the  resulting  culvert 
stiffness  matrices  for  the  curved  elements  are  unrepresentative  of  the  culvert  and  are 
predicting  an  over  stiff  culvert  response  to  the  loading.  The  effect  of  this  could  be 
compensated  by  reducing  the  value  of  Young's  modulus  for  the  culvert,  Ec.  ý  This  will 
reduce  the  value  of  the  "D"  matrix,  elastic  stress-strain'matrix,  and  consequently 
through  relation  (9.5)  reduce  the  magnitude  of  the  element  stiffhess  matrix,  K. 
K=f  (B  T  DB)d(vol)  (9.5) 
v 
where  B  is  the  strain  matrix  (or  more  simply  the  V  matrix)  and  is  obtained  by 
differentiating  the  shape  function  matrix,  N  and  BT  is  the  transpose  of  the  strain  matrix. 
The  culvert  Young's  modulus  or  stiffness,  Ec  was  not  altered  following  the  use  of 
curved  sided  elements  to  model  the  culvert  shape.  The  culvert  stifffiess  was  estimated 
previously  using  the  method  described  in  chapter  7,  assuming  an  equivalent  rectangular 
culvert  element.  Some  reduction  in  the  culvert  stiffness,  Ec  may  be  required  if  the 
culvert  is  to  be  modelled  using  curved  sided  elements.  However,  further  work  needs 
to  be  performed  in  order  to  define  the  influence  of  the  culvert  stifffiess  on  the  predicted 
solution. 
443 Reducing  the  culvert  stiffness  will  increase  the  strains,  both  bending  and  ring 
compression  strain,  induced  in  the  culvert  during  construction  and  after  application  of 
the  live  load  (Jeyapalan  and  Boldon,  1986). 
Use  of  this  case  history  has  highlighted  many  of  the  deficiencies  associated  with  the 
chosen  method  used  to  describe  flexible  culvert  behaviour.  Curved-sided  culvert 
elements  were  used  because  it  was  recognised  that  the  current  use  of  a  maximum  of 
eight  rectangular  elements  to  discretise  the  culvert  was  inadequate  for  the  long  span 
culvert  described  in  this  study.  As  previously  noted  a  better  discretisation  technique 
would  be  to  use  16  or  more  rectangular  elements  to  describe  the  culvert.  Katona  et  al. 
(1976)  suggest  the  use  of  at  least  ten  elements  to  describe  the  culvert.  Thiswouldalso 
provide  a  check  on  the  performance  of  the  curved-sided  culvert  elements  used  here. 
An  estimation  of  bending  moments  is  important  for  long  span  flexible  culverts  under 
shallow  cover  conditions,  particularly  during  the  early  stages  of  construction  (Duncan, 
1979  and  Beal,  1982).  Throughout  this  study  bending  moments  have  been  estimated 
indirectly  using  the  hoop  stress  distributions  across  the  centre  of  a  culvert  element. 
Culvert  elements  are  linear  strain,  eight  noded  isoparametric  elements  and  do  not  allow 
direct  estimation  of  bending  moment  (or  rotation)  within  the  element.  Such  an  element 
has  only  two  degrees  of  freedom,  described  by  vertical  and  horizontal  movements  u 
and  v,  Fig  9.40.  Using  these  elements  to  estimate  the  bending  moment  throughout  the 
culvert  can  introduce  inaccuracies,  particularly  if  the  aspect  ratios  of  the  elements  are 
large.  A  better  approximation  of  bending  within  the  culvert  could  be  achieved  through 
the  use  of  a  beam  element  which  has  three  degrees  of  freedom  described  by  u,  v,  and  0, 
Fig  9.41,  where  0  is  the  rotational  degree  of  freedom.  Rotations  and  consequently 
bending  moments  across  a  culvert  element  can  then  be  obtained  directly  from  analyses. 
Beam  elements  were  used  successfully  by  Britto  (1990)  to  model  flexible  culvert 
behaviour  under  deep  cover  conditions.  Fig  9.42-Fig  9.44. 
An  alternative  to  the  beam  element  is  a  multi-node  isoparametric  element  which  has 
as  many  degrees  of  freedom  as  the  beam  element  and  may  be  either  curved  or  straight. 
Use  of  this  element  type  to  describe  culvert  behaviour  is  described  by  Mohamedzein 
(1989).  Full  details  of  the  finite  element  formulation  of  this  element  is  found  in  Bathe 
(1982);  Weaver  and  Johnston  (1984)  and  Mohamedzein  (1989).  It  is  not  known  if  this 
element  has  been  implemented  in  CRISP. 
Throughout  the  flexible  culvert  study  (chapters  8  and  9)  the  main  concern  of  analyses 
has  been  to  reproduce  the  live  load  behaviour.  Consequently,  analyses  have 
concentrated  on  the  end  of  construction  and  combined  end  of  construction  and  live 
load  results.  Neither  of  these  results  necessarily  constitutes  a  worst-case  solution  for 
444 design.  In  design  the  distress  caused  to  the  culvert  during  the  construction  procedure 
is  of  most  concern.  The  influence  of  any  live  loads  on  the  culvert  is  typically  very  small 
compared  with  the  effect  of  the  construction  procedure.  As  can  be  seen  from  Fig 9.45 
the  maximum  construction  thrust  developed  in  the  culvert  which  coincides  with 
application  of  the  compaction  pressures  (I  OOkPa)  and  occurs  at  the  culvert  springline, 
is  approximately  2.5-3.0  times  larger  than  that  induced  by  the  live  load.  From  analyses 
the  maximum  thrust  imposed  on  the  culvert  is  approximately  1075kN/m  and  occurs 
during  the  compaction  or  pressing  of  the  pavement  bituminous  layer,  construction 
stage  12.  Clearly  the  selection  and  design  of  a  suitable  culvert  must  be  based  on  these 
maximum  thrusts.  Ring  compression  theory  (White  and  Layer,,  1960)  and  Dunc&s 
design  method  (Duncan,  1979)  give  maximum  thrusts,  taking  into  account  the 
compaction  pressures,  of  700kN/rn  and  600kN/m  respective. 
As  for  the  thrusts,  maximum  displacements  and  consequently  bending  moments  are 
occurring  during  the  construction  process.  In  this  case  maximum  culvert 
displacements  (crown  and  springline)  are  occurring  at  approximately  construction 
stage  8,  which  coincides  with  placement  of  the  backfill  up  to  the  level  of  the  culvert 
quarter-points.  Maximum  bending  moment  is  occurring  at  construction  stage  12, 
during  the  compaction  of  the  pavement  layers. 
Therefore,  in  order  to  determine  the  most  adverse  effects  on  the  culvert,  the  design 
process  needs  to  follow  the  behaviour  of  the  culvert  through  construction  and  up  to 
the  completed  structure.  Of  all  the  methods  used  to  analyse  the  culvert  behaviour  the 
finite  element  approach  has  provided  the  most  comprehensive  design  approach. 
However,  the  overall  accuracy  of  the  finite  element  approach,  in  the  absence  of 
observed  construction  data,  cannot  be  properly  assessed.  If  the  maximum  thrust 
computed  using  analyses  is  representative  of  the  in-field  culvert  behaviour  then 
empirical  methods,  ring  compression  theory  and  Duncarfs  design  method, 
underestimate  the  maximum  thrust  behaviour  in  the  absence  of  a  factor  of  safety  of  two 
or  more.  As  has  been  shown  here  live  load  effects  are  small  and  may not  require 
rigorous  analysis  to  determine  their  effects. 
445 9.6  Conclusions 
Using  the  adopted  method  of  flexible  culvert  analysis  a  long  span  flexible  culvert  under 
low  cover  conditions  has  been  analysed.  Predictions  of  the  culvert  live  load  behaviour 
have  been  compared  with  measured  data.  No  data  were  available  for  the  construction 
procedure.  From  comparison  of  the  computed  and  observed  responses  conclusions 
have  been  drawn  which  have  implications  for  the  method  used  to  describe  flexible 
culvert  behaviour. 
Based  on  available  field  data  the  adopted  approach  used  to  discretise  the  culvert  using 
eight  rectangular  elements  was  found  to  be  inaccurate.  An  improved  solution,  in  this 
case,  was  obtained  using  curved-sided  culvert  elements  which  resulted  in  better 
numerical  modelling  of  the  culvert  through  improved  shape  or  interpolation  functions 
describing  the  culvert  element  behaviour.  The  inaccuracy  associated  with  using 
rectangular  elements  to  model  the  culvert  was  identified  by  comparing  predictions  of 
the  culvert  radial  stress  distribution  with  data  available  from  published  culvert  case 
histories  (Abel  et  al.,  1973  and  Beal,  1982). 
Using  curved-sided  culvert  elements  predicted  values  of  the  construction  bending 
moments  were  significantly  reduced  from  that  obtained  previously  using  rectangular 
elements.  Due  to  the  absence  of  observed  construction  data  no  conclusion  can  be 
drawn  from  this  result.  However,  comparison  with  observations  reported  by  Beal 
(1982)  suggests  that  in  numerical  analyses  the  stiffness  matrices  for  the  curved-sided 
culvert  are  unrepresentative  and  are  predicting  an  over  stiff  culvert  response  to  the 
loading. 
A  more  accurate  approach  to  modelling  the  culvert,  and  which  would  give  a  more 
accurate  description  of  culvert  bending  moments,  is  to  use  a  beam  element  (Britto, 
1990)  and/or  a  multi-noded  isoparametric  element  (Mohamedzein,  1989).  Each  of 
these  elements  includes  a  rotational  degree  of  freedom,  0,  which  will  allow  direct 
estimation  of  bending  moments  generated  within  the  culvert. 
The  improvements  associated  with  the  use  of  curved-sided  culvert  elements  may  have 
significant  implications  on  the  results  of  the  culvert  analyses  described  in  chapter  8. 
The  Mytholmroyd  culvert  described  in  chapter  8  was  not  described  using  curved-sided 
elements.  The  problems  associated  with  the  discre 
' 
tisation  of  the  culvert  described  in 
chapter  9  were  not  encountered  in  chapter  8.  In  chapter  8  adjustment  of  the  backfill 
parameters  was  sufficient  to  generate  the  observed  magnitude  of  thrust  and 
displacements.  This  may  imply  that  the  adopted  approach  used  to  discretise  the  culvert 
(eight  rectangular  elements)  is  reasonable  for  short  to  medium  span  culverts,  S<10. 
However,  in  chapter  8  the  resulting  optimum  set  of  material  parameters  is  considered 
446 to  be  unrealistic  and  not  entirely  descriptive  of  the  backfill  material.  Re-modelling  the 
Mytholmroyd  culvert  with  curved-sided  elements  may  amend  this  problem. 
Analyses  have  identified  that  the  finite  element  discretisation  of  the  culvert  is 
important  and  has  a  significant  influence  on  the  predicted  solution.  Consequently, 
further  investigation  into  the  finite  element  modelling  of  the  culvert  is  required.  The 
main  points  which  need  to  be  considered  are  the  number  and  type  of  elements  required 
to  accurately  describe  the  culvert. 
Analyses  have  determined  that  the  main  concern  of  flexible  culvert  design  should  be  the 
construction  procedure  and  not  the  effect  of  the  live  load.  During  construction  the 
induced  thrusts  were  found  to  be  some  2.5-3.0  times  greater  than  those  induced  within 
the  culvert  after  application  of  the  live  load.  As  a  result,  rigorous  finite  element 
analysis  of  the  influence  of  the  live  load  on  the  culvert  behaviour  may  not  be  necessary. 
Additionally,  Duncan!  s  design  met-hod  (Duncan,  1979)  provided  a  good  description  of 
the  culvert  live  load  behaviour. 
Back  analyses  have  been  performed  with  limited  observed  culvert  data.  Observed 
data  are  limited  to  the  live  load  behaviour  and  include  thrusts,  bending  moments  and 
displacements.  As  mentioned  previously  in  chapter  8  (section  8.6)  given  the 
complexity  of  culvert/soil  interaction  and  scale  of  problems  which  have  arisen  the 
available  data  may  be  insufficient  to  suitably  assess  the  accuracy  of  analyses.  More 
appropriate  trial  loading  data  should  include  the  construction  behaviour  of  the  culvert 
and  an  accurate  description  of  the  stress  history  induced  within  the  backfill.  The 
construction  behaviour  is  important  and  as  a  result,  the  success  of  a  developed 
modelling  approach  should  be  assessed  on  this  behaviour. 
As  in  chapter  8  values  of  Young's  modulus  of  the  backfill  were  estimated  from  in  situ 
plate  loading  test  data.  Values  of  Youngýs  modulus  for  the  pavement  layers  were 
selected  from  published  data  which  describe  in  situ  plate  load  tests  performed  on 
similar  backfill  material. 
A  value  of  Poisson's  ratio  for  the  backfill  material  was  selected  on  the  basis  of  the 
results  of  parametric  studies  performed  previously  in  chapter  8.  A  value  of  Vf-0.2  was 
used.  As  discussed  previously,  this  value  of  Poisson's  ratio  is  not  entirely  consistent 
for  a  Mohr-Coulomb  soil  nor  with  that  which  would  be  obtained  using  relation  (8.6) 
and  Fig  2.2. 
447 Table  9.1  Details  of  Quy  Water  culvert  (Temporal  and  Johnson,  1988) 
CULVERT  PROPERTY  QUY  WATER  CULVERT 
CULVERT  PROFILE  HORIZONTAL  ELLIPSE 
SPAN,  S(m)  9.83 
TOP  RADIUS,  R(m)  6.27 
DEPTH  OF  COVEP,  H(m)  1.90 
PLATE  TIUCKNESS,  t(mm)  7.0 
CORRUGATIONS  (mm)  152.4x5O.  8 
MOMENT  OF  INERTIA  (mm4/mm)  2718 
AREA  OF  SECTION  (mm24p*  8.17 
LONGITUDINAL  SEAMS  2 
CULVERT  MATERIAL  STEEL 
YOUNGSMODULUS,  E(GPa)  205 
YIELD  STRESS,  a  (kPa)  215 
Table  9.2  Details  of  backfill  material  (Temporal  and  Johnson,  1988) 
PROPERTY  BACKFILL 
BACKFILL  MATERIAL  SAND  AND  GRAVEL 
IN  SITU  BULK  DENSITY  (Mg/m3)  2.08 
IN  SITU  DRY  DENSITY  (Mg/m3)  1.99 
IN  SITU  MOISTURE  CONTENT  (%)  4.7 
MAXIMUM  DRY  DENSITY  (Mg/m3)  2.21 
OPTIMUM  MOISTURE  CONTENT  (%)  7.5 
IN  SITU  DRY  DENSITY  (Mg/m3)  T  0.9 
Table  9.2(b)  Initial  values  of  backfill  material  parameters 
SOIL  MODEL  PARAMETER 
STRUCTURE  Ff 
(kPa) 
vi  f  cl  f 
(kPa) 
Vf 
(degrees) 
Yf  Wf 
(degrees) 
BACKFILL  l80xlo3  0.2  0.2  40  20  -10 
Table  9.3  Culvert,  Thrust  beams  and  pavement  layer  material  parameters 
ISOTROPIC  LINEAR  ELASTIC  PROPERTIES 
STRUCTURE  E  (kPa)  v  G'(kPa)  y  (kN/m3) 
CULVERT  20.5x106  0.3  7.7xlo6  - 
THRUST 
BEAMS 
25x106  0.2  10.4x106  21 
PAVEMENT  540xlo3--  [-O.  35  200x103  22 
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10.  Conclusions 
10.1  Introduction 
From  the  work  presented  in  this  thesis  conclusions  have  arisen  which  arc  common  to 
both  the  soft  clay  and  flexible  culvert  analyses.  These  conclusions  are  presented  and 
briefly  discussed  in  this  chapter  (section  10.2).  Additionally,  recommendations  for 
future  improvements  to  modelling  problems  of  soil/structure  interaction  are  also 
presented  (section  10.3). 
10.2  Conclusions 
Conclusions  can  be  drawn  which  have  implications  for  the  general  application  of  finite 
element  analysis  to  geotechnical  problems;  parameter  selection  for  numerical  analyses; 
and  the  role  and  requirements  of  the  soil  model  for  predicting  soil  behaviour. 
10.2.1.  General  application  of  finite  element  analysis  and  modelling  assumptions 
The  application  of  finite  element  analysis  to  geotechnical  problems  is  not 
straightforward,  but  requires  an  understanding  of.  the  physical  problem  being 
analysed;  the  finite  element  method;  and  the  constitutive  soil  model  being  used  to 
describe  the  problem.  The  learning  curve  is  steep  and  in  a  commercial  environment 
time  constraints  very  often  compel  users  to  treat  finite  element  systems  as  a  "black 
box".  During  the  initial  stages  of  this  thesis  it  was  found  that  this  approach  is 
potentially  disastrous.  Consequently,  it  is  urged  that  every  effort  is  made  by  the  user 
to  at  least  gain  an  appreciation  of  finite  elements  prior  to  embarking  on  any  analyses. 
Throughout  this  study  the  back  analyses  have  been  performed  following  the 
prediction  process  outlined  by  Lambe  (1973).  However,  for  each  of  the  case  histories 
described,  the  geometric  modelling  of  the  trial  loadings  has  not  been  discussed  in 
476 detail.  Omission  of  the  modelling  stage  from  the  main  discussion  was  not  intended  to 
relegate  its  importance.  This  stage  of  the  predictive  process  is  important  and  care 
should  be  taken  to  ensure  that  the  chosen  geometry  and  detail  of  the  finite  element 
mesh  is  sufficient  to  provide  accurate  results.  This,  requires  that  particular  attention  is 
given  to  the  number  (and  type)  of  elements  used  to  describe  the  foundation,  and  the 
distance  to  the  boundaries  of  the  mesh  in  relation  to  the  imposed  loadings. 
Minimising  the  influence  of  these  aspects  on  the  results  is  an  iterative  process  which 
depending  on  the  complexity  of  the  geometry  of  the  problem  can  also  be  time 
consuming. 
In  this  study  the  trial  loadings  have  been  modelled  using  plane  strain  analyses. 
Imposing  the  condition  of  plane  strain  on  analyses  was  a  convenient  assumption  which 
reduces  the  problem  to  two  dimensions,  therefore  removing  the  complexities 
associated  with  three  dimensional  modelling.  Based  on  available  trial  loading  data 
plane  strain  analyses  describing  the  soft  clay  studies  provided  reasonable  results.  As  a 
result,  more  complex  three  dimensional  modelling  of  these  loadings  was  considered  to 
be  unnecessary.  The  assumption  of  plane  strain  may  be  too  simplistic  for  the  flexible 
culvert  analyses,  particularly  in  view  of  the  complex  behaviour  induced  within  the 
backfill  during  the  compaction  procedure.  Restricting  the  compaction  process  to  two 
dimensions  is  not  an  accurate  representation  of  this  process.  Consequently,  modelling 
the  culvert  behaviour  and  the  compaction  procedure  in  three  dimensions  may  have 
provided  more  accurate  results. 
10.2.2.  Soft  clay;  necessary  requirements  of  a  soil  model 
Full  conclusions  for  the  soft  clay  studies  were  presented  in  chapter  6,  therefore  only  a 
brief  summary  of  the  main  conclusions  is  presented  below. 
In  chapters  3,4  and  5  (soft  clay)  the  modified  Cam  clay  soil  model  was  used  to 
provide  predictions  of  the  essential  elements  of  the  observed  behaviour  which 
comprised:  settlements;  horizontal  deformations;  and  excess  pore  water  pressures. 
The  features  of  the  modified  Cain  clay  soil  model  were  sufficient  to  provide 
reasonable  predictions  of  the  observed  foundation  behaviour  described  in  chapter  3. 
However,  in  chapters  4  and  5  (Cubzac-les-Ponts  trial  embankments)  horizontal 
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suggesting  that  for  embankment  type  loads  the  modified  Cam  clay  soil  model  is  not 
appropriate  if  reasonable  simultaneous  prediction  of  the  essential  elements  of  the 
foundation  behaviour  is  required.  The  elements  of  soil  behaviour  thought  necessary  to 
be  included  within  a  numerical  model  to  provide  reasonable  predictions  of  soft  clay 
foundation  behaviour  under  embankment  loads  are:  anisotropy;  viscosity;  and  degree 
of  saturation  (Gens,  1994).  Non-linear  elasticity,  is  also  thought  to  be  a  necessary 
ingredient  (Jardine  et  al.,  1984  and  1986  and  Al-Tabba  and  Wood,  1989). 
10.2.3.  Site  investigation  and  laboratory  test  data 
In  chapter  3  the  exercise  of  applying  finite  elements  to  the  trial  loading  was  further 
complicated  by  sparse  site  investigation  and  laboratory  test  data  which  were 
insufficient  to  meet  the  demands  of  the  soil  model  used  (modified  Cam  clay).  The 
extent  of  site  investigation  and  laboratory  testing  conducted  at  the  trial  loading  site 
was  probably  greater  than  average.  Consequently,  the  detail  of  the  site  investigation 
and  laboratory  testing  should  reflect  the  demands  of  the  soil  model  chosen  to  describe 
the  foundation  behaviour.  This  approach  will  therefore  require  that  from  the  outset  the 
complexity  of  the  intended  analyses  is  clearly  defined.  For  example,  analyses  using 
the  Cam  clay  soil  model  require  accurate  estimates  of  the  soil  parameters  describing 
the  elastic  and  plastic  behaviour.  Additionally,  transition  of  elastic  to  plastic  strains 
(yield)  also  requires  an  accurate  description,  particularly  for  normally  consolidated 
soils  where  plastic  strains  were  found  to  dominate  the  behaviour.  The  Cam  clay  soil 
model  also  requires  an  accurate  description  of  the  initial  in  situ  soil  stresses.  In  Cam 
clay  the  elastic  stiffness  is  stress  dependent,  therefore  an  accurate  estimate  of  the  in 
situ  stresses  is  required  to  define,  as  accurately  as  possible,  the  initial  elastic  stiffness 
of  the  soil.  Additionally,  for  a  normally  consolidated  soil  the  initial  stress  state  will  lie 
on  or  close  to  the  yield  locus,  therefore  to  avoid  overestimating  or  underestimating  the 
magnitude  of  plastic  strains  the  initial  stresses  should  be  accurately  defined. 
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In  chapters  8  and  9  the  simple  linear  elastic,  perfectly  plastic  Mohr-Coulomb  soil 
model  has  been  used  to  describe  the  behaviour  of  granular  backfill  surrounding 
flexible  culverts.  Using  this  soil  model  reasonable  estimates  of  the  observed  culvert 
behaviour  have  been  obtained.  These  predictions,  however,  were  based  on  soil 
parameters  which  were  considered  to  be  unrealistic  and  not  descriptive  of  the  backfill 
material.  The  simple  Mohr-Coulomb  soil  model  is,  therefore,  considered  to  be 
inappropriate  for  describing  the  culvert/backfill  behaviour.  Much  of  the  inadequacy  of 
the  Mohr-Coulomb  soil  model  is  thought  to  emerge  from  the  simple  description  of  soil 
elasticity  (Hooke's  Law);  for  all  pre-yield  stress  states  the  elastic  stiffness  remains 
constant.  It  has  long  been  recognised  that  elastic  stiffness  (described  through  Of  and 
Vf)  varies  with  stress  level.  Further  inadequacy  of  the  Mohr-Coulomb  soil  model  is 
thought  to  emerge  due  to  the  absence  of  a  mean  stress  cap  yield  surface.  During  the 
construction  process  volumetric  strains  dominate,  consequently  in  the  absence  of  a 
mean  stress  cap  unlimited  elastic  volumetric  strains  occur. 
During  the  construction  process  the  backfill  is  undergoing  many  cycles  of  loading 
and  unloading.  ýA  standard  feature  of  a  loading  and  unloading  cycles  (even  on  elastic 
load  cycles)  is  hysteresis.  Studies  of  compaction  induced  stresses  within  backfills 
surrounding  flexible  culverts  (Seed  and  Duncan,  1986)  indicate  that  to  provide  ý  an 
accurate  description  of  the  stresses  induced  within  the  backfill  during  the  construction 
procedure  hysteresis  should  be  considered.  Inclusion  of  this  feature  of  soil  behaviour 
within  a  numerical  framework  becomes  especially  important  if  non-linear  elasticity 
(both  Of  and  Vf  varying  with  stress  level)  is  also  incorporated. 
In  summary  the  necessary  elements  of  soil  behaviour  required  within  a  soil  model  to 
simultaneously  predict  the  essential  elements  of  flexible  culvert  behaviour  (thrusts, 
bending  moments  and  displacements)  are  thought  to  be:  non-linear  elasticity  (both  E'f 
and  Vf  varying  with  stress  level);  a  mean  stress  cap  yield  surface;  and  the  inclusion  of 
hysteresis. 
Back  analysis  of  the  flexible  culvert  behaviour  has  been  performed  with  limited  data. 
Data  were  only  available  for  the  live  load  behaviour.  As  previously  discussed  in 
chapter  8  (section  8.6),  assessing  the  ability  of  the  developed  approach  on  these  data 
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behaviour  on  the  flexible  culvert. 
10.2.5.  Empirical  and  semi-empirical  hand  calculation  methods 
In  chapters  4  and  5  accurate  estimates  of  the  observed  horizontal  displacements  and 
excess  pore  water  pressures  were  obtained  by  using  empirical,  hand  calculation 
methods  (Leroueil  et  al.,  1986).  These  methods  are  based  on  the  observed  behaviour 
of  many  trial  embankments  on  soft  clay  foundations.  Using  the  empirical  methods, 
predictions  of  horizontal  movements  and  excess  pore  water  pressures  were  more 
accurate  than  those  obtained  from  analyses. 
In  chapters  8  and  9  (flexible  culverts),  hand  calculations  performed  using  a  semi- 
empirical  method  (Duncan,  1979)  provided  reasonable  predictions  of  the  maximum 
observed  live  load  thrust  and  bending  moment  generated  within  the  culvert.  For  the 
Quy  water  culvert  (chapter  9),  the  semi-empirical  method  was  initially  significantly 
more  accurate  than  analyses. 
It  is  recognised  that  in  Great  Britain  flexible  culvert  design  is  very  rarely  performed 
using  finite  element  analysis.  A  typical  design  follows  a  standard  hand-calculation 
which  assumes  that  a  condition  of  negative  arching  will  develop,  and  such  a  design  is 
liked,  to  be  conservative.  However  given  the  level  of  complexity  required  to  provide  a 
more  economic  design  using  finite  element  analysis,  engineers  are  unlikely  to  favour 
the  adoption  of  finite  elements  in  culvert  design. 
In  view  of  the  above  discussion,  established  hand  calculations,  particularly  those  based 
on  experimental  observations,  remain  powerful  design  tools.  For  the  studies  presented 
in  this  thesis,  the  accuracy  of  these  methods  does  question  the  need  for  detailed  finite 
element  analysis.  Additionally,  for  most  designs  the  accuracy  provided  by  the  hand 
calculations  described  would  be  sufficient. 
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In  this  section  recommendations  for  future  work  which  are  thought  to  be  required  to 
improve  predictions  of  soil  behaviour  using  finite  element  analysis  are  briefly 
discussed. 
10.3.1.  Soft  clay 
Back  analyses  of  trial  loading  data  for  two  common  geotechnical  structures  on  soft 
clay  foundations  have  been  performed.  Similar  studies  should  be  extended  to  include 
other  geotechnical  structures  such  as  retaining  structures,  piles  and  buried  structures 
(culverts,  pipes  and  tunnels),  constructed  on  soft  clay  foundations,  therefore 
constructing  a  data  base  for;  parameter  selection  techniques  for  a  particular  problem 
(using  an  optimisation  procedure),  and  identifying  the  necessary  requirements  of  soil 
models  to  provide  accurate  predictions.  Additionally,  ftu-ther  studies  should  be 
performed  using  soil  models  incorporating  anisotropic  elasticity,  degree  of  saturation, 
and  elastic  non-linearity  (especially  for  the  flexible  culvert  studies),  and  viscosity. 
Anisotropic  elasticity,  degree  of  saturation  and  elastic  non-linearity  are  elements  of 
soil  behaviour  considered  to  be  most  useful  for  describing  the  initial  (construction 
stage)  behaviour  of  a  soft  clay  foundation.  Inclusion  of  these  elements  of  soil 
behaviour  within  a  numerical  framework  should  provide  improved  predictions  of 
horizontal  displacement  and  excess  pore  water  pressures  in  the  short  term.  Viscosity 
is  unlikely  to  be  useful  within  a  numerical  framework  until  plastic  strains  are 
occurring.  Consequently,  viscosity  is  a  feature  of  soil  behaviour  which  should  be 
included  if  predictions  of  the  long  term  (consolidation)  behaviour  are  required. 
Inclusion  of  these  elements  of  soil  behaviour  within  a  numerical  framework  will 
result  in  additional  soil  parameters.  As  a  result,  available  soil  data  will  need  to  be 
sufficiently  detailed  from  which  to  select  the  necessary  soil  parameters.  The  level  of 
soils  data  required  should  be  similar  to  that  obtained  for  the  trial  embankments 
constructed  at  Cubzac-les-Ponts  (Shahanguian,  1980).  Additionally,  in  order  to 
accurately  assess  the  influence  of  the  inclusion  of  the  elements  of  soil  behaviour 
described  above,  trial  loading  data  will  need  to  be  detailed,  similar  to  that  obtained  at 
481 Cubzac-les-Ponts.  Available  data  obtained  from  the  trial  loading  described  in  chapter 
3  are  considered  to  be  insufficient  to  properly  assess  the  influence  of  the  more 
complex  aspects  of  soil  behaviour. 
10.3.2.  Flexible  culverts 
Further  back  analysis  of  flexible  culvert  trial  loading  data  using  the  method  of  analysis 
described  in  this  thesis  is  considered  to  be  unnecessary  given  the  problems  which  have 
been  encountered.  However,  given  the  general  acceptance  of  using  the  Mohr- 
Coulomb  soil  model  to  describe  soil  plasticity,  adaptation  of  the  method  to  incorporate 
the  features  described  previously  is  recommended.  The  main  concern  of  improving 
the  current  method  of  analysis  should  be  to  provide  a  reasonable  description  of  the 
culvert  construction  behaviour.  Consequently,  inclusion  of  a  mean  stress  cap  yield 
surface,  non-linear  elasticity  and  inelasticity  (or  kinematic  plasticity)  are  important, 
However,  to  limit  the  complexity  of  the  developed  method  the  first  two  features,  mean 
stress  cap  and  non-linear  elasticity  may  be  considered  as  a  first-estimate  of  the 
culvert/backfill  behaviour. 
Further  improvements  of  the  developed  approach  may  be  achieved  through 
modelling  of  the  interaction  problem  in  three  dimensions.  This  will  enable  the 
compaction  process  to  be  more  accurately  modelled.  In  three  dimensional  analyses 
the  compaction  loading  can  be  applied  consecutively  to  backfill  elements,  therefore 
representing  the  transient  and  finite  extent  of  the  compaction  loading.  Using  this 
modelling  approach  the  influence  of  the  longitudinal  behaviour  of  the  culvert  can  also 
be  properly  assessed.  However,  three  dimensional  modelling  does  introduce 
complications  into  the  numerical  analyses,  mainly  in  relation  to  the  type  of  finite 
element  required  to  describe  the  culvert.  In  three  dimensions  the  culvert  is  now  a 
shell  structure,  consequently,  a  higher-order  finite  element  (shell  element)  is  required. 
These  types  of  element  are  not  available  in  the  standard  version  of  CRISP,  therefore 
an  alternative  finite  element  program  which  can  accommodate  these  higher  order 
elements'will  need  to  be  used.  A  finther  restriction  associated  with  three  dimensional 
modelling  is  the  significant  increase  in  computational  time. 
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